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PREFACE TO FIRST EDITION 


This book has been written for use in a course in Reinforced Concrete 
Design of 270 hours of lecture and problem work given at the Massa- 
chusetts Institute of Technology. The author’s experience of nearly 
twenty years with the undergraduate and graduate students at the In- 
stitute, with the night classes of the Lowell School, f>nd lately with the 
classes of unemployed engineers during the depression, has convinced 
him that there is a demand for a textbook which shall explain in a con- 
secutive and expanded manner the multitudinous details that make a 
reinforced concrete design. During the usual lecture it is not possible 
for a student to make accurate comprehenmve notes and at the same 
time absorb the general scheme presented by the instructor. It is hoped 
that this discussion is sufficiently detailed so that the student need take 
no notes, or may use it to advantage if he must study without instruction. 

The general plan is to present the theory, followed by illustrative de- 
signs carried through to a sketch sufficiently elaborated to be presented 
to the field force. Each illustrative problem is a complete design of 
some unit, while collectively they form the essentials for the design of 
a complete building. Office practice varies with different firms and 
localities, and the designs presented are conservative solutions. Em- 
phasis is given to the design fundamentals mther than to the execution 
of finished drawings and details. 

The recommendations of the 1928 JointJ^ndard Building Code of 
the American Concrete Institute are used^ general for the allowable 
stresses and methods of commercial design. ’Where it seemed advisable 
it has been possible to indicate the changes of procedure recommended 
by the proposed 1936 revision of the A.C.I, code. The nomenclature is 
that generally employed in practice. 

It is assumed that the student is alrea(|y equipped with a working 
knowledge of applied mechanics, particularty with reference to the sub- 
jects of statics and the beam theory. Sonte phases of the work of de- 
sign lead to highly complex problems, as, for example, the analysis of a 
reinforced concrete building frame for a variable live load, and for wind 
loads. Such design problems call for excellent training in the theory of 
indetominate structures based upon fundamental theories of applied 
mechanics and the theory of elasticity. Complex problems are beyond 
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the scope of the present text, which will be confined to the usual prob- 
lems of design. Since the primary concern of this text lies with design, 
tine matters of construction detail and manipulation, such as building of 
forms, methods of pourmg, etc., are omitted. 

Many uses have been found for reinforced concrete. This book is 
concerned, primarily, with reinforced concrete in the design of buildings. 
The underlying principles presented are applicable, however, to other 
classes of structures. 

It would be well for the student of reinforced concrete to orient this 
medium with reference to other classes of building materials b^ore pro- 
ceeding with the study of its particular properties and problems. 

Grateful acknowledgment should be made to Professor Addison F. 
Holmes for the interest and encouragement that enabled the author to 
fit the extra load of writing into the teaching schedule. Mr. Alvin 
Sloane has benefited the text by a critical reading of the manuscript as 
he drew the illustrations. 


September, 1922 


D. P., Jk. 
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CHAPTER 1 


GENERAL PRINCIPLES 

L Reinforced Concrete Construction. Plain concrete, made from nat- 
ural cements, was employed as a structural material in the time of the 
Roman Empire. It was used in compression members, such as roads, 
aqueducts, arches, etc. Some of these structures have survived to this 
day. Reinforced concrete has been used for about sixty years in mem- 
bers in bending or with tensile stresses. In this short time the study of 
tests and loaded structures has given rise to the methods of design now 
in general use. The recent tendency has been to develop more accurate 
and intricate methods of design which effect savings in materials. Such 
economies are justified only if the structure adequately supports its load. 
Variations of the live load must be considered, as well as the effect of 
temperature changes, and of shrinkage and time-flow, so that the maxi- 
mum deformations are not excessive. In design it is customary to com- 
pute the maximum stress intensities in a member, but tiie student should 
always keep in mind that the essential is a reasonable deformation. The 
stress intensity is a convenient measure of the strain, or unit deformar 
tion. 

2. Monolithic Construction. The design « reinforced concrete struc- 
tures involves a study of the elementary jparts, consisting of beams, 
columns, footings, retaining walls, etc. Tl^ identification and analysis 
of these units are more difficult than for i|eel or timber construction 
because there is no evident demarcation bspreen slab, beam, or girder. 
They are poured monolithicaUy, except ^ “precast” members. In 
timl^ consbmction, such as the “slow-builpng” mill briilding, the floor 
planks, wooden beams, wooden or cast itoa columns, and brick walls 
are evidently separate units. Riveted st^ frames are also designed 
as units of a single span, both for beami|B 2 ul columns. The modem 
welded frame, however, gives the more i^bonomical rigid coimection. 
The reinforced concrete floor system is politred continuorisly over large 
areas, with steel running Ihrou^ all conneo^ons and constmction joints. 
The result is a monolith with the advantages pertaining to a rigid 
frame. When a floor system is poured as a unit for many spans in all 
directions, the proper division of the floor load between slab, beams, and 
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l^eiB becomes a complicated problem. The beams, for in- 

stance, ate fixed or partially fixed by the columns and by the beams in 
the adjacent spans. The columns are also continuous from basemmit 
to the roof. This type of construction allows readjustment of the stress 
distribution (deformations) if some member is overloaded. It can be 
deogned to gpve resistance to wind loads, vibration, and earthquake 

3. Advantage of R^nforced Concrete Construction. Concrete is a 
material whose toisile strength is much less than its compr^ve 
strength. The tensile strength is so low that plain concrete can be 
used only where the member is in compression. M^bers in bending, 
such as slabs, beams, long columns, arches, etc., must be provided with 
properly placed steel to take the tensUe pulls wUch will otherwise cause 
cracks and failure in the concrete. Beinforcing steel is supplied as bars 
of varying sizes which can be rolled cheaply and can be bent to rein- 
force any part of a member. Steel is best used as tensile reinforcement, 
because neither bans nor thin plates make satisfactory compression mem- 
bers unless supported laterally. 

The usual reinforced section consists of a concrete compression area 
and a steel tension area. The steel is protected from fire and corrosion 
by a covering of concrete, which is an excellent fireproofing material. 
The member has, therefore, great durability as well as adequate strength. 

Concrete has a low strength-weight ratio compared with steel. In 
foot, in many structures the dead weight may be a large percentage of 
the total load brought to the footings. The members must be corre- 
^ndinfi^y larger to carry the dead wei^t, but the effect of movable 
loads is mudi reduced, However, with the allowable stresses now used, 
concrete is a cheapo compression material than steel. For example, 
the concrete for a column may cost 40 cents per cubic foot, with an 
allowable compressive stress of 600 lb. per sq. in., or a cost factor of 
40 + 600 “ 0.067. A ridier naix may cost 60 cents per cubic foot with 
an allowaUe stress of 900 lb. per sq. in., or a cost factor of 0.066. Struc- 
tural steel may cost 4 cents per pound and have an allowable compres- 
sive stress of 13,000 lb. per sq. in. or less. Its cost factor equals (4 X 
490) -i- 13,000 >■ 0.151. The concrete cost factor is markedly less. 

Reinforced concrete is durable and fireproof. It can compete in cost 
in most localities witii steel or wood-brick construction up to heights of 
10 to 12 stor^. Above such heights the columns axe uoially of struc- 
tural sted encased in concrete. Bmnforced concrete eonstructi<»i uses 
undkilled labor for the most part, and the supplies of oement, aggre^te, 
andstodtsi^areea^yobteined. On the other hand, astxuctwal mate- 
rial xoannfaoia»e4 at the site can be very variable oompaxed with su(h 
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a material as atructural steel. Some contraotots and atgmeen do not 
have the experience or the knowledge required to produce even Ihe 
average omerete assumed in specifications. 

The monolithic construction enables machine vibrations to be ab- 
sorbed, and the rigid structure can resist wind pressures or earthquake 
shocks. Reinforced concrete is not recommended for structures where 
idterations are miridpated or for a temporary building which must be 
razed later. 

Concrete has largely superseded masoiuy in retaining walls, dams, 
abutments, arches, and conduits. It is frequently used instead of ma- 
sonry for reservoir walls, roofs, and floors, also for chinmeys or towers. 
Concrete competes with steel, cast iron, or vitrified clay in pipe lines or 
conduits. In buildings reinforced concrete is generally used for floors 
and footings, and it competes with steel and masonry for use in coliuims 
and walls. It has been employed for water tanks and drips. 

4. Physical Properdes of Concrete. The designer of rdnforced con- 
crete structures must be familiar with the physical properties of con- 
cretes in order that the structure may carry its load safely and be 
durable. The student should consult texts on materials for an extoosive 
discussion of the mass of test data on cements and concretes. A brief 
sununary will be given here of the more imp<nrtant properties of concrete. 

Reinforced concrete is often used in comparatively thin sections. It 
is desirable in such cases to give a minimum covering to the steel. Re- 
sistance to frost, imperviousness to water pressure, and protection of 
the steel from fire or corrosion call for a dense concrete. A dense, im- 
pervious concrete is also a strong concrete. \Such a concrete ocm be ob- 
tained, with a minimum of the costly oemtlit, by suitably grading the 
available aggr^tra and by carefully detenlining the amount of water. 
So many variables affect ^e grade of concpete actually manufactured 
that it is desirable to determine in advan^ by tests the strengths re- 
alized by the materials chosen, mixed by th||nethods and in the propor- 
tions to be used on the job. It has been ti|( endeavor of recent specifi- 
cations to encourage such advance tests at|| also field tests of the con- 
crete made by the contractor. f ' 

6. Cement Portland cements are conslmnly used and are selected 
by the specifications of the American Sociqjgr for Testing Matraials. In 
recent years other cements have been devipoped for specific properties. 
Thus, high early strength cements are emp|i|Qred for hi^ways and struo- 
tures where a reduction of the time of constitiction justifies some increase 
in cost. Cements with a low coefficient of ffirink^ are in demand lor 
highways, dams, etc. Portland cements frequently have a considerable 
tenqierature rise whm large masses of concrete are setting. A cement 
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witii low heat of setting and low slmnkage coefficient was devdoped for 
Boulder Dam. 

6. Aggregate. The aggregate is often divided into two tises. Fine 
aggr^te comprises those particles less than ^ in. in diametor and is 
obtained hrom sand or the screened portion of slag or crushed stone. 
Coarse aggregate is composed of particles larger than ^ in. in diameter 
and is obtained from gravel, crushed stone, slag, or a more costly vitri- 
fied li^t-wei^t material. All abrogate should be composed of dean, 
sound, and strot^ material. 

Sands should not contain more than a trace of loam or other organic 
material. The grading should not show more than 30 per cent passing 
tile 50 sieve or over 10 per cent passing the 100 sieve. Very fine mate- 
rial has a large surface area for a given volume and requires more cement 
paste to cover the surfaces. An aggregate which is uniform in size has 
large percentages of voids which must be filled by the cement paste. 
If a fixed amount of canent is used, as in a 1 : 2 : 4 mix, the strength 
will be less for poorly graded aggregates because more water must be 
used with the cement to produce a workable mix. Excess water will 
evaporate, and the concrete will be porous and low in strength. 

Fine aggregates are selected by a colorimetric test for organic matter, 
by sieving a sample for partide sizes, and by compression or tension 
tests for strength. 

The coarse aggregate is the material larger than ^ in. For reinforced 
concrete the maximum size is about f in. to 1 in., so that the stone will 
pass through the narrow dearances around the steel bars. With stones 
up to 6 in., or even 9 in., in size, laige masses of plain concrete can be 
poured. Gravel concretes are easier to place than broken stone or slag 
concretes but, if the gravel comprises water-worn material, the smooth 
surface may give poor adhesion with the cement paste. Gravel con- 
cretes usually give the desired workability with less water, but the indi- 
vidual partides are often not as strong as the broken stone particles. 

Aggregate should be clean. It is screened to determine particle sizes. 
The rdative gradings of mixtures of fine and coarse aggregate are com- 
pared by the “fineness modulus,” or summation of the percentages hdd 
on certain sieves. 

7. Proportioning for Strengtii. The grading of the aggregate which 
results in the densest mixture gives a strong concrete. This is also eco- 
nomical because it requires the least amount of cemmt paste to fill the 
voids. In practice, somewhat more paste is used than the volume of 
vends to allow for separation of the aggregate particles by the introduc- 
tion of the paste. The densest aggregate proportions can be determined 

trial or by tim use of an ideal curve of gcadatirm, such as FuQw’s 
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curve.* The strengtli of concrete increases with the ratio of cement to 
voids. Aggregate of uniform size, with a bi^ percentage of voids, will 
require a larger amount of cement to g^ve a desired strength than will 
the we]l>graded mixture. The strength of a given grading of aggregate 
can be increased by using more cement. 

The cement paste consists of cement and water. A certain minimum 
amount of water is needed to complete the chemical process of setting. 
More water than this amount must be used to give commercial work- 
ability. Mr. Duff Abrams proved that there is a relation between 
strength and the water-cement ratio. The relation is usually expressed 



where S =* compressive strength 
X » water-cement ratio 
A and B are constants determined by test. 



Wtrc/r -AUr/o ro yoLUAI$ or CcMUtr — -q 
Fiq. 1 A* 

Figure 1 is a plot of equation 1 for a cegpdn cement and aggregate. 
From such a plot the maximum water-on^t ratio that will give a 
desired strength can be found. ^ 

A given aggregate mixture requires a demute amount of water to wet 
the aggr^te surfaces. A lean mix with a||mall amount of cement will 
require a higher water-cement ratio to gii^ the same workability as a 
rwA mix, and has, therefore, a lower strei^^ 

* W. B. Fuller and S. E. Thompson, "Laws tA Fnqwrtioning Concrete, ’’ Trans 
A.5.C.J5., VoL LK, p. 67, 1907. 
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K the mi* is detennined from Abrams’ curve, it is usual to adopt a 
water-cement ratio expressed as gaUons per of cement. This water 
content corresponds to the strength desired and includes the water al- 
ready present in the aggregate. If the grading of the aggregate varies 
from day to day the total amount of aggregate per sack of cement is 
varied, or the ratio of fine to coarse aggregate is adjusted, so that the 
workability of the mix is satisfactory. The water-cement ratio remains 
unchanged. 

8. Consistency or Workability. There is no completely satisfactory 
method of determining the consistency of the concrete which can be 
placed with the minimum of labor. The usual field test is the sliunp in 
inches of a standard truncated cone of concrete. The present tendency 
is to use as dry a mix as possible and to spade or tamp the concrete into 
place. Mass concrete and that in highways are poured with slumps of 
1 to 3 in. Reinforced concrete is placed with slumps of 3 to 6 in. Thin 
walls of considerable height with several rows of steel reinforcement 
require wetter consistencies in order to give smooth surfaces and to 
avoid honeycombing or voids around the steel. Concrete which was 
formerly considered much too dry can now be placed by the use of 
vibrators. 

Permeability tests show that the mortar sinks as the concrete sets, 
leaving voids under the coarse aggregate and continuous voids under 
horizontal or inclined steel. The larger the coarse aggregate the greater 
continuity of voids is given for flow of water. The presence of hori- 
zontal reinforcing steel may also reduce materially the effective depth 
of concrete to resist water penetration. 

9. Concrete Strengths. The compressive strength is the standard by 
which concretes are rated. The allowable stresses in building codes are 
based on the compressive strength at the age of 28 days when tested as 
a cylinder 6 in. in diameter and 12 in. in height. Most concretes are 
proportioned to give a desired compressive strength. This also insures 
reasonable tensile and shear strengths because they vary approximately 
as the compressive strength. The denser, stronger concretes are also 
the more durable and impervious. 

The tensile strength varies from one eighth to one twelfth of the com- 
pressive strength. The value is so low that most failures are tensile and 
occur without warning in plain concrete. With reinforced concrete com- 
plete destruction may not occur, but an inadequate steel design will 
result in imsightly cracks. 

The shearing strength of concrete is the resistance to sliding on some 
plane. Maximum shear stresses on a particle occur on planes at 45^’ 
with the planes of maximum ccanpresraon or tension. Thus, a concrete 
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cylinder tested in compression tends to fail by shear on a 46® plane, and 
this shear stress will be one half the compression stress on the cross 
section. The test cylinder has a height twice the diameter, and the 
plane of failure is actually greater than 46® with the cross section. Shear 
tests indicate strengths varying from 0.4 to 0.9 the compressive strength. 

The push of a colunm through a slab or footing is a form of shear 
failure, usually called punchirig shear. The average stress around the 
column perimeter varies with the shape of column section. The shear 
strength is great enough so that it seldom determines the failure of a 
member. 

The term shear failure is often used colloquially for a tensile failure 
on some plane inclined to the cross section. Such diagonal tension fail- 
ures occur when the cross section has high shear stresses and the plane 
of maximum tension for a particle makes a considerable angle with the 
cross section. The longitudinal steel is not in line with this pull and 
cannot alone prevent the formation of a tension crack on some inclined 
plane. Diagonal tension is discussed in Chapter 4. 

10. Stress-Strain Relations. The instantaneous unit deformation 
produced by the application of a load is known as elastic strain. Up to 
a certain limit this deformation is entirely recovered when the load is 
removed. However, for most loadings on concrete the amount of this 
recovery decreases as time passes; there has been a permanent set or 
deformation. 

Concrete is a plastic material, and additional deformations occur im- 
mediately after the application of a load. Even though the load remains 
constant these additional strains increase as time passes. They vary 
with the amount of load and with the time. The strain increase is called 
'plastic straiuj or time-flow. 

Quite apart from deformations due to th0 application of a load are 
deformations due to shrinkage or loss of water from the concrete. 
Shrinkage strains have considerable magnitude if the concrete dries out 
thoroughly, but will also occur at constant iMamidity. Subsequent wet- 
ting will cause a decrease of the shrinkagfi), but the recovery is not 
complete. 

Figure 2 from Mr. Glanville’s paper ^ sbi^ws the general time-strain 
relation between the three strains at constint temperature, humidity, 
and load. There can also be deformatiOlis caused by temperature 
changes. In the past, designs have usua% taken into consideration 
the elastic eflFect of the loading only. The modulus of elasticity for the 
concrete has been computed, however, from strains which include some 
of the plastic flow. It is now recognized for members of considerable 

* W. H. Glanville, Building Research Teohnioal Papers 10, 11, 12. 
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ttiasA j such as floor systems, pavements, dams, and arches, that allow- 
ance must be made for plastic flow, shrinkage, and temperature defor- 



11. Elastic Stress-Strain Relation. Figure 3a shows the stress-strain 
diagrams for concrete of different strengths as determined by the usual 
laboratory test. Mr. Glanville determined that some plastic strain is 
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mduded in such a test, even if the strain is recorded within a few sec- 
onds of the application of the load. He attributes to plastic flow the 
flatteniog of the cunre at the higher stresses. The true modulus of elas- 




Abt. 13] 


METHODS OF DESIGN 


9 


tidty is the slope of the tangent to the curve at the origin, or initial 
modvlus. The secant modvlue, or slope of the line drawn from the origin 
to some point on the curve, is merely the ratio of stress to total strain. 

Professor R. E. Davis of the University of California has suggested 
that the modulus of elasticity E be defined as the ratio 



e 


where e » elastic strain for a unit stress. He suggests that modidita ef 
resistance R be used for the ratio 



e + c 


where c = plastic strain for a unit stress. 

The modulus of elasticity Ee of the concrete is assumed in the A.C.I. 
Code to be equal to lOOQf'c, where f'e is ihe compressive strength at 
28 days’ age. This criterion is based on tests whose strains include some 
instantaneous plastic flow. Mr. Gianville’s results give the true mod- 
ulus of elasticity as much greater in value. 

If a load is repeatedly applied, the stress-strain relation becomes a 
straight line up to this load. 

12. Shrinkage Strain. Ordinary commercial concrete is pomed and 
sets under atmospheric conditions. As it dries out the concrete shrinks. 
There may be alternations of expansion and shrinkage as it is subse- 
quently wetted or dried. These deformations due to water content in- 
crease with the wetter mixes, with the richer mixes, and with low 
humidities. Concrete that hardens in shelter will dry out permanently, 
especially if the structure is heated during the winter. Under such con- 
ditions shrinkages from 0.03 per cent in 3 months to 0.08 per cent in 
2 years are possible. 

13. Mefliods of Design. In the past r^forced concrete members 
have been designed to resist safely bending moments and shear forces due 
to rile live and dead loads on the structure. Before the design of slabs, 
beams, columns, walls, and footings of a sti^icture can be made it must 
be analyzed for the variation and magnihjide of these moments and 
shear forces in the individual members. Ill timber-brick construction, 
where there is little restraint at the supportifi, each member can be ana- 
lyzed separately. The same procedure has been used for steel frames 
with standard riveted connections. The analysis of welded sted and 
reinforced concrete structures has steadily grown more complex as a 
result of the realization that end restnunt of a member affects the bmd- 
ing moment distribution. In the last decade great progress has been 
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mede in the anal]rsis of such monolithic structures on the asstunption 
tiiat they are continuous elastic frames. 

It was customary to find for a given member the various possible 
moment and shear diagrams due to the dead load and various combi- 
nations of live loads on nearby spans, also the effect of wind loads on 
the whole structure; then the individual member was designed for these 
moments and shears. The computed stresses for reinforced concrete 
were kept below certain maximum allowable values. These allowable 
values were set by experience low enough so that the unknown effect 
of temperature dianges, shrinkage, and plastic flow would not result in 
excessive strains. As time passed methods of computing these additional 
strains were developed, but the computations are intricate and depend 
on certain coefficients, determined by test, which are not accurately 
known for all conditions, so that shrinkage and flow computations are 
little used in practice. 

Recently there has been a tendency to substitute for stress analyses 
due to loads empirical equations based on tests to failure, which pre- 
sumably include the effect of shrinkage, of loads, and to a certain extent 
the effect of plastic flow. The results give the load carried at failure 
and this load is divided by a factor of safety to give safe working loads. 
This change in design methods is most marked at present for column 
design but a similar procedure is proposed and used by certain designers 
for members in bending. The extent to which these empirical equations 
will supersede stress analyses due to loads is stiU in question, so this 
text will present both methods of design. A method that allows for 
the effect of all strain causes can naturally use greater allowable stresses 
than those previously specified for live and dead loads only. 

The illustrative problems in this text will use for the most part the 
allowable stresses given in the 1941 ^‘Building Regulations for Rein- 
forced Concrete” of the American Concrete Institute (see Appendix.) 
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RECTANGULAR BEAMS 

14. Classification of Members. For purposes of analysis structural 
members are divided into three classes, those in direct stress, those in 
bending, and members with direct stress and bending. The division is 
made according to the position of the resultant of the normal stresses 
acting at a cross section. 

A straight member is said to be in direct stress when the resultant 
force acts along the axis of the member through the center of gravity 
of each cross section and normal to it. Members in direct stress may 
be in tension or compression. Reinforced concrete is used for compres- 
sion members, a typical example being the interior column loaded with 
an axial load. Such cases are discussed in Chapter 10. 

A member is said to be in bending when the resultant of the normal 
stresses is a couple. Such members are called beams. They may also 
have shear stresses acting on the cross sections. The beam theory de- 
velops the relation between fiber stress, bending couple, and the cross- 
section dimensions. It is a very important part of reinforced concrete 
design and will be discussed in this chapter. 

A member is in direct stress plus bending when the resultant of the 
normal stresses is a force which does not act at the center of gravity of 
the cross section. This is equivalent to a foree at the center of gravity 
producing direct stress and a couple producing bending about the center 
of gravity. This case is employed for cohuaps and for arches that are 
subjected to compressive loads and bending. Shear forces may also be 
present. 

16. Homogeneous Beams. Before relations are derived between the 
bending moment, fiber stress, and section dimensions of reinforced con- 
crete beams the Mutations and assumptions! undei'lyiQg the correspond- 
ing derivation for beams of homogeneous materials will be surveyed. 
It is advantageous to know whether the anme requirements may be 
used for the reinforced concrete beam. It is understood that these 
derivations deal with the immediate elastic strains due to loading, 
and no account is here taken of shrinkage, plastic flow, or temperature 
strains. 


IJ 
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18. Limitations to Beam Theoxy. The general theory of flexure for 
homogeneous materials does not apply the term beam to all members 
in bending. Arches and columns also have bending stresses but are not 
regarded as examples of simple bending. Five limitations are usually 
applied to determine what sort of members may be called beams. 

Limitation 1. The material of ike beam is homogeneous and isotropic. 
This is not so for reinforced concrete, as the concrete is composed of 
cement (hydrated or unhydrated), sand and stone particles, and air 
voids. The addition in certain places of steel reinforcement introduces 
another material. The same objection can be raised in a certain degree 
to timber, which has cracks, knots, sap wood, and bark, and is not 
homogeneous or isotropic. 

lAmitation f . The beam is straight and of uniform cross section through- 
out This is usually realized as far as external dimensions are concerned. 
If, however, the concrete and steel areas used in the theoretical deriva- 
tions are considered, both the compression and tension areas are found 
to vary as the bending moment increases or decreases, and to become 
markedly different when the bending moment changes from positive to 
negative. 

Limitation S. The external forces are in equilibrium and are applied 
in such a manner that they can be considered equivalent to a system of forces 
acting in a single plane which will be known as the plane of loading. This 
limitation can be realized. 

Limitation 4. The plane of loading intersects every cross section at an 
axis of symmetry, arid, wherever the term cross section is itsed, the section 
at right angles to the central axis is to be understood. This is true for the 
usual rectangular, tee, and I sections. 

Limitation 6, The length of the beam is large in proportion to the great- 
est dimension of its cross section, and the difference between the depth and 
greatest width is not excessive. This requirement should be fulfilled. 

17. Assumptions. The dimensions of most reinforced concrete beams 
are determined by the necessity of safely carrying the external bending 
moment. Therefore, the first derivation will be for the relations exist- 
ing between the bending moment, fiber stress, and cross section of the 
beam. 

Three assumptions are made in the ordinary beam theory for the 
behavior of materials in bending. These assumptions are capable of 
verification by test and they answer the question; How does a beam actf 

Assumption 1. Plane sections remain plane and normal to the longi- 
tudinal fibers after bending. This assumption is justified to 1 per cent 
accuracy, at least, for reinforced concrete throughout the ordinary range 
of the working loads, certainly as much so as for timber. 
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Assumption 2. The mcUerial obeys Hookers law) ihai is, that stress irir 
tensity is proportional to strain Uiroughoyt the beam. Hooke’s law gives 
the relation between stresses and elastic strains. This law holds for steel 
up to its elastic limit, which is above the working stresses considered in 
the beam theory. The stress-strain relation is also a straight line for 
concretes loaded within the working limits, as can be seen in Figure 3. 

Assumption 3. Every Umgiivdinal layer is free to extend, or contract, 
under stress as if separate from the other layers. This is assumed. The 
ratio of stress to elastic strain, or modulus of elasticity, is constant for 

E 

each material (see Art. 11), and the ratio of the two moduli, — n, 

Eq 

is taken as a constant. In the ordinary beam theory with homogeneous 
materials, n is assumed to be unity. For the usual concrete mixes n 
varies from n — 15 for concretes whose compressive strength/'* = 2000 
lb. per sq. in. to n — 6 for 5000-lb. concretes (/'* = 6000 lb. per sq. in.). 


STRESSES DUE TO WORKING LOADS 

18. Rectangular beams. The beam theory for rectangular sections 
applies to the design of cross sections whose compression area is a rec- 
tangle, the tension steel being held in its proper position by sufficient 
concrete. It is assumed that a crack has appeared at the section of 
maximum bending moment, and none of the concrete on the tension 
side is considered in the derivation. Therefore, its shape is immaterial. 
Thus, in Figure 4, all the sections shown are designed as rectangular 



beams, if the compression areas are the one*, shown cross-hatched. Let 
N.A . be the neutral axis and YY the plane c4 loading. The compression 
area and the tension steel must both be qrmmetrically placed about 
the axis YY. When the bending moment k much less than the maxi- 
mum, the concrete on the tension side may not be cracked to the neutral 
axis and can take some tension. The neglect of this small amount of 
tension force gives computed stresses in the steel somewhat greater than 
actually occur. 
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19. Romenclatore. Let Figure 5 represent the elevation and cross 
section at a distance x from the support of a rectangular reinforced 
concrete beam supported at the left end by Ri. Let 


b 

h 

d 

jd 

kd 

Ec 

E. 


fc 

/. 

M 

Me 

Me 

Ae 

V 


width of section 
» total depth of section 

=* distance from extreme fiber in compression to the center of 
gravity of the steel in tension 
« moment arm of internal couple 

« distance from extreme fiber in compression to neutral axis 
« modulus of elasticity of concrete 
« modulus of elasticity of steel 


ratio of moduli, or 


El 

Ec 


~ maximum intensity of fiber stress in concrete 
= average intensity of fiber stress in steel 
=* external moment at the section 
= moment of resistance expressed in concrete terms 
« moment of resistance expressed in steel terms 
« area of steel 

, . Ab 

« steel ratio — • 

bd 



A 

The amount of tension steel A^ is expressed as the ratio p « — , 

bd 

Since we do not consider the concrete on the tension side it might seem 
logical to use the ratio of the tension area to the compression area p = 

, but we do not know at first the position of the neutral axis kd. 


A 

The steel ratio might also be defined as the ratio p — , using the 

bh 

total area of the beam. The convenient dimension, however, is the 
depth to tlie steel d. The total depth h is greater in order to give ad- 
hesion between steel and concrete and to provide fire- or dampproofing. 
In designing, the steel depth d is first calculated and the total depth h 
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is made some convenient commercial dimension large enough to give 
the proper clearance. Therefore, for this derivation, the steel ratio is 

assumed to be the ratio p =* 73 • 


20. Rectangular Beams. The object of the derivation is to deduce 
relations between the external bending moment M, the fiber stresses /« 
and/«, the area A,, and the concrete dimensions bd. 

Dealing with the portion of the beam span shown in the elevation of 
Figure 5 and appl}ring limitation 3, the three conditions of equilibrium 
of statics hold, namely: 2 F = 0 , 2 £f = 0 , and 2 M = 0 . 

The sum of the vertical forces, 2F = 0, gives the vertical shear at 
the section. For the time being this shear force will not be considered. 
The resultant of the uniformly vaiying normal compressive stresses C 
and the resultant of the pull T in the bars are the only normal forces 
acting on this portion of the beam. Therefore, since 2 ff = 0, C = T 
and the force C forms a couple with the force T. The moment arm of 
this couple will be designated jd, where j is a decimal ratio of d, usually 
having values between 0.85 and 0.95. 

On the assumption that a plane section remains a plane section alter 
bending, the strains of any particle are proportional to the distance of the 
particle from the neutral axis. The extreme fiber on the compression 
side has a strain e<„ and the steel has a strain e„ where 


Therefore 


also 

Equating, 


«c 

ff 

e, 

Cc 

e, 

/. 

nfc 


fe 

— anc 
Ec 

k 

Ee _ fcEt 

u ~Wc 

E. 

kd k 
d-kd 1-k 
k 

1-k 

nfek +f,k = k(nfe +/») 

nfc 1 

nft + /» nfe - 4-/1 ^ ^ ft 

nfa nfa 



( 2 ) 


k 


( 3 ) 
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Eqitation 3 gives the location of the neutral axis, providing we know 
the actual stresses and mix, or are assuming allowable values which will 
be actual values when Ibe design is complete. This equation may weU 
be called the designer's equation. The term k is a decimal ratio of d, 
having values vaiying from 0.15 to 0.45. 

The neutral axis can also be located by using the fact that the com- 
pressive force C equals the tensile force T. The resultant C of a uni- 
formly vaiying stress equals 

C •= ayoA (4) 

where a = intensity of stress 1 in. from the neutral axis 

yo = distance from the neutral axis to the center of gravity of the 
area stressed 
A <= area stressed. 


The resultant C of the uniformly vaiying concrete stresses equals 



The resultant of the pulls in the steel bars equals 


Equating 


Revising equation 2 


Equating 7 and 8. 


f.A, = f.pbd 

(6) 

md 

^ =T=f.pbd 

2 


II 

(7) 

n(l — ft) 

k 

(8) 

n(l - k) 



2p k 

P -j- 2npi: = 2np 

k® -f 2npk -H (np)® = 2np -f- (np)® 

(fc -h np)® - 2np + (np)® 

k = V2np + (np)^ - np (9) 

This expression gives the location of tiie neutral axis in terms of the 
mix and sted ratio p. It may well be called the checker’s or inspector’s 
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eqmlion, for it implies that one is checking a finished design whose mix 
and sted are known. 

The desired bending moment relations can now be foimd. Since the 
force C is the resultant of uniformly varying stresses, it acts from 
kd 

the neutral axis, or — from the extreme fiber. 

O 

From Figure 5 it is apparent that 


d = jd or / = 1 

3 3 

(10) 

In terms of the concrete stress /« 


Me “ C(jd) — jd 

2 2 

(11) 

In terms of the steel stress/. 


M, = Tm = M 

(12) 


Both expressions for the bending moment must give the same numeri- 
cal values. Equating 11 and 12, 

= /.ft; = K (13) 

It is convenient at times to write the bending moment equations 

= Me = KbcH^ (14) 


21. Summary. A reinforced concrete rectangular beam theory should 
derive relations between the bending moment at a section due to ex- 
ternal forces, the internal fiber stresses in the steel or concrete, and the 
cross-sectional dimensions. 

These relations are 

Me = ifcjkbdP “ Kb^ (11) 

and 

M, = /.Aeja = f,p3bd^ ’m Kbd’‘ (12) 

Before these equations can be used, it is Necessary to determine the 
values of the ratios j and k. When one is deiogning, the position of the 
neutral axis kd can be found by use of 

k (3) 


When one is checking a completed design 

k - V2np + (np)* — np 


( 9 ) 
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The moment arm jd of the internal couple can be found by 

( 10 ) 

The most economical rectangular beam is one whose dimensions and 
ratio of steel are such that at the section of maximum bending moment 
the mavimiiTn allowable concrete stress /« and the maximum allowable 
steel stress/, are given simultaneously. 

22. Transformed Section. It is possible to substitute for the rein- 
forced concrete section a hypothetical section of a single material, con- 
crete or steel, which has the same deformations as the reinforced sec- 
tion. This substitute is called the transformed section, and the usual 
equations for a homogeneous beam may be employed. Theoretically, a 
beam of plain concrete using the transformed section will deform as does 
the reinforced beam; practically, it is not possible to construct or load 
this section. It is customary to substitute a transformed section of 
concrete. 

The assumption that the tension area has cracked is again made. 
The reinforced section consists of a rectangular concrete compression 
area and tension steel. The steel has a tensile strain Of. The substi- 
tuted concrete must be in the same position and have the same strain. 



where /, = tensile stress in the substitute concrete. 


/* 



n 


The substituted concrete must have an area At sufficient to give a 
resultant tensile force T. 

T = ftA, = ftAt 


The transformed area equals 



(16) 


The transformed section consists of a rectangular compression area, 
wide and kd deep, plus an uncoimected tension area nJl„ which has 
the height of the steel bars and the width to give the necessary area. 
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Tho center of this narrow rectangle is at the depth d from the compres- 
sion particles with maximum stress (Fig. 6fe) . The neutral axis is located 
at the center of gravity of the two rectangles. The moment of inertia 
of the transformed section about the neutral axis is found and the fiber 
stresses can be computed, using 



where / ® fiber stress intensity 
M = bending moment 

y = distance from neutral axis to particle considered 
I =« moment of inertia about neutral axis. 
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MAXIMUM MOMENT AT FAILURE OF BEAM < 

23, Plastic Theory, It has been stated in Chapter 1 that the elastic 
strains due to application of a load give only a portion of the actual 
strains at any time in the concrete and steel. Before the load applica- 
tion strains due to shrinkage have been produced. A long-continuing 
load, such as the dead load, will give increasijig plastic strains as time 
passes. For members in bending it is impos^ble to compute the final 
strain condition of a particular particle, especi|iJly if the member is part 
of a continuous frame. In any case the relatl^ between steel and con- 
crete strains will be very different from that pven by the equations de- 
rived above for stresses due to loads only. T^refore, certain designers 
have advocated designing for failure, the metl^ of analysis being based 
upon tests of beams to failure. By this api^paoh the ultimate strains 
will include shrinkage, load, and some plastill flow strains. 

In the past similar analyses for stresses in i beam up to the ultimate 
load assumed that the compressive stress-stiain curve was a parabola 
like those of Figure 3a. The modem discussion modifies this assump- 

^ This discussion is based on 'Tlastic Theory of Reinforced Concrete Design,” by 
Charles S. Whitney, in the Proc. A./S,C.E., Dec., 1940, p. 1749. See also “The Plas- 
ticity Ratio of Concrete and Its Effect on the Ultaxsoate Strength of Beams,” by 
V. P. Jensen, in Jowr. A.CJ., June 1943, p. 565« 


10132. 
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tion. Tests of beams seem to indicate that the m a xim u m strms occurs 
for strains of 0.0015 to 0.0020 (Rg. 7). If the beam is strained beyond 
Ihese values, failure starts and the stress decreases. 

In a hAAtn approaching failiue, if a plane section remains plane, the 
strains will be uniformly varying at any section but the stresses will vary 

as in Figure 7. Since many sections are 
I lightly strained the beam will not fail until 


Stress 



the tnaYimiim strain on the most severely 
strained section exceeds 0.0020. At this 
section the maximum stress will not occur 
at the extreme fiber. If the proper per 
cent of steel is used, the steel will have 
reached its yield point stress at failure. 
If less steel than this amoimt is used, 
failure will be initiated by the increasing 
excessive steel strains, while the steel stress 
remains constant at the yield point value. 
Therefore, for balanced design, the steel strain at the most severely 

yield point stress 

strained section will be equal to e, = 

n. 


0.00! om 

strain 
Fio. 7 


and the concrete 


strain at the extreme fiber will be greater than Ce = 0.0020. Figure 8 
tiiows such a section where the maximum concrete strain equals 0.0030 

50 000 

and the steel strain equals e, ' ~ = 0.00167, the yield point 

oO,UUU,UUU 

being at 60,000 lb. per sq. in. The compression stress distribution will 




Stress 

Fig. 8 


be as shown, the nmyiimuti value being the compressive strength of the 
concrete ft which occiirs in the particles some distance below the top 
of the beam. 

In this case 


M 


0.00300 


0.643d 


0.00467 
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The compressive force C = 6 J ^ where / equals fiber stress on a 

particle at a distance y from the neutral axis. This integral is the area 
of the stress diagram and the force C acts at the center of gravity of 
this area. 

The tensile force T = fyA^ where /y equals yield point stress of steel. 
The stress-strain diagram for the concrete will vary with the mix and 
the water-cement ratio. For practical designs it is sufliciently accurate 
to substitute for the concrete stress diagram a constant stress of 0.85/'c 
(Fig. 9) with a depth of a, instead of kd, whose resultant force C will 



act at the center of gravity of the stress diagram of Figure 8. 
a is less than the distance to the neutral axis kd. 


Since T — C 


fyA. 

0.85/'c6 


The depth 


(16) 


This corresponds to the checker's equation (equation 9) of the other 
derivation. In the past the area of tensile steel has usually been so 
small that the steel reaches its yield point befpre the concrete fails. In 
such a case, if the load is increased, the steel ^tress remains unchanged 
but its strain increases until the concrete, in turn, is overstrained and 
failure occurs with the concrete stress distrfl^tion of Figure 8. 

24, Under-Reinforced Beams. The expre^ons for bending moment 
at failure in terms of section dimensions and^tresses follow. 




where /„p&d = 0.85/'co6. 

M = fyp (l - y) (17) 

fv 

0.85f'/ 


where m 
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M = C-c = 0.85/' cob (d - 0 
0.85/'«5(a® - 2od) - -2M 


2od + d® + d* 

0.85f'J> 


a ^ d ^ dbd \/l 


0.85/'Jlxi‘ 


Since a must be less than d, use negative sign with the square root term. 


“=fl- 
d L 


2,35M1 


The ratio - corresponds to the equation 3 for A; in the straight-line 
d 

derivation and equation 18 is in a form to be used by the designer, 
providing he already has chosen the section dimensions. This is the 
case if the beam is under reinforced. 

26. Balanced Design. For economy of design the designer should 
endeavor to have both materials fail simultaneously. A study of beam 
tests led Mr. Whitney to assume that a equals 0.537tf for balanced de- 
sign. Then 

a 

c ^ d ^ 0.732d 
2 

Substituting these values in equation 18, 

f 

3f * C-c « 0.85/'c(0.537d)&(0.732d) = (20) 

3 

This is a simple equation by which to determine the section dimensions. 

AT « T-c -/^g(0.732d) 
or 

A, = ■ 0.456— fcd (21) 

0.732/^ 3X0.73^vd fy 

This balanced steel area is considerably more than has been used gen- 
erally. The following tabulation gives the percaitage of steel p for bal- 
anced de^pa hy the two methods. The plastic theory tends to pve a 
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smaller beam section witii more steel than the working-stress straight- 
line theory. 

Steel Ratio fob Balanced Design 

Com]H«S8iTe strength /'t 2000 2500 3000 

A.C.I. working-stress straight-line theory 0.000 0.011 0.014 

Plastic theory 0.018 0.023 0.027 

There is no advantage in using more steel than called for by balanced 
design, as the load at failure is not increased. This load is now deter- 
mined by failure of the concrete. There is an advantage in using a steel 
area somewhat less than that called for by balanced design, as over- 
loading wiU not cause a sudden compressive failure in the concrete, but 
incipient failure will be evidenced by a gradual yielding of the steel at 
the stress /y with marked increase of deflection and cracks in the beam. 
Such phenomena would be easily noticed in time to reduce the load or 
strengthen the beam. Also, it often happens that the under-reinforced 
beam is more economical. 
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SLABS WITH ONE-WAY STEEL 

26. One-Way Slabs. The first application of the rectangular beam 
theory will be made to the design of slabs whose'steel runs perpendicu- 
lariy to the supporting beams. The term sfoh is used to denote the floor 
in contrast with the supporting beams and girders. The top surface 
may be finished to form ^e actual floor surface, or additional flooring, 
such as wood, cork, etc., may be laid over it. Sometimes a granolithic 
finish is applied as a wearing surface. This is counted as part of the 
slab if it is applied soon enough to bond with the concrete. The slab 
is generally poured for many spans, giving a continuous monolithic floor. 
The supporting beams are poured with the slab and all form one mass, 
so that the slabs are restrained at their supports against a change of 
slope by these supporting beams and the slab of the adjacent span. The 
resistance of a beam to the turning tendency, which is torsion for the 
beam, is not as great as the resistance of a column or wall. Also the 
restraint of the end span, where there is no slab beyond, is not so great 
as for the interior spans. Therefore, the moment distribution is different 
for end spans than for interior spans of the same length. 

27. Contmuous Members. A reinforced concrete floor system is 
poured simultaneously for a considerable distance. The slab steel runs 
through the beams, the beam steel runs through the girders, and both 
the beam and girder steel run through the columns. The result is that the 
whole floor system is tied together. The column steel runs into the column 
above, and the column stack also has continuity at its connections. 

' If we confflder a single unit, such as one span of the beam, or a single 
story height for the column stack, we must include in the loading diar 
gram the effect of the continuity of the member. This is done by com- 
puting the member with a fixed or partially fixed support. The span 
for such a member is taken as the clear span, as is customary for fixed- 
end beams. 

A structural member whose ends are fixed may have a reversal of 
curvature of its neutral layer. Thus a fixed-end beam with a load in 
the span will sotr in the center, giving compressive stresses near the top 
of a sectmn and tensile stresses on the particles near the bottom. This 
is called positive bending. At or near the support the beam will hog 

24 
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with tension at the top and compression at the bottom. This is called 
negative bending. 

The effect of continuity upon the bending moment is somewhat un- 
certain in concrete construction. It is well known that, if a beam is con- 
tinuous over a number of supports, two kinds of moment are developed: 
positive at or near the middle of the span and negative over and adja- 
cent to the supports. These moments cannot be determined by the 
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equations of statics, and recourse is made to solutions involving the 
elasticity of the material When the material p reinforced concrete so 
many uncertainties arise that in general the beiyding moment values are 
matters of judgment which may be to some esi^nt determined by suit- 
ably modifying the application of the theoijl of elasticity for homo- 
geneous structures under similar conditions. I 

In Chapter 14 the effect of restraint of tip supports is discussed in 
detail. 

The A.C.I. Code specifies maximum bendinf moments for continuous 
beams of approximately equal spans. ^‘Approxhnately equal’’ is a rather 
elastic term as the limit is said to be reached if the larger of two adjacent 
spans is not more than 20 per cent longer than the shorter. The values 
are given in A.C.I. Article 701 in the Appendix. These recommenda- 
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tions are listed in Figure 10 with the addition of suggested negative 
moments at the exterior support. Slabs of short span and beams sup- 
ported by xnassive columns are regarded as fixed at the ends. The ratio 
of moment of inertia I of the section to the unsupported length loth 

is taken as the relative stiffness ~ of a beam or column. The greater the 

I 

restraint at the support the greater will be the maximum negative bend- 

wP 

ing moment. For a uniformly distributed load w the moment — cor- 

responds to a fully fixed connection. 

28. Reduction of Live Load. The live load on a structure is the re- 
movable load of people, vehicles, furniture, machinery, supplies, snow, 
wind, etc. It is the variation of this live load from day to day that 
causes variations in the shear forces and bending moments in beams and 
columns. If the live load is given as a maximum load per square foot, 
or per foot of length, it is probable that the full loading will seldom 
occur in many types of structures. If the member in question supports 
a large area, this probability is increased, and building olKcials permit 
a decrease in the maximum load used in design. This decrease should 
never be applied for warehouses, garages, etc., which may be fully loaded. 

The dead load consists of the weights of the structures plus other 
permanent installations. Obviously the dead load should not be re- 
duced as it is always present in full amount. 

The tentative (1932) Building Code of the New England Building 
Officials Conference states that ^'a reduction of the total live load used 
in the design of two-way slabs and fiat slabs of a certain area and in 
beams, girders, and columns based on a certain tributary floor area shall 
be pennitted as noted in the following schedules, These live-load re- 
ductions are given in the Appendix. 

29. Allowable Stresses. The ultimate compressive strength of the 
concrete /'c is defined as the compressive strength of a concrete cylinder, 

. 6 in. in diameter by 12 in. high, at the age of 28 days. The allowable 
stresses for design, whether they be fiber, shear, or bond stresses, are 
expressed as a percentage of the ultimate compressive strength 

The term mix will be used to denote the quality of concrete under 
consideration, which is based upon the ultimate compressive strength 
/'c. Thus, a 2000-lb. mix refers to the ultimate strength /'« « 2000 lb. 
per sq. in. at the age of 28 days. 

The allowable stresses used in this text are those recommended in the 
1941 Building Regulations for Reinforced Concrete of the American 
Concrete Institute. The allowable values are given in A.C.X. Articles 
305 and 306 in the Appendix. These stresses idiould be regarded as 


.:,v, 
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maxima self-imposed by the designer. They are a mutual agreement 
between the inspector, the engineer, and the designer. The designer 
should not exceed a maximum stress. He should regard it much as he 
does his bank balance, as a limit not to be overdrawn. It is true that 
concrete materials vary, that design loadings may not always be com- 
pletely present, and that a factor of safety has been applied. All these 
facts have been considered in the determination of the allowable stress. 
The honest designer should not rely on them a second time. 

30. Commercial Sizes of Steel. Round bars, plain or deformed, can 

be obtained from J in. to 1 in. inclusive, varying by -J-in. sizes. The 
only square bars kept in stock are the ^-in., 1-in., and 1 J-in. 

See Table 1 in the Appendix. In this text deformed bars are used as 
reinforcement. 

31. Weight of Concrete. The average weight of reinforced concrete 
will be taken as 150 lb. per cu. ft. 

WORKING-STRESS STRAIGHT-LINE THEORY 
DESIGN OF SLAB— ILLUSTRATIVE PROBLEM 1 


82. Design of a Floor Slab. Given the interior span of a continuous slab (Fig. 11) 
loaded with a live load of 130 lb. per sq. ft., the span being 14 ft. 6 in. Compute the 
slab thickness and necessary steel, and include a detailed sketch of the steel. 



Cr^sj Secf/cn thru 
Stab Untt 

Fio. n 
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Let us adopt a concrete testing /e « 2000 lb. per sq. in.,^ and make the prelimi- 
nary assumption that the slab is 6 in. thick and the beam stem 12 in. wide. It is 
necessary to make initial estimates of the slabs and beam sizes and correct them, 
if requix^, as these dimensions are not known. The experienced designer seldom 
has to make corrections. 

33. Algebraic Solution. Bather than design simultaneously a large expanse of the 
slab we shall take a strip 1 ft. wide as our beam. The adjacent strips, each 1 ft. 
wide, are loaded with the same load and all deflect alike. There is no tendency for 
one strip to slide by another — ^in other words, no shear on the sides of the strips, 
and each can be regarded as a separate beam, just as a series of wooden planks are 
separate beams. If this strip is safely designed, the adjacent strips 1 ft. wide, loaded 
in exactly the same manner and deflecting alike, will also be safe. 

The 6-in. slab, 1 ft. wide, will weigh 75 lb. per ft. of length. The live load is 130 
lb. per sq. ft.; and the total load w is 205 lb. per ft. of length. 

We have the case of a continuous beam, interior span; the maximum positive 

wl^ 

bending moment Mp by A.C.I. Article 701 (in the Appendix) is Mp « — and the 

16 


maximum negative bending moment Afn 


11 * 


We will design the slab depth 


for the greater negative moment. 

By A.C.I. Article 700 we use the average of the two adjacent clear spans for the 
negative moment. In this case, since the spans are equal, the clear span is 13 ft. 6 in. 


wl^ 205(13.5)2 
11 “ 11 


3400 ft.-lb. 


40,800 in.-lb. 


With fc « 0.45 X 2000 « 900 lb. per sq. in. and /, = 20,000 lb. per sq. in. as 
allowable stresses (A.C.L Articles 305 and 306) 


Af« 

Solving, 


nfc 15 X 900 


0.40 


900 


, = 1-5 = 0.87 


— X 0.87 X 0.40 X 12 X (i* = 167 X 12d‘ 
2 


Minimum d 


4 : 


40,800 
157 X 12 


“ 4.65 in. 


40,800 n.-lb. 


34 . Clearance between d and h. The A.C.I. Code provides clearances for bond 
in Article 507 and the 1928 A.C.L Code gives fireproofing clearances in Article 506 
(see Appendix). 

We shall asstune that our aggregates are from glacial gravel. The protective coven* 
ing for the top steel will be f in. and the fireproofing for the positive steel will be 
in. The size of steel is not known, but its estimated diameter will be taken some- 

^ The modem floor concrete usually has strength of fc « 2500 to 3000 lb. per 
sq. in. The rather low strength /o 2000 lb. per sq. in. is used in these illustrative 
problems mnce the low allowable stresses require greater attention to design details. 
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v^hat large, so that we shall not be obliged to refigure the minimum clearanoe. Esti 
mating the steel as not larger than bars (Fig. 11), 

Minimum h « d -f clearance =■ 4.65 + 0.76 + 0.26 « 6.66 in. 

Practically it does not pay to vary the slab thickness by amounts less than half 
an inch. We shall adopt a slab 6 in. thick with an actual d » 6 — 1.00 » 5 in. 

It may seem excessively fussy to compute the depth d to hundredths of an inch 
when one has observed the haste and inaccuracies of placing steel. Nevertheless, 
the actual value of d frequently figures an odd fraction of an inch. The values of 
At, j, k, etc., should not be computed to great precision as the actual d may vary 
by an eighth of an inch. 

If the original estimate of the slab thickness is not correct, the computations are 
refigured for a corrected weight until the commercial k agrees with the estimated 
thickness. No steel computations are made until the concrete stresses and dimen- 
sions are satisfactory. 

86. Minimum Depth for Positive Moment. The maximum positive moment 

wt> 

ilf p - — « 28,000 in.-lb. 

I 28,000 

Minimum d « ^ 12 " 

Minimum h * d -f- L50 + 0.26 = 6.61 in. 


We shall adopt a 6-in. slab and use an actual depth d for positive bending of d 
6 - 1.75 * 4.25 in. 


36. Steel. The positive tension steel Ap can be computed. 


Mp 28,000 

' “/.id 20,000 X 0.87 X 4.25 


0.38 sq. in. per ft. width 


The A.C.I. Code provides for the maximum spacing of the main steel in A.C.I. 
Article 710 (in the Appendix). The tension steel must not be too closely spaced 
because it is then difiicult to place and the coarse aggregate will not pass through 
readily. It must not be too widely spaced, or there Ivill be portions of the slab 
which are not served by the reinforcement. / 

The tension steel is best spaced at intervals approxifliately the depth of the slab. 
In this problem the required area can be given by J-ijH^ round bars spaced 6 in. on 
centers, or by ^-in. square bars spaced 8 in. on centerpi^ Use the |-in. round bars. 
If it were desirable to use f-in. round bars, a new ^pth d = 6 — 1.5 — 0.19 
4.31 in. would be used to compute the area Ap, If f-ii|u' round bars were considered, 
the actual d « 6 ^ 1.5 0.31 » 4.19 in. In no case fsan the actual d be less than 

the minimum d of 3.86 in. j 

The maximum negative moment Mn at the suppoii^lB 40,800 in.-lb. and the value 
of d 5 in. The negative tension steel An is computilb: 


Mn ^ 40,800 

ftjd “ 20,000 X 0.87 X 6 


0.47 in. per ft. width 


This steel will be supplied by bending up the positive steel at an angle approxi- 


mately 30®. 


The ratio of these areas, 


0.47 

0.38 


1.24, calk for about 26 per cent mors 
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steel at the support than at the center of the slab. If bent bars shaped Hke T3rpe A 
(Fig. 12) were used, there would be the same area of steel over the support as there 
is in the bottom near the center. If the bars of Type B (Fig. 13) were employed, 



Top of Stab 




Fiq. 13 


there would be twice as much negative steel as positive. To give the desired ratio 
between negative and positive steel use §-in. round bars spaced at 6 in. in the center 
of the span, using Tjrpe B bars for every fourth bar. We shall then have three Type A 
for eveiy one Type B bar and the negative steel will average 25 per cent more than 
the positive steel (Fig. 14). 



Fia. 14 

Another possible steel arrangement is to use Type B bars with Type C bars, which 
are straight bars at the bottom of the slab. If every third bar is straight, there will 
be four bars at each support for every three bars at the bottom in the center, or 
one third more steel at the support (Fig. 15). 



Fiq. 15 
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37. Bending Steed FirH Arrangement, Let us discuss the placing of the ste^ 
arrangement of Figure 14. Diagram 5 (in the Appendix) gives the parabolic bending 
moment curve that can be used for uniformly ^stributed loads (see explanation in 

wl^ 

Art. 340). The base line, JIf *= 0, for the positive bending moment Mp - 


16 




halfway up on the — curve. The positive moment equals zero where this base 

o 


line outs the curve at 15 per cent of the span (25 in. from edge of support). The 
center of this steel is 4} in. from the top. When bent up, its center is 1 in. from the 
top, BO the rise of this bar is 3^ in. If bent at approximately 30° it will reach its 
upper position in 6 in. If all the positive steel is bent up at 25 in., it will reach 
the top at 19 in. from the edge of the support. 

wP 

Again using Diagram 5, the maximum negative moment of Mn =» — has a base 

wP 

line (M « 0) at 73 per cent of — . This occurs at 24 per cent of the span (39 in, 

o 


from the edge of the support). Some of the negative steel must remain at the top 
until it is 39 in. out. If the Type B bars from the adjacent span are extended this 
far before they end and the Types A and B in this span are not at the top after 
19 in. out, only one fifth of the negative steel runs at the top beyond 19 in. (12 
per cent of span). By Diagram 5 the negative moment at 12 per cent of the span is 
73 41 

0.44 the maximum. In other words 20 per cent of the steel cannot care 

73 

for 44 per cent of the moment. To satisfy the conflicting positive and negative 
requirements would require different bending points for the Type A bars and the 
reversal of some of them. This is not desirable. Some designers detail an inter- 
mediate bending position and expect the steel foreman and the inspector to en- 
courage some staggering of the steel as it is placed. In Figure 14 a bending point 
of 33 in. is assumed (20 per cent of the span). The steel that ends on the bottom 
is run 10 diameters (5 in.) into the supporting beam. The steel that ends in the top 
is run to the point of inflection (39 in.) and anchored 12 diameters (6 in.) farther 
out. The bar details are shown in Figure 14. 

Second Arrangement (Fig. 15). In this arrangement for every three positive bars 
there are four negative bars at each support; two of the four come from the adjacent 
span. In this case, if the two Type B bars in this spail!iu^ bent down at 19 in. out, 
there are two bars available from the adjacent span id run out to the point of in- 
flection at 39 in. In other words 50 per cent of the native steel remains at 19 in. 
to carry 44 per cent of the maximum moment. Thi0'|i satisfactory. The bar de- 
tails are shown in Figure 15. The Type G bars willfun continuously for 2 spans 
(29 ft. long) or 3 spans (43 ft. 6 in. long). ' 

86« Selection of Arrangement From the detaili^ of Figures 14 and 15 the 
weight of steel per foot of slab width figures 26 Ibj for Figure 14 and 27 lb. for 
Figure 15. The second arrangement (Fig. 15) isfmore flexible and will be 
adopted. I 

3k Temperature Steel The steel has been figured for its full allowable stress to 
carry the bending moment. It is also true that the idirinkage of the concrete as it 
sets and the temperature and moisture changes aft^ it sets will tend to crack the 
concrete and hence stress the steel This is cared for by putting in additional steel 
at right angles to the main steel which is known a# shrinkage and temperature 



82 SLABS WITH ONE-WAY STEEL {Chap. 3 


stedi. A.C J. Article 707 (in the Appendix) requires p -> 0.002 for floor slabs with 
deformed baiB. 

A, - pW - 0.002 X 12 X 4.25 « 0.11 sq. in. 


Use |-in. rounds at 12-in. spacingB. 

This temperature steel can be supplied also as wire mesh. In any ease it is wired 
to the steel on the side nearest the center of the slab in order to preserve the 
fireproofing clearance (Figs. 14 and 15). This steel helps likewise to tie together 
the steel into a continuous mat which will tend to reinst as a unit. Thus, if 
a concentrated load is applied to the floor, one bar wiH not be obliged to resist the 
load alone. 

wP 

40. End Span. The maximum bending moments in the end span rpr and 


-I . A 6-in. slab is still satisfactory for concrete fiber stress. The steel areas 

14 

and steel arrangement will differ from the interior spans and can be satisfied by pos- 
sibly three different types of bars. Only enough st^ will be bent up at the exterior 
wP 

support to care for Af* ® *" 57 • 


ILLUSTRATIVE PROBLEM 2 

41. Solution by Plots. The previous solution was made by means of the equa- 
tions derived in Chapter 2. The practical designer needs short-cut methods. The 
use of these same equations plotted ^ves a more rapid solution. 

It will be noticed that both equations 11 and 12 (Art. 20) for the bending moment 
can be written in the form 

M -•KbdP 

where K « ifejh or JRT * 

The plot for rectangular beams is given in Diagram 2 in the Appendix, where 
the steel ratios p are abscissae and values of K are ordinates. Thus, if » 20,000 
lb. per sq* in. and /o » 900 lb. per sq. in., K « 157, which is the value fi^ven by the 
intersection of the/* « 20,000 and/* ** 900 curves. The steel ratio p * 0.009. If 
more than this amount of steel is used, the steel stress will be less than 20,000 lb. 
per sq. in. when the concrete stress reaches 900 lb. per sq. in.; if less steel is used, 
the stress will be higher than 20,000. Using K » 157 in equation 14 the same depths 
d will be found as in the solution of Problem 1 and the design continues as in that 
problem. 


ILLUSTRATIVE PROBLEM 8 

42. Solution by Transformed Section. The algebraic equations for rectangular 
beams have graphical counterparts. Such a solution is made by the use of the 
transformed section (Art 22). In other words, for the reinforced section is sub- 
stituted a hypotheticcd section which is either all concrete or all steel and which has 
the same effective areas and effective moment of inertia as the actual section. In 
the problem fpvm (Fig. 11), the unit beam was 1 ft wide. Figure 6a shows the 
dimensions of the section. According to the beam theory we consider in our com- 
potatlmis the concrete only on the compression side of the section. In Figure 66 
the shaded rectangle abed represents the compression area above the neutral axis. 
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For the same strain 1 sq. in. of steel can carry a stress n times that of 1 sq. in. of 
concrete, or it requires n square inches of concrete to carry the same force that 
1 sq. in. of steel takes. On the tension side we count no actual concrete area but 
we substitute for the steel n times as much concrete area. 

Revising equation 2 (Art. 20), we have 

fe 

Z “ 1 

n -- 


which is the algebraic statement that the equivalent concrete stresses vaiy with the 
distance from the neutral axis. If the maximum allowable concrete stress fe equals 
900 lb. per sq. in. and the maximum stress /« equals 20,000 lb. per sq. in. 

k » 0.40 and j » 0.87 (Art. 33) 


By equation 13 (Art. 20), 



900 X 0.40 


2 X 20,000 


The moment of inertia of the transformed section (Fig. 66) about the neutral axis is: 
Tension Area. The area 


ef = nAe « npbd « 16 X 0.009 X 12 X d = 1.62d 

Assuming ^-in. steel the area ef will be f in. high, and have a length or 3.24d. 

2 

The moment of inertia about the neutral axis = In. a. ** Ic.a. + Aa^, where 
In. A. and Ic.g. are the moments of inertia about the neutral axis and center of 
gravity of the area A, respectively. The term a is the distance between the neutral 
axis and the center of gravity of the area. The moment of inertia of the tension 
area equals 


» 0.0338d -f 1.62d»(l - A:)^ 
bh^ ^ 

It is customary to neglect the term — , as it is small compared with the product 

1 « 

Ao®. The moment of inertia of the tension area equaU’ 

1.62(j*(l - 0.40)® - 0.684iP 

'i 

Compression Area. The compression area is a recti^gle. The moment of inertia 
about its base is f 

12(M)» 12X(0.40)3d® 

— tit 0.266d* 

3 3 3 


Total moment of inertia I « 0.684d» + 0.266d* * 0.84Od*. 
From the general beam theory 
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For the extreme particles in compression with positive bending ’ 

28,000(iW) 28,000 X 0.40 

0.84(W* ” 0.840d® 

cP 14.8 or minimum d » 3.85 in. 


Cammercidl Size. When we adopt the actual d » 4.25 in. for a 6-in. slab, the 
fiber stress fe in the concrete will be reduced, because the concrete area is increased. 
The actual steel area should be such that its fiber stress f$ « 20,000 lb. per sq. in. 
Taking moments about the neutral axis, 

(12jW) ^ - (.npbd)(d - kd) 

2 

6(4.26)V - 16 X 12(4.26)*(1 - k)p 
or 

** + mp - 30p - 0 

On the tension side the equivalent concrete stress equals 
f, 20,000 

and 


( 22 ) 


(npbdKd - kd)^ + 


15 

HkdY 


1330 lb. per sq. in. 


15 X 12(4.25)M - + 


12(4.25) k 


3 '■ ■ 3 

13,820(1 - k)*p + 3071:* - 307(1;' + 46JeV - OOfcp + 45p) 


From 


1830 - 


/ 

28,000 X 4.25(1 - k) 


/ 807(k» ■+• ~ mp + 45p) 

+ 46A!V - mp -f 0.292Jfc -f 45p - 0.292 « 0 
The solution of equations 22 and 23 simultaneously gives 


(23) 


k - 0.37 and p = 0.0074 

The solution is difficult, however, and the method of transformed sections is rec- 
ommended only for the determination of minimum depth d. This method gives a 
simpler solution when a completed design is checked (Art. 45). Even then the alge- 
braic solution is quicker. 

The steel area equals 

A. - p5d « 0.0074 X 12 X 4.25 « 0.38 sq. in. 

This is the same value computed by the algebraic solution (Art. 36). Solutions 
by the transformed area are heat made wholly graphically. Plotted at large scale 
Ihey give accurate results.* 


*See te^books on graphic statics. Also ^'Stresses in a Composite Member Sub- 
jected to Ben<fiog and Direct Stress,” by B. A. iUch and W. W. Bigelow, Jottr. 
Boakm Soc. <3fC. M., Feb., 1626, p. 62. 
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CHECK OF DESIGN 
ILLUSTRATIVE PROBLEM 4 

43. Checking Designs. Algebraic. If a drafting-room checker or a building in- 
spector were to check the design given above, he could not assume that /, «= 20,000 
lb. per sq, in., or that fc « 900 lb. per sq. in., as the design may not be made for 
these values. He would note that 

(o) The mix is 2000 lb. per sq. in. concrete. 

(5) The slab is 6 in. deep. 

(c) The positive steel is ^-in. round bars at 6 in. on centers. 

Checking the section of maximum positive bending, 


n « 16 p 

From equation 9 (Art. 20), 
k - 


12 X 4.25 


0.00765 np « 0.116 


^ 2np 4- (wp)* np ^ 0.379 


= 0.874 


2M ^ 2 X 28,000 

* jkh(P “ 0.874 X 0.379 X 12 X (4.25) 

Allowable fc =* 900 lb. per sq. in. 

M 28,000 

“ pjhcP ”■ 0.00765 X 0.874 X 12 X (4.26)* 
Allowable f, « 20,000 lb. per sq. in. 


780 lb. per sq. in. 


19,300 lb. per sq. in. 


Similarly, checking the section of maximum negative bending (Fig. 15), 

P = = 0.0087 k - 0.397 j - 0.868 

12 X 5 


2 X 40,800 

0.868 X 0.397 X 12 X (6)* 
40,800 


790 lb. per sq. in. Safe. 


fm = 18.000 per sq. in. Safe. 

' 0.0087 X 0.868 X 12 X (5)* ' ^ 


ILLUSTRATIVE PROBLEft 6 

44. Checking by Plots. Diagram 2 in the Appendic is also useful for checking a 
finished design. Let us check the design of Problem | by the plots. For the maxi- 
mum positive moment f 


Af 


» 129 and p « 0.00766 


bcP 12 X (4.25)2 ^ 

The intersection of this ordinate and abscissa gives 

/c » 780 lb. per sq. in. and f$ » 19,800 lb. per sq. in. 
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nxnSTRATIVB PROBLEM 6 

45. Checkiiig hy Ttansformed Section. The traiu^onned section affords an alter- 
native method of checking a finished design. A design by transformed section has 
already been given in Article 42. The solution is much easier if the amount of steel 
is known. 

Once again checking Problem 1, the unit beam is 1 ft. wide and the positive steel 
equals 0.39 sq. in. per ft. width. In Figure 6, ^ » 6 in. and d » 4.25 in. The trans- 
formed tension area equals 

nA« 15 X 0.39 5.85 sq. in. of equivalent concrete 

The area ef represents this. It is ^ in. high and 11.7 in. long, the center line being 
4.25 in. from the top. If we wish to check the design by this method, there is the 
difficulty that the position of the actual neutral axis M is not known. The neutral 
axis, however, must be at the center of gravity of the shaded areas in Figure 66. 
Taking moments about the neutral axis, 


il2kd) ^ = 6.86(4.25 - kd) 

It 

%{kd)^ -h 5.85Ad -- 24.86 = 0 and kd * 1.60 in. 


1.60 

4.25 


0.377 


The moment of inertia of the transforzned area about the neutral axis is 
Comjrreasion Area, 


Hkd)^ 12 X (1.60)« 


16.4 


Terman Area, 


11.7 X (i)» 


12 


+ 5.85(2.65)2 = 0.1 + 41.1 


Total I » 57.6 (m.)\ 
Fiber Stress, 


^ Mv 28,000 
^ “ 67.6 ^ 


Extreme fiber stress in the concrete 


/<. “ 486 X 1.60 780 lb. per sq. in. 

The average fiber stress in the steel equals 

/ « 486 X 2.65 « 1288 lb. per sq. in. 

w n/ » 15 X 1288 « 19,300 lb. per sq. in. 

The section of maximum negative moment can be checked by similar computa* 
tions. 
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PLASTIC THBORY— DESIGN OF SLAB 


aLUSTRATIVE PROBLEM 7 


46. Plastic Theoiy. Let us solve Problem 1 by the plastic theory, assuming bal- 
anced design. As before, we take a slab strip 1 ft. wide and assume it to be 6 in. 
deep. The uniformly distributed load w « 205 lb. per ft. Mr. Whitney recom- 
mends * that the allowable dead plus live load be taken as four tenths of the ulti- 
mate load; in other words, that the allowable stresses be taken as four tenths the 
compressive strength of the concrete and four tenths the yield point of the steel. 


Negative Bending. 

Mn 


wl^ 205 X (13.5)2 X 12 
11 11 


40,800 in.-lb. 


By equation 20 (Art. 25), 


3M 3 X 40,800 


800 X 12 
h « 3.56 + 0.75 -f 0.25 « 4.56 in, 
Positive Bending. 

wP 


12.7 in. and d =» 3.56 in. 


Mp - 28,000 in.-lb. 

^ 3 X28,000 

d — - * 2,96 in. 

800 X 12 

h « 2.96 + 1.5 + 0.25 = 4.71 in. 


Revising the slab thickness to 5-in. depth, the load w « 193 lb. per ft., Afn = 
38,400 in.-lb., and Mp * 26,400 in.-lb. The minimum depth h =» 4.46 in. for nega- 
tive bending and h = 4.62 in. for positive bending. Use a slab 5 in. thick. 

Steel. Equation 21 gives the steel area for balanced design. 


Positive Bending. 

A. - 


M 

0.732/pd 


26,400 

0.732 X 20,000 X 3.25 


0.56 sq. in. 


Use |-in. square bars spaced at 5 in. (area * 0.60 8l|t in.). 


Negative Bending. 

A$ 


38,400 

0.732 X 20,000 X 4 


0.61 sq. 


This area is 10 per cent more than the actual posHfve steel. Adopting the steel 
arrangement of Figure 14, we get one fifth increase 1^ using one Type B bar for 
every four Type A bars. 

Economy. A comparison can be made of the above ttssults with those of Problem 1 
if costs are available. Let us assume that the forms cost the same in both designs, 
that 2000-lb. concrete costs 35 cents per cubic foot and steel costs 5 cents a pound in 
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place. Since the commercial spacings of the steel are often in excess of the theo- 
reiicdl, this comparison is made using the same bar types but spacing them at the 
minimum possible of 6.19 in. for the working-stress design and 5.S5 in. for the plastic 
theory. A strip of slab 1 ft. wide and 14^ ft. long will cost: 



Working-Stress 


Plastic Theory 


Theory 

Balanced 

Under-Reinforced 

Ckincrete slab, 6 in. 

$2.54 


$2.54 

5 in. 

Steel, 26.2-lb., ^-in. round 

1.31 

$2.12 


36.8-lb., |-in. square 
24.3-lb., ^-in. round 


1.84 

1.22 

Total cost 

$3.85 

$3.96 

$3.76 


47. Under-Reinforced Slab. Let us assume a 6-in. slab which requires less than 
balanced-design steel. Using the plastic theory and the negative moment, by equa- 
tion 19, 


a r f 2.36 X 40,800 ’] 

d^L \ 800X 12 X(6)*J 


0.225 


- 1 - ^ « 0.887 and c = 0.887 X 6 = 4.43 in. 

d 2d 


Negative A. 


Af 


40,800 


0.46 sq. in. 


fyc 20,000 X 4.43 
For the positive moment of 28,000 in.-lb., and d * 4.25 in.. 


§ -> 0.212 3 - 0.894 and c - 3.80 n 

a a 

^ , 28,000 . 

Positive A, « TT-rrz — ** 0.37 sq. m. 

20,000 X 3.80 ^ 

Use l-in. round bars spaced at 6 in. (Area » 0.39 sq. in.) 

The required negative steel area is 18 per cent more than the actual positive steel. 
Use the arrangement of Figure 14 with four Type A bars for one Type B bar. The 
, relative cost is included in the tabulation above, assuming the ^-in. round bars to 
be spaced 6.35 in. on centers. It will be noticed that the balanced design of the 
plastic theory is somewhat greater in cost than the working-stress design, and it 
uses less concrete and more steel. The cost of the under-reinforced design is much 
cheaper than the balanced, and sligbtiy less than the working-stress design. 

48. SuminAiy* A designer or inspector working in a given city soon 
memorizes the values of K called for by the city building code and works 
without reference to any text or plot. However, the student is advised 
to tiy all the methods indicated so that he may use any one with facility 
and also determine which one suits his own personal taste. The ex- 
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perienced designer uses the plots and tables unless he deals with a con- 
crete strength for which there are no plots, whereupon he designs on 
the basis of the fundamental algebraic equations. 

One-way slabs are designed as rectangular beams to carry the applied 
bending moment. Unusually heavy loads for short spans require a check 
for shear stresses (see Chapter 6). Slabs with very long spans should 
be checked for deflection (Art. 165), 

With the exception of the plastic theory the designs illustrated in this 
chapter are computed due to the loading only. The allowable stresses 
have been adjusted by experience low enough so that the usual shrinkage, 
flow, and temperature changes do not give excessive deformations. 



CHAPTER 4 


SHEAR, BOND, ANCHORAGE, AND DIAGONAL TENSION 

The fiber stress equations for a rectangular reinforced concrete beam 
can be used to design or check rectangular beams when the fiber stress 
at the section of maximum bending moment is the critical stress. This 
is the case for fioor slabs of ordinary dimensions, and the illustrative 
problems have covered such slab designs. The safe design of the sup- 
porting beams with their greater depths and loads requires that the 
maximum shear stress be also investigated. The shear stress equation 
is derived in this chapter. 

Whenever there are large shear stresses it is possible that tensile 
cracks may appear in the concrete on other planes than the cross sec- 
tions. Tension on these inclmed planes, called diagonal tension, will 
also be discussed and the computation of the diagonal tension steel 
known as tocb steel 

We have previously stated that tension steel is used in a reinforced 
concrete beam to take the tensile pulls which otherwise cause cracks in 
the concrete. This statement is incomplete because the steel must also 
transfer its load back to the concrete before the end of the bar is reached. 

M 

The load, or pull T, in the bar is determined by the relation T = ~ 

3d 

as long as the bar is in tension. The decrease of the pull T requires 
that the adhesion, or friction, between the steel and concrete shall be 
sufficient to keep the steel from slipping. This frictional stress, or bond 
' stress, is also discussed herewith. After the bar passes the point of in- 
flection it ceases to be in tension, as it is now in a compression region. 
Any further length that may be given it may be regarded as anchorage. 
The usual requirements for anchorage are explained in subsequent art- 
icles of this chapter. 

49. Fiber Stress and Shear Stress Variation. The fiber stresses in 
cross sections of beams of timber or steel are figured by the usual rela- 
tion 

I 
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The fiber streea is uniformly varying, and the maximum tension or 
compression occurs on the particles farthest from the neutral axis (Fig. 
16, section AA). 



The particles in a cross section of a steel or timber beam also have 
vertical shearing stresses due to the shear force at the section. The 
magnitude of this shearing stress is given by the equation 

VQ 


where v = the intensity of vertical shearing stress 
V = the total shear force at the section 

Q — the statical moment about the neutral axis of the portion of 
the cross section beyond the layer containing the particle 
b - the width of the layer containing the particle 
I — the moment of inertia of the whole cross section about the 
neutral axis. 

For a rectangular beam the stress varies in a parabolic relation, as 
shown in section BB of Figure 16. These stresses are vertical stresses, 
even though they are plotted horizontally for 4tomparison. The maxi- 
mum value Vniai. occurs at the neutral axis and as 

3 F 3F 

where A = the area of section = hh. | 

60. Fiber Stress Variation— Reinforced Coiirete. In Chapter 2 the 
variations of the concrete fiber stresses and ^e average value of the 
steel fiber stress due to working loads were djaitived for reinforced con- 
crete beams. The concrete compression stresaes are uniformly varying 
(section DD, Fig. 16) while the tension in the cnncrete is not considered. 
The steel stresses are averaged at the oeat^ of gravity of the 
steel area. 
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SHEAR 

61. Shear Stress-Reinforced Concrete. It is now necessary to de- 
rive expressions for the variation of vertical shear stress on the cross 
section of a reinforced concrete beam. 

Let us take a rectangular reinforced concrete beam which has a width 
b, height h, and depth d from the extreme fiber in compression to the 
center of gravity of the tension steel. This section is shown in Figure 
17o with the compression area above the neutral axis cross-hatched. We 



will take as a rigid body the portion of the beam lying between the cross 
sections dx apart (Fig. 17&). The external forces acting on this body are 

Cl and Ca =* resultant of the uniformly varying com- 
On sections 1-i pressive stress 

and Ti and Ta resultant the tensile steel stresses 

Vi and Va = resultant of the vertical shear stresses 
On top surface w »= avera^ intensity of the distributed loads 

on the beam between the two sections 

Since these two cross sections are very near the neutral axes may be 
assumed to be the same distance kd down from the top on both sections 
and the two forces Ci and Ca will act along the same line, dx being small 
enou^ to insure I per cent accuracy for this assumption. The two 
forces Ti and Ta also act in line and the moment arm jd of the couples 
at each sectkm will be the same. If there is a load wdz acting on the 
body, Vi does not equal Fj. By the condition of equilibrium of statics, 
2F- 0. 

Va — Vi — wdx 0 

If Fi » 10,000 lb. and dz is so small that wdx » 10 lb., then Fa ■> 
10,010 lb. In such a case the statement that Ft Fa « F is wdl within 
1 p»r cent accuracy. 
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If we take moments about a point on the neutral axis at its center 
dx 

— from section 1-1, we have, by the condition of equilibrium SAf = 0, 

dx V^dz 

Ti(jd) - TzUd) -Vi + (vxix) X 0 - 0 

2 2 


(Ti - Ta)jd -Vdx^O 

This assumes that the couple at section 1-1 is greater than that at seo 
tion S-S. Then 

Vdx 

Ti - Ta = — (24) 

jd 


Ti — Ta is the difference in pull at the ends of the steel bars; in this 
case it tends to pull the lower part of the body to the left. The push 
Cl — Ca will be equal to Ti — Ta and will tend to move the top part 
of the body to the right. There wiO be, therefore, shear forces on longi* 
tudinal planes through the body. 



Fio. IS 


Taking as a rigid body that portion of the rigid body of Figure 17 
which lies below the longitudinal plane pqr (Fig. 186) we have the fol- 
lowing external forces acting. 

Tt and Ta = tensile force in stael 

On sections 1-1 Sp = & portion of the Vertical shear force Fi 

and 2-2 or Va 

On longitudinal I Si resultant of longitbdmal shear stresses on 

plane pgr plane pqr t 

Since we have assumed Vt = Va - V and 4^ considering identical 
parts of sections 1-1 and 2-2 for the rigid bo<^^ the portions Sp of the 
vertical shears Fi and Va are equal. Appl 3 rin|| the condition of equi- 
librium, Eff = 0, to the body gives 

Ta+Si-Ti^O or Ti ’i- Ta » 8i 

If the section pqr is taken above the neutral axis (Fig. 18c), there 
acts on the body a portion of the compression stresses whose resultants 
are Z>i and Da. 
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In that case, ZH ~ 0 gives 

{Tx-T2)-iPi^D2)^8i 

Between the steel and the neutral axis the maximum longitudinal 
shear force Si amounts to Ti — T 2 > Above the neutral axis the longi- 
tudinal shear Si will be gradually reduced as the compressive forces 
equalize it. The top particles have no longitudinal shear, as the sum 
of the longitudinal forces 

(ri - T2) - (Cl ^ C2) - 0 


This force Si is equal to the average stress si times the area, or 


Si = Bjbdx 

Si ~ sihdx « {Ti — T2) 


and 


Vdx 

jd 


81 — — 

bjd 


By a theorem of the theory of elasticity, the shear stress intensities 
on perpendicular planes through a particle are equal The intensity of 
vertical shear stress v is equal to the longitudinal shear stress intensity 


Si, or 



(25) 


The variation of the vertical shear stress v for the given rectangular 
beam is shown at section EE, Figure 16. Equation 25 gives the maxi- 
mum stress only, which is a constant between the neutral axis and the 
tension steel There is a variety of possible cross sections whose com- 
pression areas are rectangular, and which are, therefore, rectangular re- 
inforced concrete beams. For the sections of Figure 4 the shear force 
Si ^ Ti -- T 2 will be unchanged on any longitudinal plane pqr (Fig. 17) 
between the tension steel and the neutral axis. However, the maximum 
intensity of shear stress will occur on the layer pqr between the tension 
steel and the neutral axis which has the least width. 

fi2. Allowable Shear Stresses. A.C.I. Article 306 (see Appendix) pro- 
vides four values of the allowable vertical shear stresses. If the cross 
section is unreinforced, the maximum intensity of vertical shear at sec- 
tion AB cannot exceed 0.02/'c. 

If there is steel passing through the section, the resistance to vertical 
d!iear is much increased, since the steel must also be sliced off to produce 
failure. Therefore a maximum shear intensity of O.OO/'o is allowed for 
ordinaiy anchorage. 
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If there is steel at both top and bottom, there is still greater resistance 
to shear, and even higher allowable values may be used for the combined 
action of steel and concrete. This is also true if greater attention is 
given to steel placement and anchorage. The maximum allowable value 
of shear intensity is 0.12/'c for special anchorage. For continuous beams 
there is steel in the top and bottom of the section of maximum shear. 
For these beams the higher allowable stresses of special anchorage re- 
quire a more rigid beam-column connection produced by greater anchor- 
age lengths. This excess weight of steel is usually justified because of 
the increased values of shear and bond stresses that may be used for 
computations. The requirements for ordinary and special anchorage 
are discussed under A.C.I. Articles 902 and 903 (see Appendix). An 
illustration of the use of the shear stress formula is given in Problem 8 
in Chapter 5. 


Bom> 


63. Adhesion. It has been previously stated (Art. 51) that the un- 
balanced pull Ti — T 2 in the tension steel tends to produce longitu- 
dinal shear in the concrete. This caimot occur, of course, unless there is 
adhesion, or bond, in the form of friction between the steel and concrete. 
The deformed bar has projections, also, which must plow their way 
through the concrete if the bar slips. There is a direct pressure on these 
projections in addition to frictional resistance. On this account the de- 
formed bar has an advantage, even though harder to handle, and de- 
formed bars will be used in the illustrative problems of this tx)ok. 

64. Bond Stress Equations. The bond stress u can be computed by 
use of the rigid body of Figure 17 and the relations derived in computing 
the shear stress v. From equation 24 


Ti - r2 = 


Vdx 

jd 


This unbalanced pull in the steel will cause i^l^ping of the bar unless 
balanced by the adhesion between the concrete |^d steel in the length di. 
This bond force is equal to the average bond Aress u in the length dx 
times the area of contact between the steel an|i concrete. The area of 
contact is equal to the sum of the perimeters of .^e bars times the length 
and is written as (So) {dx). 

Vdx 

Bond force = u{Xo)dx = Ti — Sr 2 — 

jd 


V 

(2o)jd 


Bond stress =* u — 


(26) 
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llie bond stress can also be obtained in terms of the bending moment. 

Ml ■ , M, 

— and Ta “ — 
jd jd 

Ml - Mi 


Ml - Tijd or Ti 


Ti-Ti 


jd 


But the distance between these sections is only dx, and Mi — Ma can 
be written as dM, a small difference in bending moment. The bcmd 

dM 

force in the length dx equals Ti — Ti, or — . 

dM 

Bond force =■ u('So)dx = Ti — Ta “ — - 

jd 

Ti-Ti dM 1 

u = — * (27) 

Xodx dx 2ojd 


This is another form of equation 26 since, by applied mechanics, V = 

, or the vertical shear equals the rate of change of bending moment. 
dx 

The bond stress u varies with the difference in pulls Ti — Ti of the bars, 
and, therefore, with the rate of change of the bending moment. 

06. Posddon of M««miiTn Bond Stresses. If a beam is fixed or par- 
tially fixed at the ends and is loaded with a uniformly distributed load 

of w pounds per foot, the bending 
moment diagram will be of the 
shape shown in Figure 19. Let us 
assume that partial fixity gives 
* Mp = 600,000 in.-lb. 

The positive tension steel in the 
bottom of the beam has the maxir 
miun allowable stress/* ‘*•20,000 lb. 
per sq. in. at section C of maxi- 
mum positive bending moment M, 500,000 in.-lb. The curve does 
not vaiy rapidly here, and a foot away at D the bending moment is 

also large, say 460,000 in.-lb. The change of bending moment — in a 

dx 

foot is 10,000 in.-lb. Ihe bending moment at F, the point of inflection, is 
sero, and a foot away at ^ is 131,700 in.-lb. Here the change of bendbg 
momwt per foot is 131,700 in.-lb. and is a much more severe case for 
bond. This is abo indicated, of course, by the fact that the vertical 
Y is greater at F than at C. 



htnmSOOfOOOinJb. 

Fig. 19 
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On the other hand, for negative bending near the support the tension 
steel will be at the top of the beam. At Ay the section of maximum 
negative bending moment, the moment Mn * --500,000 in.-lb. A foot 
away at H the moment equals —310,000 in. -lb., giving a change of 
moment per foot of 190,000 in.-lb. At the point of inflection F the 
moment is zero; a foot away at Q the moment is 16,000 in.-lb. The 
most severe bond conditions for the negative tension steel are at the 
support where the shear force F is a maximum. 

In general it can be stated that the greatest bond stresses occur where 
the bending moment curve is the steepest, or in other words at the section 
of maximum shear force while the bar is in the tension side of the section, 

56* Difference between Bond and Anchorage. The designer does not 
have control of the variation of the bond stresses, for they vary with 
the bending moment diagram. It does not help to use a longer bar. 
He can obtain lower bond values by using smaller bars or by fulfilling 
the requirements for special anchorage (A.C.I., Art. 903) . A 1-in. square 
bar has an area of 1 sq. in. and a perimeter of 4 in. Four ^-in. square 
bars have an area of 1 sq. in. and total perimeter So = 8 in. Using 
four ^-in. square bars instead of one 1-in. square gives the same area 
and weight of steel but reduces the bond stresses by half, since the 
perimeter is doubled. 

It should be emphasized that tension steel is checked for bond only 
while in active tension. Thus in Figure 19 the positive tension steel is 
checked only between sections F and J, whereas the negative tension steel 
at the supports is checked only between sections A and F, or B and J, 

After the positive tension steel passes beyond the point of inflection 
Fy it is no longer in tension and the distance it then runs is regarded 
as anchorage. Theoretically the stress in the b|fcr is zero at F and its 
use as tension steel is completed, but it is coilnted for bond at this 
point and it is customary to run the bars fartlifer to permit such use. 
In fact, some of this steel is continued on the bottom into the support 
to give a more rigid column-beam connection a^d to support stirrups. 

Similarly the negative tension steel is checke<|for bond only between 
sections A and F, Any of this steel which cont|mes on the top toward 
the center is being anchored. It is customary run some of this steel 

to the center line to afford support for stirrups,! 

1 ; 

ANCHORAGE 

S7. Anchorage. Anchorage does not bepn f^r tension steel until it 
has passed out of the region of tension. The iwgth of anchorage, and 
hence the stress variatitm, are entirely at the oontarol of the designer. 



«B SHEAR, BOND, ANCHORAGE, DIAGONAL TENSION [Chap. 4 

Thus, in Figure 20a, if a bar k embedded in concrete and is pulled 
by a force T, the necessary length of embedment can be computed. 
Let u equal the average bond stress between the concrete and steel If 


t 

A\ C 


a 

► 


f 

B 




Etnvafion 


(a) 

Pig. 20 


the bar does not slip, the pull T must be balanced by the bond force 
between the concrete and steel. Let a be the diameter of a round bar 
or the side of a square bar. 

Round Bar. 


Then 

and 

Square Bar. 


Bond force = uical 


wa^ 

^ T -,, ~ uval 

4 



4w 


Bond force = uial 
f,a® = u^al 



iu 


(28) 


(28) 


Figure 206 r^resents a wall beam supporting the exterior end of the 
exterior span of a slab. At the face of the support A the continuous 

slab is subjected to a maximum negative bending moment Af„ = ~ "xr • 

The n£|^ve tension steel at the top of the slab has a stress of 20,000 
lb. per sq. in. At A the bar must run far enough in both directions to 
anchor this pull If the concrete tests /'« <» 2000 lb. per sq. in., the 
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bond stress u = 0.05/'e = 100 lb. per sq. in. (see A.C.I. Art. 305 in the 
Appendix). By equation 28 


20,000 X a 
4 X 100 


= 50a 


To the right of A while the bar is in active tension, the bar runs more 
than 50a. To the left of A it must also run 50a into the beam/or andm- 
age. At this same support some of the positive steel has not been bent 
up. When it passes the positive point of inflection B it has zero stress 
theoretically, but it is customary to anchor zero stresses by 10a for ordi- 
nary anchorage or by a hook for special anchorage. Hence, carrying 
the positive bar 10a to the left of the point of inflection will anchor it, 
but this steel will be run into the support with an anchorage of 10a to 
give a more rigid beam-slab coimection. 

68. Allowable Bond Stresses. The bond strength has usually been 
determined by tests which pull a bar from a concrete block. In the 
pull-out tests the block is usually set on the top of the machine and the 
steel bar grasped and pulled. The concrete is in compression and the 
steel in tension. In the actual beam both are in tension. A few tests 
have been made with the concrete in tension. They do not indicate a 
great variation from the usual results. The allowable bond stresses u 
given in A.C.I. Article 305 are based on the compressive strength/'* of 
the concrete. The factor of safety has been so adjusted that these 
allowable values compare favorably with the bond computation data 
from reinforced concrete beam tests. If a moderately good design is 
contemplated (ordinary anchorage), bond stresses of « = 0.05/'* are al- 
lowed for deformed bars. If greater attention is, paid to anchoring the 
bars, as in special anchorage, allowable bond strewes of u = 0.075/'* are 
permitted for deformed bars in beams, but u mi^t not exceed 250 lb. 
per sq. in. 

Anchorage lengths are always computed for th# lower frictional stress 
of u = 0.05/'*. , J 

The appUcation of the bond stress formula a|4 of the anchorage re- 
quirements to a design is given in Problem 8 (<|bapter 5) and the sub- 
sequent beam problems. 1 

Steel which is in compression seldom requires i^check for bond stresses. 
As will be shown in Article 83, the compressioib force C"« in the steel 
does not change rapidly in magnitude, since it forms only a part of the 
total compression force C at any section. The necessary bond stresses 
are small and are aided by the bearing of the end of the bar against the 
concrete. 
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DU60NAL TENSION 

99. Diagonal Tension. A plain concrete beam will scarcdy support 
its. own wei|^t because the tensile strength of concrete is so low. Sudi 
a beam will fail suddenly without warning at the section of maximum 
bending moment (Fig. 21a} by a crack which starts on the tension ade. 
Hie collapse is immediate, and the beam falls into two pieces. 

Hus sudden failure can be prevented and the applied load mudi in- 
creased by introducing steel to take the pull that would otherwise cause 
the craddng of the concrete. This steel is computed by the bending 
moment equation 12. In order to take the pull, tiiis steel must transfer 
the simss back to the concrete, before it ends, by suitable anchorage in 


1 



^ 






V , 

(a) 

Fia. 21 


00 



some compression r^on. With the introduction of bending moment 
steel the concrete will crack slightly at the section A of maximum bend- 
ing moment (Fig. 216). As the load increases, sections of smaller bend- 
ing monmnt will be overstressed in tension and the concrete will crack 
as far up as the bending moment steel. Eventually the beam will fail 
suddaily, cracking along a line such as BC. This is a tension failure, 
as evidenced by the opening up of this crack, but the presence of the 
longitudinal bending moment steel does not prevent tl^ tension fail- 
ure. However, the steel does prevent the beam from collapsing in two 
separate parts. 

The appearance these cracks and the failure by tension on the 
diagonal plane BC can be predicted by the stress analj^ of the theory 
of elasticity. If we consider a plain concrete beam, simply supported 
and loaded with a uniformly distributed load, the fiber stress / and the 
Aear stress v can be figured for any particle in any cross section. The 
shear stress S{ on a Icmgitudinal plane through the same particle are 
known to be equal to the vertical shear stress v. The principal tensile 
Bbxm ni can be computed by the relation 
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The principal tensile plane, or plane with the maximum tensile stress, 
will make an angle with the cross section equal to a, where 

2v 

tan 2a — — 

J 

At the section of maximum bending moment the shear equals zero 
and ni « /. The cross section is the principal tensile plane, and a crack 
will tend to form along this cross section. At other sections shear forces 
will be acting, and the principal tensile stresses will be inclined at differ- 
ent angles to the cross section, depending on the relative magnitudes of 
the fiber stress / and the shear stress v. If we consider an imreinforced 



Beam with 5upport£D Enm - Hale 3pam 
Fig. 22 

rectangular concrete beam of span I and loading w pounds per foot, the 
direction of these principal tensile stresses can be sketched by a series of 
lines such as the unbroken lines in Figure 22. AH these lines cross the 
neutral axis at 45®, since there / =*= 0 and tan 2a ^ <x>, giving 2a » 90® 
and a = 45°. 

The dotted lines in Figure 22 drawn perpendicij^ar to the direction of 
maximum tension mark the direction of possible of^cks in different parts 
of the beam. It will be noted that in the center^ the cracks nearly co- 
incide with the cross section, and the longitudinal^lsteel perpendicular to 
these possible cracks prevents their appearance. ||ear the end the cracks 
are about 45® with the longitudinal and the benppg moment steel can- 
not alone take this pull. 

Figure 23 shows the same full lines of maximunllension and the dotted 
lines of possible cracks for a cantilever beam of ipan I and loaded uni- 
formly with w pounds per foot length. The are all inclined, and 
longitudinal steel alone will not prevent their ai^arance. 

In Figure 24 a beam with fixed supports is r^esented. Its span is I 
and the load is w pounds per foot u:^ormly distdbuted. Such a beam 

has a maximum negative bending moment of itfn — at the ends 
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wl^ 

and a tnaytTnum positive bending moment of Mp ^ • Here, again, 

for a large part of the span the possible cracks are inclined and longi- 
tudinal steel alone is not sufficient. 



JMnsction of /loximum Tensic?n 

Fig. 23 



Pirttctipn of Maximum l^nsion 

Fig. 24 


The minimum weight of steel is required, if the longitudinal steel is 
bent into curves coinciding with the lines of maximum tension, so that 
the steel is always in the direction of the pull. A more practical possi- 
bility is to approximate these lines as in Figure 25. For commercial 


w fb, per ft* 
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Fig. 25 Fig. 26 


work^ however, it is customary to make bends of 46®, or thereabouts 
(fig. 26a). Such a bend is satisfactoiy near the support of the beam 
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of Figure 22. It is reasonably satisfactory throughout the q)aa for a 
cantilever beam (Fig. 23) and from the support to near the quarter span 
for the fixed-end beam (Fig. 24). Most concrete beams in a building 
are partially fixed, and 45° bends are satisfactory between the support 
and the quarter or fifth span. 

Certain designers prefer to use straight bars for all bending moment 
steel. They provide for diagonal tension cracks by adding vertical steel 
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in the form of stirrups (Fig. 27) which act with the longitudinal steel 
to give a resultant pull in the proper direction (Fig. 26&). 

60. Steel Systems. There are many systems of steel placement for 
continuous concrete beams, but three types are in general use. 

Tj/pe 1 (Fig. 28) consists of straight bars for longitudinal bending mo- 
ment steel, and stirrups for diagonal tension reinforcement. The posi- 
tive steel on the bottom can be cut off as the bending moment reduces, 
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Fig. 28 

but the anchorage specifications require that soiie of the bars run into 
the support to assist in forming a rigid connectifn. The negative ten- 
sion steel at the top is needed in full amount at fihe support. Some of 
these bars run to the center line and lap with tlie bars from the other 
support. The stirrups are wired to the top azud bottom steel so that 
they cannot slip as the concrete is poured. This system is easy to de- 
sign, as separate bars are supplied for positive and negative steel and 
for dia^nal tension. It gives a greater weight of steel than the other 
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mefthods. Its advocate daim, however, that the total cost Is not more, 
as it can be placed rapidly and requires no bends except for the stirrups. 
An illustrative design using this system is given in Problem 8 (Chapter 5). 

Type fS. The second system of steel placement consists of straight 
bars in the bottom for positive steel as before, and the inverted U bars 
for the negative steel at the top over the support also act as diagonal 
tension steel (Fig. 29). These bars are bent down as near as possible 

i 


I 



Fig. 29 

to the support. They are hooked at the bottom about spacer bars which 
are wired to the bottom steel. Two negative bars run to the center 
line to carry the few stirrups which may be needed to complete the 
diagonal tension reinforcement. This system is nearly as flexible as 
type 1, though the negative steel must perform two functions, acting 
as negative bending moment steel and later as diagonal tension steel. 
The weight of steel is less; but the negative bars, which are usually 
medium size, have four bends each. An illustrative design using this 
system is given in Problem 17 (Chapter 7). 

Tj/pe S, A third system of steel placement provides the positive steel 
in two types of bar shapes (Fig, 30). The bottom row consists of straight 




P !■ — !■ 1| 


n LJ 

Fig. 30 

bars as in the previous cases. Some of these straight bars run into the 
support for anchorage. The top row are shaped as in Figure 31 and are 
known as truss bars. These truss bars act as positive steel and diagonal 
tension steel in this span, and as negative tension steel at each support. 

The use of one bar for ^ree 
functions necessitates great care 
in the design. Hie system is not 
flexible, and it is difficult to meet 
the vai^ldng requirements for moment for end spans and unusual h>ad<- 
ing^. The weight of sted is often more than for type 2, wlnle for long 



.Fig. 31 
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spans the truss bars have excessive lengths. The truss bars have four 
bends. The labor cost is probably greater than for type 2. An illus- 
trative design using this system is given for the girder design of Problem 
17 (Chapter 7). 

61. Diagonal Tension Reinforcement. For any particle in the beam 
the tensile stress on the principal plane is given by equation 29 (Art. 59). 


2 2 


When the fiber stress / is large in comparison with the shear stress v 
the maximum tension t is nearly longitudinal in direction, and the longi- 
tudinal, or bending moment, steel prevents the spread of tension cracks 
in the concrete. The maximum tension t makes a considerable angle 
with the longitudinal direction when the shear stress v is large in com- 
parison with the fiber stress /. The use of equation 30 involves much 
labor, and, therefore, for commercial designs it is customary to assume 
that t is proportional to v in diagonal tension computations. Wherever 
the fiber stress / = zero, t = v. Therefore, at the neutral axis of all 
sections t = v. Wherever the maximum tension t is considerably in- 
clined, t may equal 1.5v, or 2v, or < •= kv, depending on how small the 
fiber stress / may be at the particle considered. In commercial work it 
is customary to design the diagonal tension reinforcement in terms of 
the maximum shear stress v in the cross section, assuming that t <= kv. 
The constant k is taken laige enou^ and the albwable value of v is ad- 
justed so that the portion assigned to the concrete of the total tension 
on a particle does not exceed the allowable tension of concrete. There- 
fore, in the analysis of diagonal tension the conc^te is ssumed to take 
some tension. This can be safely done as the sections in question have 
small bending moments and the concrete has no^et cracked in tension, 
while fine hair cracks may have already appeaxed^at the sections Of huge 
bending moment. 

The allowable diear stresses v, or equivcdent tenkion stresses, which will 
not exceed the allowable tension in the concreMiire given in the A.C.I. 
Code (see Appendix), a distinction being there<||{iade between ordinary 
and ^^dal anchorage of the steel. f 

The tension on a particle is divided between ^ diagonal tension steel 
and the concrete, so that i I 

V=Ve + V, 

where v » maximum shear stress at a given cr^ section 

Vc allowable shear stress, or tension equ^mlent, takor by concrete 
V, m remaining shear stress, or tension egfemknt, to be taken by 
diagonal torsion reinforcmnent. 
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Ilie amount of diagonal tension steel can be computed by jelationB 
derived as follows. 

62. Diagonal Tension Equation for Stirrups and Bent Bars. Let fig- 
ure 32a represent one end of a beam ^ with bars bent up at an ang^e a 
with the longitudinal steel and crossing a plane AB of a possible diagonal 
toioon crack which makes an angle 6 with the longitudinal steel The 
bent bars are spaced a distance e perpendicularly, or a lon^tudinally. 
The beam is b inches wide. 




I 

1 



Fia. 32 

Aaaumption 1. For valuea of a between 4S° and 90°. Let us assume 
that the bent bars are nearly perpendicular to the crack or, in other 
words, nearly in line with the pull. The tensile stress T on plane AB is 
perpendicular to the crack AB and makes an angle of 90° — (l7 -f- a) 
with the bent bars. The stress T can be resolved into a component t 
along the bar and one perpendicular to the bar. 

The component perpendicular to the steel equals 

Tsin [90° - (^ + a)] 

The angle is small, by the assumption, and the concrete can withstand 
this stress, which can be resolved into tension and shear on the plane of 
the crack. 

The component along the bar equals 

T cos [90° — (4 + «)] 

This component is withstood in part by the concrete and in part 
the bent bar. Let us designate the portion taken by the steel as Vt cos 
[90° — (4+ a)]. The middle bar of the three shown in Figure 32a must 

»See Jaur^, Boston Hoc. C. E., February 1926, pp. 76-76, by Profewor Hale 
Sutherland. 
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withstand the pull on an area of the crack e long and b wide, where e 
is measured half way to the adjacent bars in the plane of the crack. 
The steel takes a total pull, 



r, = vjbe cos [90° — + a)l 

By trigonometry 

c 


- « cos [90° - + a)] 


e 

and 

c 

- sin a 

8 

therefore 

e cos [90° — (^ + a)] - c - s sin a£ 

also (Art. 51) 

V, 


Vm ““ ■ ' ' 

bjd 

then 

Tt = Vgbs sin a 

But 

< 

ti 


where a, = area of diagonal tension steel 
f, = tension stress in this steel. 


Then 

a«/» = v,bs sin a 


or 


and 


a«/« 
ba sin a 


(31) 


, , a»/« 

V - Pe + », = Pc + 7 — : — • (32) 

bs sm 

Equation 32 is given by the 1924 Joint Comj^ttee Report. 

Aaaumpiion 2. For vcdties of a less than 45°, l| this case it is assumed 
that the steel makes a considerable angle with &e crack and a resolu- 
tion of stresses as in assumption 1 would give foo great a component 
perpendicular to the bar to be taken by the conovete as tension and shear 
on the plane of the crack. The total tensile stress T on the plane is 
taken partly by the concrete tensile stress Ve aild the rest by the steel 
stress P(. In assumption 2 the tension stress T, which is perpendicular 
to the plane of the possible crack, is resolved into a component ti parallel 
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to the longitudinal steel and a component t parallel to the bent bars 
(Fig. 33). This assumption is justified because the crack will tend to 
start at the bottom where the longitudinal steel and bent bars are botii 
present and able to take tensile pulls. 

The tensile force F acting on the plane of 
the crack for a length e equals 

The 

Its vertical component is 
, Fig.^33 = Ti)e sin (90*^ — = The cos $ 

Since the component stress ti is horizontal, the vertical component of 
/ equals the vertical component of T (Fig. 33). The vertical component 
of the force parallel to the bent bar is 

Bv = Tbe cos 6 

The force B can now be computed by dividing by ain a. The force B 
is supplied partly by tension in the concrete, partly by the tension in 
the steel bar. Let v, be the portion of the stress T taken by the steel. 
Then the force T, in the bent bar equals 



T. 


vj>e cos 0 


sm a 


As before 

or 

and 

substituting, 


e cos [90® — (^ + a)] » s sin a 
s sin (^ + a) == s sin a 

ssin a 


T. 


sin (fi + a) 

vj) cos 0 s sin a vj)8 cos 6 


r, « 


sin a sin {$ + a) sin (B + a) 
cos^ 


sin B cos a + cos ^ sin cx 




Vm « 


as before 


smB COB a + coa $ mxx a 
bs cos^ 
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If the crack angle 9 — 46®, sin 6 - cos 6 and 


V, 


a»f$ 

bs 


(sin a + cos «) 


( 33 ) 


This is the equation given for this case in the 1924 Joint Committee 
Report. 

For the special case, when a » 45®, equations 31 and 33 give identical 
values of 


V, 


1.410./, 

bs 


(34) 


63. Application to Design. Since bent bars in beams are usually at 
an angle of 45® and stirrups are vertical, equation 32 can be used for 
all diagonal tension computations. Illustrations of the application to 
stirrups and to bent bars are given in Articles 75, 135, and 146. 

The A.C.I. Code recommends a formula for the area of diagonal ten- 
sion steel in the form of vertical stirrups: 


o. = — (35) 

fjd 

This is obtained from equation 31 by substituting: 


V. 



where V, = portion of total shear force on 
steel. Then 

V, _ a.f. 
bjd bs sin a 

F.S 

o. - — 

/•jd 

Equation 35 is extensively employed comnc^ially. However, the 
author wiU use in his illustrative problems the Jcpbt Committee formulae 
which he regards as more convenient of appliolj^on. 

64. Maximum Spacing. The formulae give^Above for the computa- 
tion of spacing of diagonal tension steel are not foolproof. If one uses 
two 1 J square bent bars, it is possible that spjacings of 60 in. or more 
may resxilt. It is, of course, absurd to expect that a bar 5 or 6 ft. away 
will prevent the spread of a crack. It is the object of diagonal tension 
ranforcement to prevent the spread of cracks ^yond the neutral axis 


the section taken by the 

•i 
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into the oompreeaon area. Ihe concrete on the tension side is assumed 
to be cracked in all fiber stress computations. To prevent ill-advised 
spacings, empirical equations are given to govern the maximum spacing 
longitudinally. A.C.I. Article 806 states that web reinforcement shall 
be spaced closely enough so that every potential 45° crack is crossed 
by at least one line of reinforcement before the crack reaches mid- 
depth of the beam. If special anchorage be used, wherever the shear 
stress exceeds v = 0.06/'e two lines of web reinforcement must cross the 
potential crack-line. Mid-depth is a convenient dimension and it in- 
sures that the crack does not extend farther up to the neutral axis. 

65. Bent Bars. In Figure 34 are shown stirrups with a spacing of s 
such that each stirrup stops the first possible crack (dashed) before it 



reaches mid-depth. It is evident that bent bars may be spaced longi- 
tudinally much farther apart than stirrups and yet intercept this first 
possible crack at the same point (Fig. 35). Assuming both crack and 
bent bar to be at angles of 46° with the longitudinal, the spacing of the 
bent bars can be twice the stirrup spacing. Using A.C.I. Article 806 
for sections where 


(а) Maximum shear stress v is less than O.Ofif'e 

Maximum s =« 0.6d for stirrups 
Maximum « = d for bent bars 

(б) Maximum shear stress v is greater than 0.06/'* 

Maximum a = 0.25d for stirrups 
Maximum s » 0.50d for bent bars 


(36) 


( 37 ) 


CHAPTER 6 


RECTANGULAR BEAM DESIGN 

The preceding chapters have discussed the theoretical and empirical 
information which forms the basis of practical beam designs. In this 
chapter a design will be made of a typical beam span. It is suggested 
that the reader note particularly the order of procedure and that the 
student check the various steps in order to understand the reasons for 
each operation. 

66. Economy. Stream. The most economical rectangular concrete 
beam is the one stressing steel and concrete to their maximum allowable 
values. It is proper, then, to design rectangular beams by use of the 
theoretical equations for fiber stress derived in Chapter 2. 

Shape. A rectangular beam is poured into forms which have bottom 
and sides but no top. If the space to be filled is too narrow, the concrete 
caimot be tamped into place easUy about the bottom steel and the re- 
moval of the forms will show “honeycombing” which can only be labori- 
ously and unsatisfactorily patched. A beam too wide, and hence shallow, 
will have too much steel. Experience has shown that beams having 
ratios of depth to width not exceeding 2 to 1 give economical sections. 

Mix. The choice of the proper strength of concrete to give the greatest 
economy involves many variables. Professor Inge Lyse * analyzes the 
results of tests on concrete to arrive at the following conclusions: 

“Above a minimum number of cement particles necessary to give 
workability and binding strength to concrete, tie strength of concrete 
increases in direct proportion to the increase in ilumber of cement par- 
ticles per unit of water.” The relation can be l^tten 

S=^A + B- 
w 

where S = strength of concrete, in pounds per (!|[uare inch 
A and B are constants ’ 

c s cement content 
w water content. 

> “Relation between Quality and Economy of Conraete,” Jour. A.C.I., March- 
April 1933, p. 325. 
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The statement assumes that, in *‘the range of practical concrete 
mixes,” the strai^t-line relation serves as well as Abrams’ curve, fig- 
ure 1 shows the original Abrams curve which gives the relation between 

. v) 

strength S and the water-cement ratio — . 

The study of other tests causes Professor Lyse to c(mclude that “the 
factors which give high strength will also give high impermeability, 
greater resistance to freezing and thawing, and high fire resistance. On 
tlie other hand, the volume changes due to soaking and drying of the 
concrete will increase with the increase in cement content. 

“In the practical application of the above study the cost of mixing, 
placing, curing and possible finishing of the concrete and also the cost 
of formwork and labor contribute to the total cost of the final structure. 
However, the cost of preparing, handling and curing the concrete is 
nearly the same for rich and lean mixes. The cost of formwork, labor, 
and finish may be somewhat different for the different concretes, since 
the cros&eectional area of the member changes with the strength of the 
concrete and is greater for lean than for rich mixes. However, in most 
cases the differences in the cost of these items are so small that for 
studies of the nature presented in this paper they may be neglected. . . . 
Generally the decrease in cost of the concrete will more than offset the 
increase of cost of the steel and the protective cover,” if rich mixes are 
used. Professor Lyse comes to the conclusion that the concrete beam 
cost is little affected by the variation in the strength of the concrete. 

We should consider also that, if concrete strengths of 4000 to 6000 lb. 
per sq. in. are used instead of 2000 to 2600 lb. per sq. in., slabs would be 
so thin that extra labor and inspection would be necessary to insure 
satisfactory results in nrixing and placing the corrcrete and correctly 
locating the steel. 

67. Order of Procedure in Design. In all reinforced concrete beam 
designs the concrete dirrrerrsions should be definitely adopted before the 
steel is computed. A logical order of design is: 

1. Determine concrete size by bending moment requirements. 

2. Check size for shear. 

3. F^ure steel area for bending moment. 

4. Check steel for bond and anchorage requirements. 

6. figure diagonal tension steel. 

6. Detail beam for the steel foreman. 

Before studying the following problem the student diould first read 
the discussion of partiidly restrained beams in Chapter 14 (especially 
Art. 340). 
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WORKmO-STRESS STRAIGHT-LINB THEORY 
ILLUSTRATIVE PROBLEM 8 

Given continuous rectangular concrete beams supporting a removable wooden floor 
consisting of planks weighing 20 lb. per sq. ft. (Fig. 36). The interior spans are 
supported by concrete columns 30 in. square and 18 ft. high in the clear. The beams 
are spaced 14 ft. 6 in. apart, and have a span of 29 ft. center to center of columns. 



The live load is 130 lb. per sq. ft. Using 2000-lb. qipcrete,* design the interior 
span CD. Employ type 1 steel placement (Fig. 28). [J 

68. Beam Size by Bending Moment The beam cani|l 14.5 sq. ft. of floor surface 
for each foot of length of beam. It is also loaded with own weight. The designer 
makes a guess of the size and corrects his estimate lam ji the guess is not accurate. 
After trials of a 14-in. width, the beam is assumed to jwve a cross section 16 in. by 
32 in., which is the deepest 16-in. beam.* 

* See footnote for Article 32. 

* If wood planks are used as beam-bottom forms, Um width should be the actual 
pknk width, 13| in. or in. in this case. 
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live load 130 lb. pw aq. ft 

Flanks » 20 lb. per sq. ft 

Total floor load •* 150 X 14.6 “ 2176 lb per ft 


16 X 32 

Weight of beam » — — ; — X 160 « 630 lb. per ft. 
Total beam load w » 2706 lb. per ft. 


Since span CD is an interior span of several equal spans, the maximum bending 
moment coefficients can be selected from A.C.I. Article 701 (in the Appendix). As* 
suming the beam section to be 16 in. wide by 32 in. deep, and using the clear span, 


Beam stiffness 


/ 

I 


bh^ ^ 16(32)» 

121 " 12(26.6 X 12) 


137 in.» 


Column stiffness 


/ 

h 


12h 


30(30)> 
12(18 X 12) 


« 312 in.* 


312 

Ratio of stiffnesses ---2.3 


lel* 


This i*atio is less than 8, so the maximum negative moment equals — and the 

maximum positive — • 

16 

The maximum numerical moment 


wP^ 2706(26.6)* X 12 

Afn « — « U 2,070,000 m.rlb. 


By A.C.I. Articles 306 and 306, fe « 0.46f'c * 900 lb. per sq. in., /* « 20,000 lb. 
per sq. in., and the constant for rectangular beams K » 157. 


Minimum d 


/2,070,000 
yjKb “ Vl67 X 16 


28.7 in. 


By A.C.I. Article 607 the protection for this top steel is 1 .6 in. Assuming ordinary 
anchorage and tension steel 1 in. square, or less, in one row with ^*in. stirrups, the 
total depth h includes (Fig* 37) 


Minimum d » 28.7 in. 

Minimum clearance to stirrup «* 1.5 

Btirrup « 0.5 

Distance to center of tension steel » 0.5 


Minimum h « 31.2 in. 

Adopt tentatively a 16*in. by 32-in. beam. The neutral axis ratio k, corre^ndmg 
to the design stresses of/« «• 900 lb. per sq. in. and/« » 20,000 lb. per sq. in., equals 
0«40 by equation 3, and j 0.87 by equation 10. 



Abt. 691 


SIZE BY BENDING MOMENT 


65 



60. Size Checked for Maximum Positive Bending Moment. 


Maximum positive moment Mp 


16 


1,420,000 in.-lb. 


This moment is smaller than the maximum negative moment, but the fireproofing 
clearance is 2 in. for glacial gravel (1928 A.C.I. Code, Art. 606). Therefore, we 
should check the fiber stress /«. Assuming 14n. bars in one row the value of (fi ~ d) 
equals 


Fireproofing clearance 

« 2.0 in. 

Stirrup 

»0.6 

Distance to center of tension steel 

** 0.6 

Total 

» 8.0 in. 


The value of d equals 29 in. (Fig. 38). 


1,420,000 

16(29)2 


105 



Fxq. 38 
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On Diagram 2 (Appendix} follow to the right on the K 105 line until the curve 
of /« » 20,000 is intercepted. 

p « 0.006 and fe * 700 lb. per sq. in. 

Allowable /< 900 lb. per sq. in. By Diagram 1 (Appendix), using p « 0.006 and 


The beam section of 16 in. by 32 in. is satisfactory for bending moment require- 
ments. 

70. Size Checked for Shear. The shear diagram for interior spans of continuous 
beams will be assumed to be symmetrical about the center line (Art. 349). At either 


^^25flS0fb 




y‘ia.500$< 

V>25,S501B> 


26‘-6" 
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2706 X 26 6 

support the maximum shear force V ' 35,900 lb. (Fig. 39). At the 

A 

support negative bending occurs and the value of j - 0.87 by Article 68. 

r 35,900 

Maximum stress t> = — , ^ ^ ~ S8 lb. per sq. in. 

bjd 16 X 0.87 X 29.6 

Using ordinaiy anchorage and no web steel, 

Allowable v =* 0.02/ c « 40 lb. per sq. in. (A.C.L Art. 305) 

Using ordinaiy anchorage and web steel, allowable i; * 0.06/ c « 120 lb. per sq. in. 
For a 88 lb. per sq. in. use ordinary anchorage and web steel. We now defi- 
nitely adopt a beam size of 16 in. by 32 in. 

71. Steel Area for Bending Moment. PosUive Steel. 


^ 1,420,000 

ftjd 20,000 X 0.886 X 29 


2.76 sq. in. 


This is the correct area if 1-in. bars are chosen. The actual depth d will vary slightly 
if other sizes are adopted. There are listed below possible steel sizes and numb^ 
of bars to care for the moment of 1,420,000 in.-lb. 


Steel 

Depth d 
in* 

Required Area 
sq. in. 

Actual Area 
sq. in. 

Number 
of Rows 

2 — ij-in. square 

28.87 

2.78 

3.12 

1 

8—1-in. square 

29.00 

2.76 

3.00 

1 

4—1-in. round 

29.00 

2.76 

3.14 

1 

5 — l-in. round 

29.06 

2.76 

3.01 

1 
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All these possibilities can be placed in one row. The minimum lateral spacings are 
given by A.C.I. Article 505. For instance, the minimum width of one row of three 


l-in. square bars is 

2 fireproofing clearances 4.00 in. 

2 stirrup widths 1.00 

3 — 1-in. square bars 8.00 

2 spacings in the clear of 2 diameters 4.00 

Minimum width 12.00 in. 

Actual width 16.00 in. 


Since the three 1-in. square bars are nearest the required area, adopt this size if 
bond stresses are satisfactory. 

Negative Steel, 


. ^ 2,070,000 

“ fjd “ 20,000 X 0.87 X 29.6 
Possible steel sizes are 


4.03 sq. in. 


Depth d 

Steel in. 

3 — 1 J-in. square 29 . 37 

4 — 1 |-in. square 27.75* 

5 — 1-in. square 28 . 30 

6 — 1-in. round 28 . 25 

7 — f -in. round 28.62 
10 — |-in. round 28.68 


Required Area 

Actual Area 

Number 

sq. in. 

sq. in. 

of Rows 

4.06 

4.69 

1 

4.29 

5.06 

2 

4.20 

5.00 

2 

4.21 

4.71 

2 

4.17 

4.21 

2 

4.14 

4.42 

2 


* Minimum d « 28.7 in. (p. 64). Compression steel must be used. 


Seven J-in. round bars have an area closest to the required area but seven bars 
cannot be placed advantageously in two rows. It would be natural to place four 
bars in the top row, but, if placed symmetrically, the cehter bar in the bottom row 
is not in line with a bar above. When the concrete is poured this center bar will 
prevent the stone from flowing into the space below itr and will produce * 'honey- 
combing.” Do not use seven bars in two rows. 

Ten |-in. round bars are too many to handle and will ||pt be used unless the bond 
stresses of the larger bars are excessive. : 

72. Steel Checked for Bond. Positive Sted, RefereQ^ to the bending moment 

wP 'I* 

sketch for — in Figure 39 shows that the steepest pq^^n of the curve, or most 

rapid change of positive bending moment, occurs at tho^int of inflection. There- 
fore bond will be checked at the point of inflection. | 

The discussion in Chapter 14 on continuous beams (JiH, 340) shows that the sum 
of the maximum positive and negative bending momentlfor a uniformly distributed 

wP 

load must be — , for the span at any instant. If th«|tnaximum positive moment 

8 , j' 

xoP 

is — , the maximum negative moment is — — and tiie base line Af » 0 is half 
16 16 

wP 

way up on the — plot. Using Diagram 5 (Appendix) the point of inflection {Mp 
o 
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0) is found at O.lfU, or 0.15 X 26.5 X 12 » 48 in. (Fig. 89). The shear force at 
48 in. is 

748 “ 35,900 - 2705 X 4 * 25,080 lb. 

The puipose of determining the bond stress is to find out how many bars must 
pass the point of inflection to satisfy the bond requirements. The bond stress equa- 
7 

tion u « will be rearranged to read 

Xojd 

7 

Number of bars S » — - 
uojd 

With ordinary anchorage, A.C.I. Article 805 gives a maximum allowable bond stress 
M « 0.05/ c « 100 lb. per sq. in. for deformed bars. 

^ 25,080 283 ^ 

2^ - SB sr bars 

100 X O X 0.886d od 

Checking the four possibilities of the list in Article 71, we obtain 


Steel 

1 J-in. square 
1-in. square 
1-in. round 
f-in. round 


Number of Bars 2) 

1.96 

2.4 

8.1 

3.5 


Since all these possibilities are safe for bond, adopt the three 1-in. squares as they 
are closest to the required area. 

Negative Steel The most rapid change of the negative bending moment occurs at 
the support. At this section 


Bond stress u 


V 

hojd 


35,900 

So X 0.87 X d 


Checking the four larger sizes listed in Article 71, 


Steel 

8 — li-in. square 

4 — 1 J-in. square 

5 — 1-in. square 

6 — 1-in. round 


Bond Stress u 
94 lb. per sq. in. 
83 lb. per sq. in. 
78 lb. per sq. in. 
78 lb. per sq. in. 


All these siases are safe foi bond, but none of them approaches closely the required 
area. Adopt the three l^-in. square bars, as they give the least number to handle 
and the actual area is only 15 per cent in excess. 

78, Anchorage and Placing. A.C.I. Article 902 gives the requirements for ordi- 
nary anchorage. 

PosUwe Steel* At least one fourth of this steel must run into the support for ten 
diameters, but two 1-in. square bars will be run into the support 10 in. for stirrup 
support. Bond requires t^t three bars run to the point of inflection, 48 in. out, 
and then be anchoi^ 10 diameters, or 10 in. 
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Negctiive Steel At the edge of the supports there are three square bara 
resisting the maximum negative moment. The actual tensile stress in these bars 
equals 


JL « 2,070,000 

■'* “ 4.69 X 0.87 X 29.37 


17,300 lb. per sq. in. 


These bars must run far enough into the supporting column and the adjacent span 
to anchor for this stress. By equation 28 (Art. 67) 


I 



17,300 X 1.25 
4 X 100 


54 in. 


In this span some of the bars must extend to the point of inflection; the others can 
be cut off after they are no longer needed to resist the bending moment or bond re- 
quirements. All these bars must extend 12 diameters beyond these critical sections. 
The point of inflection can be found by the use of Diagram 5. For the negative 
wt^ 

moment of — the point of inflection occurs at 0.24^, or 77 in. out from the support. 

At this section the shear force equals 18,500 lb. (Fig. 39). The number of bars 
needed here for bond equals 


V 18,500 

oujd “ 5 X 100 X 0.87 X 29.37 


1.5 bars 


The two outer bars will be carried 3 in. beyond the center line to meet the bars from 
the other support. They will serve as supports for the stirrups. The center bar 
can be cut off before it reaches the point of inflection. After it is cut off two bars 
remain which can carry a moment of 


M 2 «= f,Asjd « 20,000 X 3.12 X 0.87 X 29.37 =* 1,690,000 in.-lb. 


1,590,000 wl^ wl^ 

This moment is ^ IT * ^ the moment — is 73 per 

wl^ 

cent of — , or 73 units of the 100 representing — . T)^ moment 1,590,000 in. lb. 
8 8 

is represented by 0.77 X 73 = 66 units, or 73 — 66 =» it units from the base. The 
17 abscissa line cuts the parabola at 0.05^ = 16 in. fr<aitt the edge of the support. 
As far as bending moment is concerned the third bar caA be anchored after passing 
this section. 

Two bars can safely withstand bond stresses after th^ ilhear force decreases below 
a value of ' 

Vi - wSoid « 100 X 2 X 5 X 0.87 X 29^7 « 25,550 lb. 


This occurs 46 in. from the support. This requireuaiBnt is greater, so this third 
bar will run out 46 in. and then be anchored 12 X 1.26 W 16 in., ending 61 in. from 
the face of the support. 

74. Summary for Tension Steel. PoHHve Steel. W# need in the bottom of the 
beam 


3 bars at the center line for bending moment 
3 bars at 48 in. out for bond 
1 bar at the support for anchorage (Use 2 bars) 
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{Chap. 5 


Negoitm 8ied, We need in the top of the beam 

3 bars at the face of the support for bending moment (These are adequate for bond 
also) 

2 bars are sufficient for bending moment and bond after passing the section 46 in. out 

75* Diagonal Tension, Diagonal tension steel in the type I system is supplied 
entirely by vertical stirrups. We have assumed |-in. two-rod stirrups, which are 
tied to the outer bars both top and bottom. The hooks at the top will be made 
6 in. long and are turned in for rectangular beams. 

A.C.I. Article 306 allows a shear stress v » 0.02/ o « 40 lb. per sq. in. for concrete 
when ordinary anchorage is used. Wherever v is less than 40 lb. per sq. in. the con- 
crete can carry the diagonal tension. From Fig- 
ure 40 this is seen to be for 144 in. in the center 
of the span. It is necessary to supply '*web*' steel 
for 87 in. at each end. 

The stirrup should be of such size that the 
closest spacings at the support are about 4 in. to 
6 in. with gradual increase to the maxinium 
allowed. Theoretically one can change the spac- 
ing for each stirrup, but this is not economical. 
It pays to use the same spacings for several 
stirrups and then change to one considerably 
greater, always using dimensions that space easily on the steel foreman’s rule. In 
other words, do not use fractions of an inch, or 5 in., 7 in., 11 in., etc. The desirable 
spacings are multiples of 3 in. or 4 in. 

Maximum Spacing. The maximum shear stress v » 88 lb. per sq. in. This is 
less than v 0.06/'c ® 120 lb. per sq. in. ; therefore, by A.C.I. Article 806, the maxi- 
mum spacing equals the distance from * ^mid-depth of the beam to the longitudinal 
tension bars." Let us interpret this to mean 

d 29.37 

Maximum spacing a « - * « 14.7 in. 

2 2 



Fig. 40 


We are considering the section at the support where there is negative bending and 
we use the negative d » 29.37 in. 

Commercial Spacing. Equation 32 (Art. 62) gives 


V Vo + V9 


0.0^'c + 


Ugfo 

be sin a 


where a is the minimum spacing at the section under investigation, 
round two-rod stirrups. 


88 


_ . 2 X 0.196 X 20,000 

40 -I- — 

^ 16 X s X 1 


Assuming |-in. 


Solving, 88 * 40 4* — , or minimum e « 10.2 in. 

This choice of stirrup size is hardly satisfactozy as the minimum spacing does not 
allow of much increase before the maximum is reached. Assuming |-in. round 
stirrups, 

88 » 40 4- ~ and minimum e ** 6.7 m* 
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This is better. Assuming the first crack to start at the support, the first stirrup 
can be 5.7 in. out. We shall start with a 4>in. spacing and increase to 6, 9, and 12 in. 
We can successively compute the maximum shear stress v that each spacing repre- 
sents by use of 

275 

I, »40 + — 
a 

Listing these values: 


Spacing 

8 

in. 

4 

6 

9 

12 


Shear Stress Distance from Face 

V of Support 

lb. per sq. in. x in. 


86 

71 

63 

40 


4 

31 

45 

87 


The values of x can be computed by similar triangles, or better still by scaling 
from a plot such as Figure 41a. The value of x is the minimum distance from the 
support at which that spacing a can be used. 



Starting at the support we use 

1— 4-in. spacing until we reach a; « 4 in. 

5 — 6-in. spacings until we pass a? « 31 in., axf|^ end 34 in. out 

2— 9-in. spacings until we pass a; 45 in., arp end 52 in. out 

3 — 12-in. spacings until we pass x ^ 87 in., ^id end 88 in. out 

This can be done very rapidly on a plot such as FigureJlL 
After passing x « 87 in. no web steel is needed. Hofifsver, we usually add stirrups 
about 2 h. apart to allow for the effect of moving loads # for unforeseen concentrated 
loads. Our assumption has been that the loading is ^formly distributed. In an 
actual building the live load frequently is not. A mt» smaller load concentrated 
in the center will give a higher shear diagram in the ^ter, though the maximum 
shear is less (Fig. 42). A concentration as great as that of Figure 425 ought to be 
known in advance and the actual shear diagram used in computations. Machinery 
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loads are frequently averaged as uniformly distributed, however, and a single machine 
in the center of the span may raise the (^ear diagram somewhat. 



(a) (i>) 

Fia. 42 


76. Steel Assembly. The final detail sketch (Pig. 43) for the steel foreman should 
give all sizes and positions, so that he may cut, bend, and place the steel according 
to the design. 

It will be noticed that, when the steel is wired together, it forms a continuous 
truss. The anchorage specification requires that some of the positive steel run into 
each support to complete the lower chord, some of the negative steel run on top to 



Elevation I 

Fig. 43 


the centw line and then be wired to the bars from the adjacent support, while the 
stirrups form vertical supporting members until the concrete is poured around the 
steel frame. 

It should be emphasized again that the positive steel is anchored in a compression 
area at or near the support and the negative steel is anchored in a compression area 
at or near the center. 
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PLASTIC THEORY 
ILLUSIRATIVE PROBLEM 9 

Let us solve the beam span of Problem 8, using the plastic theory. The previous 
computations gave a uniformly distributed load w « 2705 lb. per ft. Assuming a 
factor of safety of 2.5, substitute in the plastic theory formulae 0.4 X 2000 « 800 
lb. per sq. in. for/'o and 0.4 X 50,000 =» 20,000 lb. per sq. in. iorfy. The maximum 
numerical moment equals 

wP 

Af ^ « 2,070,000 in.-lb. 

For balanced design, by equation 20 
M - 2,070,000 

m - uiu.. 

d = 

Assuming two rows of 1-in. square bars and f-in. stirrups 

Minimum h * 23.5 + 1.5 + 0.38 + 0.5 + 1.5 « 27.38 in. 

Try a section 14 in. by 28 in. The revised load equals w « 2585 lb. per ft. The 
maximum shear stress equals 



V ^ 2585 X 13.25 

6c 14 X 0.732 X 24.13 


139 lb. per sq. in. 


Use special anchorage and web steel. 

The revised negative moment equals 1,080,000 in.-lb. By equation 21 the neces- 
sary steel area is 

. M 1,980,000 

" 0.732//1 0.732 X 20,000 X 24.13 ^ 


Use six 1-in. square bars in two rows. 

The positive steel can be figured with the equations for in under-reinforced section. 
The bending moment equals 1,360,000 in.-lb. Assuming round bars in one row, 
d *= 25.12 in., a « 6.54 in., c = 21.85 in. = 0.872d. 

, 1,360,000 ^ 

** “ 0.872 X 20,000 X 26.12 “ ‘ J 

Use four 1-in. round bars in one row. 

The positive and negative steel are both safe for bond;lstresses. The placement of 
the steel and computation of the diagonal tension steel i|n be made as in Problem 8. 
A rough comparison of the two designs is listed below| 

Plastic theory design has ; 

120 sq. in. less cross-section area 

0.35 sq. in. more computed positive 9teel area 

1.54 sq. in. more computed negative tfuteel area. 

An accurate cost comparison can be made from final detailed sketches, such as 
Figure 43. 
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RECTANGULAR BEAMS REINFORCED WITH TENSION 
AND COMPRESSION STEEL 


77. Compression Steel. The use of compression steel in rectangular 
beams may be regarded as an expedient to give satisfactory strength 
results in a portion of a beam which would otherwise require a deepen- 
ing of the beam that elsewhere has satisfactory depth. 

78. Economy. It has been stated in Article 66 that the economical 
rectangular beam has a section that stresses the extreme fiber in com- 
pression U aJid the steel/* to the maximum allowable values. In certain 
cases, however, uneconomical sections may be tolerated for short dis- 
tances in order to use an unchanged section with the consequent savings 
in formwork, etc. An example is that of the continuous beam supported 
by girders. The maximum numerical moment in the interior spans is 

— , and the end span has a maximum value of ^ • If span 

chances to be somewhat greater in length, the numerical value in the 
end span may be well in excess of the value in the interior spans. If 
there are many interior spans, it may pay to use the same beam size in 
the exterior span and care for the greater bending moment by an increase 
of tension steel and the addition of compression steel to assist the con- 
crete. Another illustration of the use of a rectangular beam section 
which is in itself unecomonical is given in the discussion of tee beams 
in Article 110. 

Until recently compression steel was uneconomical because it was 
rarely stressed to more than 10,000 Ib. per sq. in., althou^ the allow- 
able stress is 20,000 lb. per sq. in. To carry a given force, about twice 
as much steel must be used than if it were to carry the same force in 
totision. Compression steel tends to buckle or bend when loaded, and 
frequmt ties or stirrups are needed to assist the concrete to hold it in 
line. Tension steel, on the other hand, owing to its pull under load, 
remains straight. 

The 1941 A.C.I. Code in Article 706 has doubled these compressive 
stresses, so the use of compression steel does not penalise the design as 
much as in the past. 


74 
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The present wartime emergency has led to the recommendation that 
no compression steel be used, that a larger section be employed with a 
smaller steel requirement. 


WORKING-STRESS STRAIGHT-LINE THEORY 


79. Derivation of Formulae for Fiber Stresses. In addition to the 
nomenclature used for the rectangular beam (Art. 19), let 


A', = area of compression steel 
A'. 

p' the ratio — 

^ bd 


ft ** stress intensity in compression steel 
C'« *= resultant compression force in compression steel 
C == resultant of concrete force Cc and compression steel force C',, 
or C - Cc + Ct 

z = distance from extreme fiber in compression to resultant com- 
pression force C 


. The assumption that a plane section remains a plane section justifies 
the statement that the deformations are proportional to the distance 
from the neutral axis (Fig. 44). Therefore 


d led €t ft ^ ft 

kd 6c E, fc nfc 




As in the rectangular beam derivation (Art. S^) this gives 

1 


1 + 


fa 

nfc 


(De^ner^s Equation) (39) 
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The relation between the tensile steel stress and the compression 
steel stress /'i can also be obtained by this proportionality of deforma- 
tions. 

(d — kd) Cg Eg fg fg 
OP 



Also the relation between fc and /'« can be foimd. 

kd-d ^e'g ^ fg Ec _ fg 

kd Bg Eg fg f\fc 



The resultant compression force C must be equal to the resultant 
tensile force T, or 

C = (7c + C'a « T (42) 

The concrete area is equal to {bkd — A'g), but it is customary to as- 
sume it equal to bkd. This is an error on the unsafe side, but the final 
results are only slightly affected. Thus, in equation 44 below, the only 
change for an exact solution is that the numerator of the right-hand 
term changes from A; to A; — p'. By the time this has followed through 
to the moment equation, the error is small. By equation 42, 

^bkd +f',A\ ^f^A, (nearly) (43) 

Substituting the values of f, from equation 40 and the relations A , 
“ pbd and A', = p'bd in equation 43 gives 

fe /kd- d'\ 

^ibkd+f. (j—rj)p'bd = f.pbd 
2 \d — kd / 

k 


u 

u 




( 44 ) 
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Equating the ratio — from equations 38 and 44 

fe 

k n(l - k) 

P + 2n(p + p')k = 2n (p + p' — ^ 

Completing the square, 

k^ + 2n(p + p')k + n^(p + p')® = 2n(^p + p' ^ + n®(p + p)^ 
The square root is 


or 


k = yj2n (^p + - n(p + p') 

(Checker's Equation) (45) 

This equation can be compared with the similar derivation for k for 
the rectangular beam (Art. 20). Equations 39 and 45 enable one to 
locate the neutral axis. The next step is to locate the resultant com- 
pression force C in order to obtain the moment arm jd. 

Dealing with the compression forces only, the sum of the moments 
of the concrete force Cc and the compression steel force C', about the 
top of the cross section must equal the moment the resultant C. 


Cz - (Cc + C'c)2 = 
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For/g substitute from equation 38:/, 




k^d 

fcbd (- np'd 

L 6 




d'^ 

k 

d 


fcbd + np' 


k 

d 


Reducing 


+ 2np'( 




A:® + 2np' ^ ^ 


This term « is a distance measured in inches. This is contrary to the 
previous practice for rectangular beams, namely, express distances as 
ratios of d, ob kd or jd. Now 

jd — d — z (47) 

In terms of steel stresses, the bending moment equals 

M, = Tjd = ilg/gjd (48) 


From equation 38 the concrete stress can be found. 


The concrete stress can be found independently by 

Mg - Cjd - (Cc + C',)id ^■^^bkd+ f.p'M j/d (50) 

Substituting the value of /', from equation 41 in equation 50 

.. /jM’r /. Ai 


4- 2np' 
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Thfi concrete stress 
Sc 


2M 




(62) 


Equation 49 is usually the easier solution for/e. 

The stress in the compression steel can be found from the tension 
steel stress /a by equation 40 or from the concrete stress/c by equation 41. 

The fiber stresses, or bending moments, cannot be computed unless 
we know the moment arm jd. This depends on the distance z (equar 
tion 46). The distance z depends on the neutral axis position A;, the 
compression steel ratio p', its position d', and the depth d to the tension 
steel. To compute 2 , we must know or assume the beam size and the 
amounts of tension and compression steel. The equations derived above 
are better adapted to check a finished design than to make a new design. 

80. Modification of Design Methods. A.C.I. Article 706 states : ^The 
effectiveness of compression reinforcement in resisting bending may be 
taken at twice the values indicated from the calculations assuming a 
straight-line relation between stress and strain and the modular ratio 
given in Section 601, but not of greater value than the allowable stress 
in tension/^ ^ This states that the compression stress/', given by equa- 
tion 41 should be doubled, unless the computed stress is greater than 
/', = 10,000 lb. per sq. in. There is no analytical justification for this 
change. It is based on a survey of tests of beams which include the 
effect of shrinkage and flow as well as the load effect. The shrinkage 
and flow strains add compression stresses to the steel in addition to what- 
ever stress may be caused by the loads. For this reason the design of 
compression steel in beams or columns has becocse a matter of employ- 
ing empirical equations based on tests. 

The assumption that the stress in the compi^sion steel should be 
considered as 2/', will affect the previous equatiiins. Equation 43 will 
now become ^ 

^^hkd + 2f'A'.^f,A, (na^) 

JL 

The result will be that equations 45, 46, 50, fi, and 52 may be used, 
if substitution of 2p' is made wherever p' occilis in these equations. 

81. Alternative Solution of Fiber Stresses. fThe empirical require- 
ment that the stress in the compression steel be taken as twice the com- 
puted value can be handled more easily by an alternate method. When 

^This maximum is 20,000 lb. per sq. in. by the A.C.I; Code, but the 1940 Joint 
Committee Eeport limits the maximum to 16,000 lb. per sq. in. 
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oonqjresnon steel is empbyed the cross-section dimensions ate usually 
known, as well as the fact that the maximum stress in the concrete ex- 
ceeds the allowable value. 

Hie amount of tension steel A, can be approximated by asaiiming a 
value of the ratio j and using equation 48. 

The amount of compression steel A', can be determined by dealing 
with compression forces Cc in the concrete and C', in the compression 
steel separately. It is true by the previous discussion that the tensile 
force in the tension steel, T =» C® -H C'». A part Ti of the tensile force 
pairs with the compression force in the concrete Ce to form a couple 
equal to 

Ml “ C« ^ s=> ^ ^ (nearly) (53) 


Since we have determined the amount of tension steel to give a defi- 
nite fiber stress /« and we wish to add compression steel enough to give 
the allowable concrete fiber stress /« in the extreme fiber, the values of 


fe and /, are known. By the relation k 


1 



which holds for rec- 


tangular beams v^ther there be compression steel or not, we determine 
the neutral axis position kd and hence this couple of equation 53. This 
couple is the moment that could be carried by the beam if the concrete 
is stressed to its working limit and the area of steel corresponding to 
tile pull Ti has a stress of /«. The actual bending moment M is greater, 
however, and an additional couple must be provided; it is formed by 
using the rest of the area A, of tensile steel at a stress of /, and adding 
a compressicm steel area at the stress 2/',. This additional couple 
has the magnitude 


- d') 


(54) 


where Tf', is substituted for the theoretical value of the compressive 
stress/',. Also 

il/', = M - Me (55) 


The neutral axis position will not be changed if the final values of 
/e and/, are not changed. From equation 54 the compression steel area 
can be computed: 


A'. 


M\ 


2r,id - d') 


( 66 ) 


The couple Jlf', is known from equation 55; the moment arm (d — d') 
is known; the conqnessbn steel stress /', can be found as follows. 
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The neutral axis is a distance kd below the extreme concrete fiber in 
compression. The compression stresses in the concrete are uniformly 
varying (Fig. 44). The compression stress f"e in the concrete layer at 
the level of the compression steel is 



The compression steel must not slip and, therefore, has the same 
strain (unit deformation) as the adjacent concrete. With equal strains 
the stresses are proportioned to their moduli of elasticity and the com- 
pression steel stress /'« equals 

/kd - d\ 

67) 

This is, of course, equation 41 (Art. 79). 


PLASTIC THEORY 


82. Plastic Theory. The design of rectangular beams with compres- 
sion steel can also be made for ultimate loads by the plastic theory dis- 
cussed in Article 23 (Chapter 2). The general assumptions are the same 
and the stress approximation at failure is illustrated in Figure 45. If 



Sfrain Elevation 

Fiq. 46 


the compression steel is held firmly by the concrete and closely spaced 
stirrups, it will resist as a column until the yield point is reached. It 
will be assumed that the compressive stress in tids steel is equal to its 
yield point stress, if failure occurs on the comi^|f|^ion side. 

Failure on Compression Side of Section. It is lfissumed that the con- 
crete and compression steel are both fully streai|Ki at failure. Then 


or 


JIf 

— 

W* 


A 

3 


hd? + A',fy{d - 


1) 



(58) 

( 69 ) 


where /'y « yield point of compression steeL 
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FaUvre in Tmsum Sted. This case occurs if tiieie is not suffideat ten- 
sion sted compared with the concrete in compression and ilie compression 
steel The assumption is made that the tension steel fails at its yield 
point stress /«. As it elongates at this constant stress the compression 
steel is stressed to its yield point and then the area of concrete in 
compression is stressed to its ultimate. According to the analysis used 
in Article 81, a portion of the force in the tension steel forms a couple 
with tlxe force in the compression steel, and the remainder forms a couple 
with the resultant compression force in the concrete. Assuming that all 
steel has the same yield point /«, the ultimate moment of resistance equals 


M = AVv(<f - d') + (^. - 


By equation 16 (Art. 23) 


c == 



d- 


(A, - A\)m 
2b 


Substituting A, = pbd, etc., 


— 

6 ^ 


/ d'\ r (p — p')m' 


(60) 

(61) 

f62) 


Solving for the ratio of tensile steel, 


(p - pO* - (p - p') — = 
m 


tn \ d/ 


mfy hcP 


Completing the square on the left side and taking the square root 


(p — pO — = ± ‘J 

m 

m \ 

. d/ 

2 

mfy 

M 

The minimum value of p equals 





, 1 2 

P “ P + - - -W- 
m 

■ 1 

+ P'( 



] 

.2m 

d) 


J 


(62a) 


The derivation is made for a deficiency in tension steel, yet the ex- 
pression (A — A't) implies that there is more tension steel than com- 
presdon steel For the unusual case of less tension steel than compres- 
sion steel, the moment at failure can be written as 


JIf - A4y(d - d') (63) 

This assumes that the tension and compression steel form the moment 
of redstance together and that there are no compresdve stresses in the 
concrete. 
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Use of Equations. For a given section it is not always possible to tell 
by inspection whether there is enough tension steel. In that case sub- 
stitute the values given into equations 68 and 60 to determine which 
case holds. 


EITHER THEORY 

83. SheaTi Bond, and Diagonal Tension. The greatest shear stress 
in a cross section occurs between the neutral axis and the tension steel. 
The concrete on the tension side is not used in maximum fiber stress 
computations for either the rectangular beam or the rectangular beam 
reinforced with compression steel. Therefore, the shear, bond of tension 
steel, and diagonal tension equations derived in Chapter 4 apply to the 
beam with compression steel, since conditions are the same between the 
tension steel and neutral axis. 

There is also transfer of stress between the concrete and the compres- 
sion steel. Since T — Ce + C',, the rate of change of the force C', in 
the compression steel will be less than the rate of change of the force T 
in the tension steel and the bond stresses will always be less when 
A't — Ag. Now that the compression steel stresses approach those used 
for the tension steel and the compression steel areas and perimeters are 
often comparatively small, the bond stress may need investigation. No 
allowance is made for the fact that the thrust in the compression steel 
bar will be supported in part by bearing on the end of the bar. 

SOLUTION BY WORKING-STRESS STRAIGHT-LINE THEORY 
ILLUSTRATIVE PROBLEM 16 

84. Design of Rectangular Beam with Compression S|pel. Design the exterior 
span AB of the beam (Fig. 46) given in Problem 8 (Chapipr 6), using the same size 
beam, 16 in. by 32 in., adopted for the interior span and the same 2000-lb. 
concrete. 



Fio. 46 
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Sfl. Order of Pioeodare. The same general procedure used for reotangolar beams 
(Art. 67) win be adopted for this proUem. The beam dim^ittons are known but 
the concrete stresses are checked Erst to determine whether the section can be used 
at all. A loidcal order follows. 

1. Check concrete fiber stresses and determine whether compression steel must be 
used. 

2. Check shear stresses in concrete. 

3. Figure tension steel areas for bending moment. 

4. Check tension steel for bond. The dimensions d and d' are now known. 

5. Figure compression stedl areas for bending moment and check for bond stresses, 
if the steel is highly stressed. 

6. Figure diagonal tension steel. 

86. Bending Moments. This is a case of a continuous beam with uniform load- 
ing and equal spans supported by columns. The moment coefficients for such con- 
ditions are given in A.C.I. Article 701 (in the Appendix). The positive moment 

near the center of the span is given as — and the negative moment at the exterior 


face of the first interior column equals 


14 
10 ‘ 


No coefficient is given for the negative 


moment at the face of the exterior column. Therefore we shall adopt the recom- 
mendation of the 1928 A.C.I. Code. This code stated that two cases should be 
examined when beams were supported by columns. The criterion is the ratio of the 

beam stiftness ^ to the exterior column stiffness - . Where - is less than twice the 
I hi 

sum of the f for the exterior columns above and below the beam, the negative moment 
h 


12 ■ 


If “ is more than twice the sum of the 

I 


at the exterior support should be taken as 

XJi it 

I 

two - values, the negative moment at the exterior column should be taken as — . 
h 16 

In our problem there is no column above. The column below will be taken as 
16 in. by 20 in., with its center line 28 ft. 7 in. from the center line of the interior 
column. Since the steel in the column and beam is not known, the ratio of moment 
of inertia will be approximated by using the complete areas of column and beam. 


hh^ 16(32)* 


Moment of inertia of beam « — 

12 


Moment of inertia of exterior column 


12 


43,690 (in.)^ 


bh^ 16(20)* 


12 


12 


10,670 (in.)^ 


The beam is continuous; therefore, use the clear span of 26 ft. 6 in. 

43,690 


Y of beam 

V 


318 


137 (in.)» 


The distance from the top of the fioor below to the top of this floor is 20 ft. (Fig. 
46). If there is a perpendicular wall beam 12 in. by 22 in. in section, the unsupportcxl 
length of the exterior column is 18 ft. 2 in. 


of lower column 


10,670 

218 


49 (in.)* 
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The ~ of the beam is greater than twice the sum of the ^ of the upper and lower 
I h 

exterior columns, or 137 > 2 X 49. Therefore, the maximum negative moment at 

wP 

the exterior support will be taken as Mn * ~ . 

87. Fiber Stress in Concrete. First Interior Support, (Figure 47c.) The uni- 
formly distributed load is tc » 2705 lb. per ft. (Art 68). 


Mn 


2705 X (26.5)^ X 12 
10 “ 10 


2,280,000 in.-lb. 


FT? 


Ii i 

(o) 












(t>) (c) 


Fig. 47 


The maximum allowable fiber stress in the concrete may be/e » 0.45/'e ”” 800 lb. 
per sq. in. and the steel stress may be/« « 20,000 lb. per sq. in. 

Assuming one row of ij-in. square bars (the largest size) and J-in. round stirrups, 
the height d will be less than the total height h by the amount 

Protective covering » 1.50 in. (A.C.I. 507) 

Stirrup diameter » 0.38 
Half height of bar » 0.62 
Total « 2,50 in. 


therefore, d « 32 — 2.50 * 29.50 in. 

If the maximum stress /« and /o are to be realized simultaneously, the constant 

K »» ftpj « 157 (Diagram 2, in the Appendix). Tfithout compression steel 

2 

the secrion can safely withstand a bending moment: 

Afc « Kbd!^ « 157 X 16 X (29.50)* » 2,l8Cy)00 in.-lb. 


The actual bending moment is greater and compression #eel must be used. 

88. Fiber Stress in Concrete. Center of Span. (Fiftfre 475.) The maximum 
bending moment becomes 

Jf, - ^ - 1,680,000 in.-lb. J 
14 I 

Assuming one row of l}-in. square bars (the largest dlpe) and }-in. stirrups, the 
depth d will be less than the total depth h by the amounif 


Fireproofing 

2.00 in* 

Stirrup diameter 

0.38 

Half dimension of bar 

• 0.62 

Total 

-3.00 in. 

Depth d 32 3 * 

- 29 in. 
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The compression force Co acts — from the bottom, or — 3.97 in. If there 

o o 

were no compression steel, the moment arm ratio 


j a 


1 


k 

8 


1 


0.403 

8 


0.866 


When ll-in. square bars are used, the compression steel force C« acts d' » 8.00 
in. from the bottom, or d' - 2.00 + 0.38 -f 0.63 « 3.00 in. The resultant com- 
pression force C will act somewhere between Ca and C or between 3.00 in. and 3.97 
in. It seems reasonable to assume j 0.88, a value greater than that for Cc alone, 
since C « acts nearer the bottom of the beam. 

Assuming, therefore, j » 0.88 and d «« 29.50 in., the minimum area of tension 
steel equals 




Jf 

f^d 


2,280,000 , _ . 

— — *= 4.39 so. in. 

20,000 X 0.88 X 29.60 ^ 


This is negative steel and is placed at the top of the beam (Fig. 47c). 

Bond, Negative bending steel is checked for bond at the face of the support which 
is the section of maximum rate of change of bending moment. 


V 41,200 
Xqjd “ So X 0.88d 


The allowable bond stress for ordinary anchorage is u « 0.05 X 2000 100 lb. per 

sq. in. The possible commercial sizes of steel are tabulated below. 



Actual 

Computed 

Actual 


Bond Stress 


Height 

Aiea 

Area 

Number 

ulb. 

Steel 

d in. 

At sq. in. 

At sq. in. 

of Rows 

per sq. in. 

3 — li-in. square 

29.50 

4.39 

4.69 

1 

106 

4 — l|-in. square 

29.56 

4.38 

5.06 

1 

88 

5 — 1-in. square 

28.42 

4.55 

6.00 

2 

82 

6 — 1-in. round 

28,87 

4.56 

4.71 . 

2 

88 


The l|-in. bars cannot be used as the allowable bond stregls is exceeded. Adopt the 
1-in. round bars because they have the least excess area ^d the bond stress is safe 
(see Fig. 47c). The actual tensile stress equals f 


Jif 

A^d 


2,280,000 


4.71 X 0.88 X 28.37 


19,400!^. per sq. in. 

'¥ 


91« Tttision Steel Center of Span. The minimum ti^on steel area equals 

, M 1,630,000 'it 

^ /Jd 20,000 X 0.87 X 29 


This is positive steel and is placed at the bottom of the Ibeam. 

Bond. The maximum positive bending moment occurs for the Uve-load placement 
that gives the shear force of 0.&wl at each end of the beam (Fig. 48). Positive steel 
Is checked for bond at the point of inflection, as that is the section with the maximum 



88 SECTANGULAR BEAMS WITH COMPRESSION STEEL {Cbap* 6 
rate of dbange of positive bmding moment. By oonsulting l>iagram 6 in the Ap- 
pendix, the point of inflection (ilf « 0) for Mp *• — is found to be at 0.13Z) or 
0.13 X 26.5 X 12 41 in. from the face of the support. The shear at this section 



equals 26,600 lb. (Fig. 49). The allowable bond stress u » 0.05 X 2000 « 100 lb. 
per sq. in. The number of bars that must run to this section is 

2 JL « bars 

tu^d 100 X o X 0.87d 
Possible commercial sixes are tabulated below. 


Steel 

Actual 
Depth 
d in. 

Computed 

Area 

Am sq. in. 

Actual 

Area 

A« sq. in. 

Number 
of Rows 

Number 
of Bars 

3 — if-in, square 

29.06 

3.22 

3.80 

1 

2.4 

4 — 1-in. square 

29.12 

3.22 

4.00 

1 

2.6 

5 — 1-in. round 

29.12 

3.22 

3.93 

1 

3.4 

6 — i-in. round 

28.09 

3.34 

3.61 

2 

4.0 


Adopt the six |4n. round bars because they have the least excess area (see Fig. 476). 
98. Tension Steel. Exterior Support. The maximum negative bending moment 

wP 

at the face of this support is Mn ~ 1,425,000 in.-lb. Assuming j 0.87 and 

16 

d « 29.50 in., the minimum steel area equals 


1,425,000 

" 20,000 X 0.87 X 29.60 


2.78 sq. in. 


Bond. Bond will be checked at the face of the support; the shear force V » 
0.5tsZ that gives maximum shear (Fig. 48) will be used. 


V 0.5 X 2706 X 26.5 
Xojd " 2o X 0.87 X d 
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Possible commercial steel sises are tabulated below. 



Actual 

Computed 

Actual 


Bond Stress 


Height 

Area 

Area 

Number 

u lb. 

Steel 

d in. 

At sq. in. 

Ag sq. in. 

of Bows 

per sq. in. 

2 — ij-in. square 

29.60 

2.78 

3.12 

1 

140 

3 — 1-in. square 

29.62 

2.77 

3.00 

1 

116 

4 — 1-in. round 

29.62 

2.77 

3.14 

1 

111 

6 — {-in. round 

29.68 

2.76 

3.01 

1 

101 

7 — {-in. round 

Not recommenced 




10 — f-in. round 

29.00 

2.83 

3.07 

2 

73 

3 — {-in. round! 

3 — {-in. round] 

28.77 

2.86 

3.13 

2 

94 

he allowable bond stress for ordinary anchorage, u » 0.06 X 2000 

« 100 lb. per 


sq. in., determines the bar sizes to use. Ten bars are a great many to handle, so 
we shall adopt the combination of three {-in. bars in the top row and three f-in. 
bars in a lower second row (Fig. 47a). 

93. Compressioii Steel. First Initrior Support. A small amount of compression 
steel is needed at the first interior support. The tension steel consists of six 1-in. 
round bars with a height d » 28.37 in. There is available for compression steel 
some of the six {-in. round positive bars from the centw of the span. The lower 
row of this steel is located at a height of 2.82 in. from the bottom of the beam. The 
maximum allowable stress in the concrete is 900 lb. per sq. in. and the actual 
stress in the tension steel equals /« « 19,400 lb. per sq. in. (Art. 90). 

Total bending moment Af » 2,280,000 in.-lb. 

Maximum moment taken by the concrete Me “ 2,040,000 in.-lb. 

Moment to be taken by the compression steel ilf', «» 240,000 in.-lb. 

If all the compression steel can be placed in the lower row, d' » 2.82 in. 


Neutral axis ratio k - t- ■■■■■-■ ** 

/« 19,4D0 

^ n/o ^ 16 

Neutral axis kd =» 0.41 X 28.37 « 11.62 in. ' 

The theoretical compression steel stress equals 




nfe 


kd-d' 

kd 


16 X 900 


(11.62 - 2.82) 
11.62 


10^200 lb. per sq. in. 


A.C.I. Article 7065 recommends that compression steel be computed using 

a stress of 2f\ or 20,000 lb. per sq. in., whichever is th^less. Use 20,000. 


C\ M\ ^ 240,000] 

20,000 “ 20,000(d - d') " 20,000(28.37 - 2.82) 


0.47 sq. in. 


Two {-in, bars will run into this support anyway and give considerably more than 
the required compression steel area. The actual stress is later found to be 7if\ 
17,800 lb. per sq. in. (Art. 98). 
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9A J^Mdng StaeL Sieel tn BotUm cf Baom. (Figara 50.) Hus sted senses as 
pQK^ye tension sted in the center portion of the beam and as compression sted 
at the first interior support. It consists of six |-in. round bars in two rows. It must 
be so placed that there are 

(a) 6 bars for the maximum bending moment at the center 
4 bars for bond at a section 41 in. from the support 

(c) 2 bars for anchorage running 10 diameters into interior and 12 diameters 

into exterior support (A.C.I. Art. 902) 

(d) 2 bars at the first interior support to act as compression steel 



Fig. 60 


These requirements permit two bars to be cut off before they reach the point of 
inflection (41 in.). The center bars of each row can be cut as soon as four bars can 
withstand the decreasing bending moment. The remaining four bars can cany a 
moment of 


Mi « /MJd « 20,000 X 4 X 0.601 X 0.87 X 28.09 » 1,172,000 in.-lb. 

This occurs at a section 0.31 « 95 in. from the supports. With anchorage of 10 
diameters (0 in.) these bars end at 86 in. from the supports. 

The remaining two bars on the top row will run 9 in. beyond the point of inflec- 
tion, or 41 9 32 in. from each support. The remaining two bars on the bottom 

row should run 9 in. into the supports for anchorage. At the interior support these 
bars should also run in far enough to anchor the compressive steel stress of 17,100 
lb. per sq. in. This anchorage is figured by equation 28 (Art. 57) as 


The bar lengths are 


1 


17,800 7 

4 X 100 ^ 8 


» 38 in. 


2 bars 12 ft. 2 in. long 

2 bars 21 ft. 2 in.^long 

2 bars 30 ft. 7 in. long 


95. Pladtig SteeL Bieel in Tep of Beam. Firsi Inleriar Support. (Figure 51.) 
This sted serves as negative tendon steel over the first interior support and con- 
sists of mx 1-In. round bars in two rows. It has been figured for the moment of 

wF iijF 

rr at the exterim: face but must also serve for the moment of — — ^ ^ 9d- 
10 11 
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jacent spaa. This adiaoeat span is an interior span and this moment amounts to 
2,070,000 in.4b. and the shear force equals O.Bwl » 35,900 lb. (Problem 8, Chapter 
5), At the point of inflection, 77 in. out, the shear force equals 18,500 lb. (Art. 73). 
The number of bars needed at this section to satisfy bond is 


V 18,500 

aujd " 3.14 X 100 X 0.87 X 28.37 


2.4 bars 


In the exterior span we have a uniform load supported at the interior end by a 
force of 0.575u>Z and restrained by a moment of O.lip^. Solving, the point of inflec- 
tion occurs at 0.2142 » 68 in. The maximum shear force equals 41,200 lb. and the 



Fig. 51 


shear force reduces to zero in 0.5752 = 183 in. (Fig. 52), The shear force at the 
point of inflection equals 25,900 lb. The number of bars needed at this section for 
bond is 3.2 bars. 

The requirements to be met by this steel are 

(a) 6 bars at the first interior support for bending moai^nt and bond. 

(b) 3 bars in the interior span and 4 bars in the exterioi!|to the points of inflection. 

These bars will extend 12 diameters (12 in.) beylnd the point of inflection 
for anchorage. They will extend 68 + 12 «= 8<||ln. into the exterior span 
and 77 + 12 « 89 in. into the interior span. 

(c) 3 bars in the interior span and 2 bars in the extmor can be cut before they 

reach the point of inflection. Such bars must Idfill bending moment and 
bond requirements before they end. I 

The two outer bars in the upper row will be carried to^e center line of both spans 
and lapped 3 in. beyond with the negative tension steMt coming from the exterior 
support and the second interior support. The remain|t^ bar on the top row will 
be carried out beyond the points of inflection. The mi<£^e bar in the lower row will 
run beyond the points of inflection. The two end bare will be cut together to pre- 
serve the symmetry of the steel arrangement. 
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In the eacterior span, if two bars are cut, four remain to resist the bending moment 
The moment four bars can carry is 

M4 * 20,000 X 8.14 X 0.87 X 28.87 « 1,660,000 im-lb. 

By the bending moment equation for the exterior span two bars are not needed 
for bending moment beyond 19 in. from the interior support (Fig. 51). 

By the use of Diagram 6 (Appendix) for the interior side of this column, two bars 
are not needed 0.051 » 10 in. out and the third bar is not needed after 0.091 » 29 
in. out from the face of this column (Fig. 51). 

The check for bond can be made by computing the shear force the remaining bars 
can withstand. If four bars remain, 

Va - tiSqyd « 100 X 4 X 3.14 X 0.87 X 28.37 « 31,000 lb. 

The shear force diagrams adjacent to the first intericn* column is shown in Figure 
52. The two outer bars in the lower row are not needed for bond beyond 46 in. 



Fig. 52 


in the exterior span and 22 in. in the interior. The center bar is not needed beyond 
68 in. and 52 in. respectively. 

Assembling the biding moment and bond data, the two outer bars are not needed 
for 46 in. out in the exterior span and 22 in. out in the interior. The center bar in 
the lower row is not needed 68 in. out in the exterior and 52 in. in the interior span. 
All these distances were determined by the bond requirement. In addition each 
bar extends 12 diameters (12 in.) beyond these points for anchorage (A.C.I. Art. 902). 


Lower Row The two outer bars are at least 10 ft. 2 in. long. 

The center bar is at least 14 ft. 6 in. long. 

Uppw Bow The two outer bars are 29 ft. 6 in. long. 

Hie center bar is 16 ft. 7 in. long. 

Pleciiig SteeL SUd in Top of Beam. Exterior Support. (Figure 53.) This 
steel cxmsists of three {-in. round bars in the top row and three f -in. round bars in 
the lower row. The bond stresses are confuted for a maximum shear force of 0.5ts{ 
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(Fig. 48). The point of inflection for the maximum negative moment of 

16 

occurs at 0.152. At this section the sum of the bar perimeters needed for bond is 

r 26,100 

m — a* as 10,0 Ul. 

14 ^ 100 X 0.87 X 28.69 

This can be supplied by the three |-m. bars plus one f-in. bar. 


L ^ 



S^ar Force and Bending Moment Diagrams 
Ejn^ferior Support 

Fio. 53 


The requirements to be met by this tension steel follow. 

(a) Six bars at the face of the exterior support for bending moment and bond 
This steel has an actual stress of 18,300 lb. per sq. in. and must be anchored in the 
support for 

i « A CP « j — X a 46 diauseters 
4u 4 X 100 

The |-in. bars must run into the support 40 in. and the |-^in. bars for 35 in. 

(5) Three f-in. bars and one f-in. bar must run at leaiil 12 diameters beyond the 
point of inflection (48 in.). 

The two outer f-in. bars will be carried out 3 in. bes|^d the center line of the 
span and lap with the two 1-in. bars coming from the |^t interior support. The 
center bar in each row will run 12 diameters beyond point of inflection. The 
remaining two f-in. bars can be out off before reaching jffie point of inflection, pro- 
viding bond and bending moment requirements are satined. When the two f-in. 
bars are cut the remaining bars can carry a bending i^oment of 

Mk “ » 20,000 X 2.24 X 0.87 X 29.42;i« 1,140,000 in..lb. 

The bending moment reduces to this value at O.OSf 10 in. out (Diagram 5) 
The remaining bars can carry a shear force to satisfy bond of 

^4 " wScrfd - 100 X 10.61 X 0.87 X 29.42 - 27,100 lb. 
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The shear force becomes less thaa this axaount at 39 ixL (Fig. 53). This is greater 
thaa 10 ill. so these two f 4ii. bars will be out ofi at 39 + 9 48 in. from the faoe 

of the support 

Upper Row The two outer bars are at least 16 ft. 10 in. long. 

The center bar is at least 8 ft. 3 in. long. 

Lower Bow The center bar is at least 7 ft. 8 in. long. 

The two outer bars are at least 6 ft. 11 in. long. 

97« Diagonal Tension. We shall agiun use stirrups for diagonal tension steel, as* 
Burning the same f-in. two-rod stirrup used for the interior span (Art. 75). The 
stirrup spaoings will be different in the extoior side than in the interior side since 
the shear force diagrams differ (Fig. 48). 

d 28.37 

Maximum spacing a « ~ ■* 14.2 m. 

2 2 

Shear stress at exterior column: 


V _ 35,900 

bjd " 16 X 0.87 X 28.77 


90 lb. per sq. in. 


Shear stress at exterior face of interior column: 


41,200 

16 X 0.88 X 28.37 


103 lb. per sq. in. 


The stirrup spacings are figured by the equation 


V 


40 + 


2 X 0.11 X 20,000 
16 X « X 1 


40 + 


8 


Listing desirable spacingB and corresponding distances: 


Spacing 

« 

in. 

4 

6 

9 

12 


Shear Stress 
V 

lb. per sq. in. 

86 

71 

63 

40 


Distance from 
Face of Exterior 
Support 
in. 

7 

34 

48 

88 


Distance from 
Face of Interior 
Support 
in. 

80 

57 

71 

112 


The stirrup spadmgs in the exterior portion of the beam are practically the same 
as those of the interior spans, the variation being due to differences in the value of d. 
The actual stirrup spacinge are shown in the final sketch of Figure 54. 

Note that A.C.I. Article 706a requires that wherever compression steel is needed 
itiirupe must be used at a spacing not exceeding 

16 bar diameteis « 16 X i » 14 in. 

48 tie diameters 48 X f IS in. 



20 \]\ S6^ 

^ A 
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ILLUSTRATIVE PROBLEM 11 

98. To Check a Completed Design. The use of the equations derived in Article 
79 to check designs using compression steel will be illustrated by reviewing the de- 
sign just completed; refer to the final sketch of Figure 54. 

FirBt IrUerioT Support, We note from the sketch and the loading data that 

Width of section & » 16 in. 


Height to tensile steel 


d - 28.87 in. 


Height to compression steel d' « 2.82 in. 


Tensile steel ratio 


^ W 16 X;f8.37 


The force in the compression steel is assumed to be (A.C.I. Art. 706). In 

order to figure /» by the theoretical equations it will l5| necessary to use the area 
of the compression steel as 2A «. | 


2ii', 

Compression steel ratio p* - 


U 16XP.37 


« 0.0068 


Maximum bending moment ~ ** 2,280|000 


fiO RECTANGULAR BEAMS WITH COMPRESSION STEEL {Chap. 6 
By equatkm 45 we aolTH for tiw imitral ana ratio jfe: 


ik« 


k - 


^2 X 16 (a0104 + 0.0063 X + (16)*(0.0104 + a0068)* - 

15(0.0104 + 0.0058) 

V0A28 + 0.056 - 0.236 - 0.810 - 0.^ - 0.383 


The neutral axis height hd *■ 0.383 X 28.37 ■■ 10.85 in. 
Using equation 46, the distanoe s equals 


s - 


(0.383)* X 28.37 
3 


+ 2 X 15 X 0.0053 X 2.82 ^0.383 




(0.883)* + 2 X 15 X 0.0068 ^0.883 - 
0.682 + 0.127 0.650 


0.147 + 0.045 0.102 


3.43 in. 


The moment arm id * d — s * 28.37 — 3.43 « 24.94 in. 

24.94 

Note that the moment arm ratio J » ■* 0.879 agrees with the value of j *« 

28.37 

0.88 assumed by the designer (Art 90). 

The maximum compressive stress in the concrete is found by equation 52: 


/s 


2 X 2,280,000 

0.88 X 16 X (28.37)* 0.383 + 2 X 15 X 0.0053 



4,560,000 

11,33010.383 + 0.118] 


4,560,000 

5680 


> 803 lb. per sq. in. 


The allowable stoass is/« 0.45 X 2000 » 900 lb. per sq. in. Safe. 
The tensile stress equals 


2,280,000 

* “ ""(OX 0.785) X 0.88 X 28.37 


19,400 lb. per sq. in. 


The allowable stress is /« » 20,000 lb. per sq. in. The tension steel is safe and is 
economically designed. 

The compression steel stress is given by equation 41 : 

( 10.85 - 2.82\ 

« 8900 lb. per sq. in. 

The compression steel is designed for twice this value, or 17,800 lb. per sq. in., 
which is less than the allowable of 20,000 lb. per sq. in. It will be noticed that, 
thouidi^ there is an excess of compression steel area, the stress is not reduced in pro- 
portion to the areas. 

99. Solati<A by Plots. The algebraic solution for the compression steel area 
A « by the method of Article 81 is so direct that plots do not save time. The solu- 
tion deals edtii the terms the designer needs in order to complete the design ; namely, 
the depths d and d\ the compression steel stress/# and area 
On the oth^ hand, the al^raio equations developed for checking designs are 
complicated in form, and time ean be saved by the use of plots. Diagrams 6 to 8, 


TO CHECK DESIGNS BY DUGRAMS 


Art. 1001 


07 


in ttie Appendix, pve values of the neutral axis ratio j and the bending moment 
constant K', whme 

Jf. - ■^ [* + 2np' (l - 1)] - K'fJkP 
or 




The diagrams require that the terms np and np' be known or assumed. 


ILLUSTRATIYB PROBLEM 12 

100. To Check Designs by Diagrams. Let us check the design of Problem 10 by 
means of plots. 

First Interior Support, As before^ we note from Figure 54 that 
Width of section 5 » 16 in. 

Height to tensile steel d » 28.37 in. 

Height to compression steel d' » 2.82 in. 

Tensile steel ratio 

Compression steel ratio 

Maximum bending moment M 

Moduli of elasticity ratio 

np « 16 X 0.0104 » 0.156 
np' » 15 X 0.0053 « 0.0795 
d' 2.82 


Then 


bd 

2A\ 

bd 

— 

“ 10 


p « 0.0104 

p' = 0.0053 

2,280,000 in.-lb. 
15 


28.37 


— 0.1 (nearly) 


By Diagram 7 in the Appendbc, for ~ « 0.10 

a 


0.38 j « 0.879 
2,280,000 


K ' -%22 


M ^ 

' K*b^ “ 0.22 X 16 X (28.37)2 


per sq. m. 


If allowance is made for the less accurate values tak|^ from a plot, the values of 
y, k, /a check the values laboriously computed in Problte 11. The stresses /• and 

d' 

/'t can be now obtained. If the ratio -r were not dosel^jKO.lO, it would be necessary 

a 

to interpolate between two diagrams to get the values of j, and K\ These plots 
save much time in cheeking designs. 
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PLASTIC TRBORT 
ILLUSTRATIVl PROBLEM 18 


101. Co0ipre88i<m Steel by Plestie Tbeoxy. Ueing the plastic theory, let us make 
a pamJlel solutiou to that of Problem 10. The deeign of the interior span by the 
plastic theory in Problem 9 gave a section 14 in. by 28 in., which was ^^balanced 
design'' for a moment of 1,980,000 im-lb. Let us adopt the same section for the 
exterior span whose load io 2586 lb. per ft. With a factor of safety of 0.4 use 
» 800 lb. per sq. in. and/y » 20,000 lb. per sq. in. 

TmHon Sted, There is no advantage using more steel than that called for by 
balanced design. The moment AT •» — » 2,180,000 in.-lb. and, by equation 21 


(Art. 26). 


A§ 


M 


2,180,000 

0.732 X 20,000 X 23.62 


6.28 sq. in. 


Try four li-in. square bars in two rows. 

Failure cn Campreeeicn Side of Section, By equation 68 (Art. 82), assuming the 
compression steel to be li«in. square bars 


2,180,000 - ^ X 14 X (23.62)2 + A'. X 20,000 X (23.62 - 2.94) 
3 


2,180,000 » 2,086,000 + 413,600A'« 
A • « 0.23 sq. in. 


The steel used is computed below. 

FaUvre in Tension Sted. The compression steel will be supplied by the positive 
tension steel from the center of the span. The positive moment — » 1,660,000 


in.-lb. is less than the “balanced design" moment of the interior span. This posi- 
tive sted in the exterior span will be “under-reinforced" steel and can be computed 
by use of equation 17 (Art. 24). 


1,660,000 » 20,000 X p 




X 14 X (26.06)2 


whemm.--i^ 

0.86/'c 0.86 X 800 


29.4. Solving, 


p « 0.0106 and A* - pW - 8.72 sq. in. 


Use three l|-in. square bars. Two of these bars will run into the support and be 
availabie for use as compression sted; therefore, at the interior support A\ -* 2.64 
sq. in. At this seetbn Ihe sted ratio 


6.24 


14 y 23.62 


«■ 0*0188 and p' 


2.64 


14 X23462 


0.0077 


Substituting in equarion 62 (Art. 82), 

^ ^ X O X l<w(l - X >«[■ 


(188 - 77)29.4 '] 

2X10* J 
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Solving, - 154 X 0,876 + 222 X 0.837 « 821, But ^ « 279 actually, so there 

is sufficient tension and compression steel at the section. Equation 62 could be 
solved for the minimum value of p', but the method above, using available steel, is 
simpler. The solution by plastic theory gives a smaller section and requires more 
tension steel than the straight-line stress theory, the minimum compression steel area 
A « being very small for both solutions. 


ILLUSTRATIVE PROBLEM 14 


108. The Chedc of a Design by Plastic Theory. Let us check the straight-line 
theory design of Problem 10 at the first interim* column by the plastic theory. The 
essential data are 


Width of section 
Height to tension steel 
Height to compression steel 
Tension steel area 
Compression steel area 


5 » 16inu 
d » 28.37 in. 
d' « 2.82 in. 

A, « 4.71 sq. in. 
A\ B 1.20 sq. in. 


m “ 29.4 


Maximum moment Mn » 2,280,000 in.-lb. 

Failure on Compression Side of Section. By equation 59 (Art. 82) 

M « 16 X (28.37)2 


'800 20,000X 1.20/ 


. 3 16 X 28.37 V 

2S.37j_ 


M « 8,340,000 + 614,000 » 3,954,000 in.-lb. 


By the plastic theory it is evident that no compression steel is needed to aid the 
concrete. 

Failure in Tension Steel. By equation 61 


By equation 60, 


c - 28.37 - 


(4.71 - 1,20)29.4 
2 X 16 


M « 1.20 X 20,000(28.37 - 2.82) + (4.71 


2«14in. 

I 

|J0)20,000 X 26.14 


JIf « 20,000(30.7 + 88.2) - 2,378,000 m.-lb. 1 

This moment is slightly greater than the actual momeci of 2,280,000 in.-lb. and the 
plastic theory checks this particular design by the ^fi|b*aight-line working-stress” 
theory, Botili theories gyve equations that are bettef|adapted to check a design 
than for initial design. 



CHAPTER 7 


TES BEAMS 


The usual reinforced concrete floor system is poured as a unit— slabs 
and beams at the same time. Since the slab steel runs over the beam 
and tile prongs of the beam stirrups project into the slab, the slab is 
doady tied to the beam and deflects with it. It was early recognized 
that in such a case the beam was much stifler than the same size reo* 
tangukr beam having no assistance from the slab. It was stiffer and 
tests diowed that the concrete and tension steel had lower stresses. 
Hierefore, it is customary to count in a portion of the slab adjacent to 
tile beam as forming a part of the beam section. 

103. Tee Beams. Beams whose compression areas are tee-shaped 
are called tee beam. In Figure 55 the sections represented are subjected 




A 



e 
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to positive bendmg and tiieir compression areas are shown shaded. Sec- 
tions a, c, and d are tee beams. Section 5 is a rectangular beam. It 
will be designed for a width b of compression area and depth d to the 
tension steel by the usual rectangular beam equations. See also discus- 
sion in Article 18. 

WOREZNG-STSESS STRAIOET-LmS THBOBY 

104. Tee>Beam Theory. CompreemninWd) Neglected. Given a beam 
of tee-shaped cross section (Fig. 56). It is subject^ to a positive bend- 
ing moment M of such a magnitude that the neutral axis is located in 
ti» stem at a distance kd from the top greater than the thickness t of 
the flange. The flange has a width 5 and the stem a width of b\ The 

100 
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tension steel has an area At and is located a distance d from the extreme 
fiber in compression. 

For this case assume the neutral axis to be not far below the bottom 
of the flange. The area of the stem above the neutral axis is small, and 
the compressive stresses on this area are smaU. If we neglect this stem 
area entirely the total compression force C will not be much reduced 
and the design will be on the safe side since we use a smaller force than 
actually exists. The resulting equations will be much simpler. 



The first assumption of the beam theory that a plane section remains 
plane justifies the statement that the strains are proportional to the 
distance from the neutral axis. If the strain in the extreme compression 
fiber is «« and the strain in the tension steel is e., it follows that 


e, d — kd 1 — A: 
Be kd 


By Hooke’s law the strain equals the ratio of stress to the modulus of 
elasticity, or 

/. 


e, Et Eeft ft d — kd , 1 — k 


fe Edtfc '^fc 

K 


kd k 

■i 


This reduces to 


1 + 


A 

nfe 


(64) 


(65) 


This is the same result that is given for rectang#u: beam and for rectan- 
gular beams with compression steel. It gives the neutral axis ratio k if 
the actual steel and concrete stresses are known as well as the concrete 
strength. 
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. Similaily, the strain ^^'e at the bottom of the flange equals 

r\ 

®<! ft /« ^ 

K 


Therefore the concrete stress at the bottom of the flange equals 


rc 


hd — i 
ltd 


( 66 ) 


The resultant compression force C can be foimd by using the average 
compressive stress on the flange: 


C 


'hiriu 


2 




2M 


(2kd - t) 


(67) 


The compressive force C must equal the resultant tension force T. 


" ■(.2kd-t) =fA. 

2kd 

Therefore 

/, Ui^iQtd — f) 
ft 2Atkd 

From equations 64 and 68 we get 

ft n(d — kd) ht(2kd — t) 
_ „ _ . _____ 

Multipl 3 dng by 2Atkd gives 

2nA,(d — kd) <= ht(^kd — t) 
2ndAt + 

kd «■ 

2nAt + 261 


( 68 ) 


(69) 


The resultant compression force C acts at a distance s from the top. 
Ihe moment of the resultant force C about an axis will equal the sum of 
the moments of the uniformly varying stresses acting on the rectangle 61. 
These vsnyuig stresses may be oontidered as a constant stress of/"« phis 
a stress varyii^ uniformly from sero at the bottom to (/« —/"«) at the 
top of tile flange. 
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Taking momoits about Ike top and using the value of C in equa- 
tion 67, 






Substituting the value of /"« from equation 66, 


2kd 


(2M — 0* =® ft 






kd /2 


2 L 


jkd - t) -\b^ 
kd . 3 


m 

Multiplying by gives 

fM 


Z{2kd - t)z = 3(fcd - t)t + 

t{Zkd - 2t) 

Z{2kd - t) 

From Figure 56 it is evident that 

jd d — z 

In terms of steel stresses, the moment of resistance M, equals 

M, «= Tjd = Atfijd 


(70) 

(71) 

(72) 


This is the same equation derived for rectangular beams. The mo- 
ment arm ratio j, however, is usually greater for tee beams than for 
rectangular beams. It usually varies from 0.91 to 0.94. It is an ad- 
vantage to have j large as a greater moment can be carried for the same 
depth and same allowable stress. 

In terms of concrete stresses, the moment of resistance Me equals 

Me-Cjd-i^^(2kd-^ (73) 

2(ka) t 

From equation 64 it is possible to obtain the ciiacrete stress /«, if the 
steel stress/* is known, by the relation 



106. Tee-Beam Theoiy. Compression in Considered. A tee 
beam with a thin flange, or one whose flange wid^ h is not much greater 
than the stem width b', or a tee beam heavily loaded may have the 
nmtral axis so far below the bottom of the flange that this area should 
be considered in computations. 
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He^ 'die same nomeaclatuie as in Article 104, it is again true that 
the stress relation equals 


/, d -- Jfcd 1 - ft 

nfe kd ft 

From which the neutral axis ratio ft comes: 


As before 



(76) 


(76) 


The resultant compression force C equals the force in the flange, as be- 
fore, plus the additional force in the stem: 


C = — (2ftd - t) -H — (ftd - t) 

2kd 2 

C - — (2ftd - 0 + — (ftd - = — [W(2ftd - 0 + b'ikd - <)*] 


Equating this to the tension force T gives 


2ftd 


■ M2kd -t) + b'(M - 0*] “ f,A, 


U _ M2kd -t) + b'(kd - tf] 

2fcdA. 


.Solving equation 76 for the ratio — and equating it to equation 77 




[W(2fcd - f) -I- 6'(ftd - 0*1 
2ftdA, 


Multipljdng by 2ftdA, and expanding the terms, 

2nA.d - 2nAM » 2hdbt - W* + 6'(ftd)» - 2b'tkd + 6'f* 
6'(*d)» + 2t»A. + (6 - bOm - 2nA.d + (6 - 6')<® 



Akt.IOS] 


TE&BEAM THEORY 


Divide by b' and complete the squam of the terns on the left by adding 


(Jed)^ + 2 


M, + (6 - b')t]kd VnA, + (b - b')f] 


2«A,d .+ (b - b0<® TnA, + (b - b')n* 


Taking the square root, 


nA, + (b - b')t \2nA4 + (b - b')<“ \nA, + fb - b0< 1 


Therefore 


/2nA.d+(b-b')«^ rn4,+ (b-b0«f nA,+(b-bO< 


■n4,+ (b-b0n* 
. b^^ . 


Taking moments about the top of the beam and equating the sum of 
the moments of the stresses to the moment of the resultant force C 
(Fig. 56): 


Cz^— [bt(2kd -t) + b'(kd - 0*]* = 

— [bt{2kd - 0 + b'(Jkd - t)^\z = 

2ikd 

/kd - 1 \ be r kd-n be fjb' ■ , / kd - i\ 

('+“5“) 

6fef ; 

Multiply by — — : : ' 

i' 

3[bt(2kd - 0 + b'(kd - t^Jz - 3(ftd - t)be + bl + b'(kd - t)^(kd + 2t) 

Solving for z gives 

b'(fai)® + eib - b0(3fcd j- 20 
* “ 3[b'(fai)* + <(b - b0(2fal - 01 
The moment arm id equals 


id ~d-z 


(80) 
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The momait of resistaiice in steel stress terms equals 

Mt » Tjd = A,f,jd 

The moment of resistance in concrete stress terms equals 

M, - Cjd [6f(2fei -t) + b\kd - 0®] 

2(M) 

It is also true that 



(81) 

(82) 

( 88 ) 


PLASnC THBORT 


106. Plastic Theory of Tee Beams. The i^astic theory for rectan- 
gular beams assumes for balanced design that the compression stresses 
are constant at a value of for a depth of a = 0.537d (Art. 25). 
Whenever the flange of a tee beam has a tldckness t greater than 0.537d 
the rectangular beam equations can be applied unchanged. Whenever 
the flange of a tee beam has a thickness t not much less than 0.537d the 
section can be deogned as a rectangular beam of width b and depth t 
with the constant stress acting on it. In other words, a f. In 
this case equation 20 (Art. 25) becomes 

M = 0.85/'«i>< ( d - - ) = 0.85f « - ( 1 - — (84) 
\ 2/ a \ 2d/ 

and equation 21, for the steel area, equals 



If the slab tiuckness t is much less than 0.537d, the area in the stem to 
a depth of 0.537d may be included. All this area is assumed to have an 
.average stress of 0.85/V This compression area Ae equals 


A, - (6 - b')t + 6'(0.537d) 

Taking nmments about the top of the beam, its center of gravity z 
equals 

,1 


d 

Z mi - 
2 




+ 0.2886' 


J 


[(6 - 6') Q + 0.6376' j 


( 86 ) 
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The bending moment equals 


The steel area equals 

M - 0.86/^(d - 2)Ae 

(87) 

M 




(88) 


iy{i - Z) 


If these equations are used, the tests available indicate that the width 
of flange b should not be taken greater than 6 « + 6', instead of 

present A.C.I. Code value of 6 = 16< + 

107. Shear Stresses in Tee Beams. It has been shown (Art. 51) that 
the maximum shear stresses in a section occur between the neutral axis 
and the tension steel. This is entirely within the stem and, therefore, 
the maximum shear stress v for a tee beam will be given by the relation 


V 



The beam of Figure 656 is a rectangular beam. The shear force on 
any layer is constant between the tension steel and the neutral axis which 
is now in the flange. The layers with the least width and hence greatest 
stress will be in the stem, and here again the mftximum shear stress v 
equals 



108. Bond Stress in Tee Beams. The discussion of bond in Article 

54 shows that the bond or adhesion between the bar and the concrete 
depends on the rate of change of bending moment. This is independent 
of the shape of the cross section. Therefore the bond stress is computed 
by the previously derived relation: , 

V V 

^ Xojd f 

109. Width of Flange. When the slab and li|am are poured simul- 

taneously there is no definite demarcation betwee|fthe two. If the beam 
is heavily loaded and deflects, as at B in Figure it drags some of the 
slab down with it, as shown by the dashed portion of the 


I 

B 

Fio. 57 




108 


TEE BEAMS 


{Cbap. 7 


alnh tiftftr beam assists in resisting the d^ecting loads. Tests con* 
firm the statement that the adjacent slab can be considered as part of 
the beam. In a commercial design it is necessary that there be restric- 
tions so that the detigner does not assign too great a width of the slab 
as flange of the tee beam. 

A.C.I. Article 705o (see Appendix) specifies that the flange width b 

I 

alinll not exceed one fourth the span length of the beam, or b < - . 

It is evident that short-epan beams will not deflect as much as long-span 
beams and, therefore, will not drag down as great a width of slab. 

It is plan specified that the overhangLng width on either side shall not 
exceed eight times the thickness of the slab. In other words the flange 
width 6 < 16< + b'. Since the flange is used as thou^ it were a canti- 
lever from the stem the thinner slabs cannot have as great a projection. 

The third restriction requires that the overhanging width shall not 
be greater than half the dear distance to the next beam, orb < spacing. 
This specification merely states that no part of the slab shall be con- 
sidered as flange for two beams. 

The flange width used in computations is the least of these three re- 
strictions. The flange can be used whenever the slab and beam are 
pouted simultaneously and suitable steel is provided to tie the two to- 
gether. In Figure 65 sections a and b both use the flange width b as 
the width of the compression area. 

It may se^n unwise to figure the slab as fully stressed in compression 
for both the slab computations and the tee-beam design. It should be 
noted, however (Fig. 68), that the slab is figured for a cross section such 



as ABCD and is in n^;ative bending. The partides at C at the bottom 
of the dab have the marimum compression stress /o in plane ABCD due 
to the dab loads, while the partides at B and A are in tension. The 
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beam shown will be a tee beam only for sections in heavy positive bend* 
ing. Let us say that the section BEFC is the section of maximum posi- 
tive bending moment. The particles B and E now have the maximum 
fiber stresses fo in plane BEFC by the tee-beam computations, while 

kd —t 

particle C has only /"« = /c — rr — . If plane BEFC is a plane of maxi- 

ka 

mum bending moment, the shear force is zero and the shear stresses are 
zero for all particles. Therefore, plane BEFC is a principal plane and 
the stress /"« is the minimum stress for particle C, and the slab stress 
/c on the perpendicular plane ABCD must be the maximum stress on 
the particle C. Other cross sections through the beam will have smaller 
bending moments and smaller fiber stresses but there will also be shear 
forces in the section. The principal planes will be inclined to the beam 
cross section, but the principal stresses will not exceed the value fe at 
point C on plane ABCD or the value fe due to beam computations for 
particles B and E. Therefore, the use of the slab in both slab and beam 
computations does not give a fiber stress greater than the allowable 
value of fe. 

110. Economical Size for Tee Beams. It is possible, but not usual, 
to have a slab and beam floor which has only one span. If the supports 
are not restrained, the bending moment will be wholly positive and the 
beam sections will have the broad compression areas of Figures 55a and 
556. The most economical size will be the one which gives the maxi- 
mum allowable stresses fe and in concrete and steel. The formulae 
for kd and z in Articles 104 and 105 require a knowledge of the steel 
area A,, depth d, and the flange width b and depth t In other words, 
the equations are checker's or inspector’s equations. After designing the 
slab the designer can most easily proceed by aaisuming a beam stem 
dimension and the tension steel area and solve for jthe concrete and steel 
stresses fe and Three or four trials will give^ an economical beam 
section and area of steel. 

The more usual slab and beam floor system if; one that has several 
continuous spans, both of slabs and beams. In^;^is case the beam is 
a continuous beam of constant cross section. Foitmiformly distributed 
loads the maximum positive bending moments vw be of the magnitude 

of — and — . The compression area, shown |Bhaded in Figure 59a, 

will be broad and not deep, tending to give a hi|^ value of the moment 
arm ratio j and requiring comparatively small values of the depth d and 
the stem width b' to give satisfactory concrete stress/^ and steel stress/*. 
There will be negative bending, also, in these continuous beams, and 
the maximum negative bending moments will be fully as great in mag- 
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nitude, having values such as — , — , and — • These moments must 

ip 11 l« 

be lefflcrted by a rectangular beam of the ehape shown in Figure B9b, 
whose oompreasion area is narrow and must iJierefore be deep witii low 
values of ibe moment arm ratio j and the necessity of using oompara- 
tively large values for the depth d and stem width b' to keep within Ibe 
unaTrimnm allowable Values of the concrete stress /« and the steel stress/.. 




(«) (i) 
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A section, which at the center is fully stressed with /« => 0.46/'. and 
ft ■= 20,000 lb. per sq. in. for positive bending, will give values of /. 
vastly greater than the allowable /. — 0.45/'. at the support; in fact, the 
concrete stress at that section will approach the ultimate. On the other 
hand, a design which gives a section safely stressed at the support will 
require a section so large that Ibe concrete stress in the center would 
be very low, which is not economical. 

The economical solution is a compromise. The intermediate size used 
may be aided at the heavily loaded section at the support with compres- 
sion steel, so that ibe final result gives a maximum concrete stress at 
the center of/. •= or thereabouts, and a maximum concrete stress 
at the support of /« 0.4^e- 

As ibe section at the support is the critical one, there will be for each 
stem width b' (compresnon area width) a corresponding most economical 
depth d. Of the possible stem widths the most practical will be adopted. 
^When the placing of the conoete for the floor system commences ibe 
beam stem is tim only portion of the beams projecting below the general 
dab level. The stem must not be too narrow, or the concrete cannot be 
placed about the steel without ^‘honeycombing” diowing at exposed sur- 
faces when ibe forms are stripped. The stem must not be too shallow, 
for that requires an excessive amount of steel Commercial stems are 
usually not over a 1 : 2 ratio of width b' to depth (h — 

lU. BoiMioiaical The cost analysis of a beam and slab floor 

system eboukl oompue posdble column spacings and posdble beam and 
^rder anangements. ^ncreaedng tiie distcmoe between columns requires 
a substitution of fewer and heavier beams for the original layout. In- 
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creaBing the pacing between beams increases the depth of the slab 
and the size of the beam. Comparative analyses of this sort in order 
to be complete should include the costs of columns, walls, slabs, and 
beams. It is not proposed to discuss such a comprehensive analysis at 
this time. After the economical column spacing and the framing plan 
for the girders and beams have been adopted, the slab thickness t can be 
computed. There then remains the necessity of determining the sise of 
beam stem which shall give the cheapest beam for the given loads. The 
following discussion of economical size is based on fiber stress computa- 
tions. Beams which are veiy long tend to have excessive deflections, 
and economy will be sacrificed for stiffness. Beams of short span and 
very heavy loads may have excessive shear stresses, and economy will 
be sacrificed to give safe shear conditions. The beam with a reasonable 
span and usual loads should be designed for economical proportions. 

112. Cost of Concrete in Beam Stem. Let c equal the cost of the 
concrete per cubic foot. This unit cost i^ould be supplied by the esti- 
mating department of the firm by which the designer is employed. It 
includes the cost of cement, sand, and stone, also the costs of mixing 
and placing the concrete. The cost of the concrete in the stem equals 
cb'(h — t) per foot of beam length. 

113. Cost of Steel in Beam. The estimating department furnishes a 
unit cost s per pound of steel. This includes the purchase of the steel, 
the bending, and the placing of the steel. 

The designer wishes to select an economical size but he does not yet 
know the total steel in the beam. The firm by which the designer is 
employed has doubtless adopted a standard t3q)e of steel placement. 
Three such types are shown in Figures 28, 29, and 30 (Art. 60). If the 
standard type is always used there is a nearly constant ratio a between 
the weight of the total steel in the beam perfoot of length and the weij^t 
of the positive steel area Ap per foot. Let us callup » sa the unit cost 
of the steel per pound of positive steel. Also notti that a bar 1 sq. in. 
in section and 1 ft. long weighs 3.40 lb. Hie dtpgner can now figure 
approximately the amount of positive steel Ap;|ind thereby estimate 
the cost of the total steel. Thus the total cos|i;pf steel per foot of 
beam length equals | 


where 


8 (weight of total steel in beam) j 

I V,. 


8p *= 08 


( 89 ) 


The total cost of the steel per foot length of beam equals 

8.40(uAp <» 3.408pAp 
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114. Detenoioatioii of Stad Ratio o. Referring to Problem 17 below, 
the total steel for intermediate beams BF or CO (Fig. 81) with lype II 
steel amounts to 


Positive steel, 32 linear ft. f-in. rd. bars at 1.50 lb. per ft. >■' 48.0 lb. 
Negative steel, 62.5 linear ft. ^in. sq. bars at 0.85 lb. per ft. = 53.1 lb. 
Stirrups, 14.7 linear ft. J-in. rd. bars at 0.17 lb. per ft. 2.5 lb. 

Neglecting spacer bars, ties, etc. Total ^ 103.6 lb. 

103.6 

The total steel per foot of beam length = — — « 7.77 lb. per ft. 

13.33 

The positive steel per foot “ 2 X 1.50 = 3.00 lb. per ft. 


7.77 

3.00 


2.59 


Similar computations for the cross beam AE (Fig. 85) with Type II 

8.03 

steel give a value of the ratio a — 2.68. 

* 3.00 


An analysis of the girder AD with Type III steel gives a value of the 
ratio a = 2.05 (Fig. 93). 

This indicates that the ratio a varies from 2.0 to 2.7 for the author’s 
methods of design when Tyjies II and III systems of reinforcement and 
special anchorage are used. Ordinary anchorage of the steel will give 
lower ratios of a, say 1.9 to 2.2. 

115. Cost of Forms. The estimating department usually reports the 
cost of formwork for beam and slab floor systems as / cents per square 
foot of floor surface. This includes the cost of forms for slabs and beams 
and all posts, ledgers, braces, wedges, etc., necessary to hold up the floor 
system until the concrete has reached a suitable strength. It is difficult 
to isolate the cost of the beam stem, and it is not necessary as a vaiiar 
tion of 2 to 6 in. in stem depth makes little difference in the total form 
cost for the entire floor system. For our discussion we shall assume that 
the cost of the forms has little effect on the relative cost of different 
sizes of beam stems and may be neglected in an analyds. 


ILLUSTRATIVE PROBLEM IS 

116. Economical BepSi by Computation. Given a beam and slab floor aystem 
with a dab thickness < » 6 in. The beam is subjected to a maximum positive bend- 
ing mmnent of 1,400,000 in.-lb. Determine the cheapest section for a stem h' » 
12 in. 

Cost of concaete o •• 40 cents per cubic foot 
Cost of sted a -■ 5 cents per pound 
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The type of ated remfordag used ^ves a steel ratio a « 2 for ordinary anchorage, 
or cost of steel Sp « 10 cents per pound of poaitive steel. The estimating depart- 
ment states that it has allowed a^ut 15 cents per foot of beam as the form cost 
asBigned to the beam stem. 

Let us determine the cost of various beam stems, each of which has a width b' « 
12 in. The following computation is made for the beam stem 12 in. by 24 in. (total 
depth » 30 in.). 

Assume the positive steel to be in one row, 3 in. from the bottom, and assume that 
the moment arm ratio j « 0.92 approximately. 


Steel area Ap 



1,400,000 

20,000 X 0.92 X 27 


2.82 sq. in. 


We shall use this minimum area Ap for our comparisons, so that the non-coinci- 
dence of commercial areas with the minimum may not affect tliis discussion. 


^ ^ - 1 ) 
Cost of concrete « — — — « 
144 

Cost of steel — 3.40 X «p X Ap 
Cost of forms 


0.40 X 12 X 24 
144 

« 3.40 X (2 X 0.06) X 2.82 


Total cost per foot length 


$0.80 

$0.96 

$0.15 

$1.91 


The tabulation below summarizes similar computations for a series of beam stems 
5ach 12 in. wide. 



Beam depth h inches 

6' « 12 in. 

21 

24 

27 

30 

33 

36 

39 



Stem height » (h 

— t) inches 

' 


15 

18 

21 

24 

27 

30 

33 

Depth d (one row) 


21 

24 

27 f 

30 

33 

36 

Depth d (two rows) 

17 

— 

— 

. . 

— 

— 


^ 1,400,000 

Am — _ _ 

4.48 

3.63 

3.14 

2.al' 

2.54 

2.31 

2.12 





i 




Cost of steel 

$1.52 

$1.24 

$1.07 

90.# 

$0.86 

$0.79 

$0.72 

Cost of concrete 

0.60 

0.60 

0.70 


0.90 

1.00 

1.10 

Cost of forms 

0.15 

0.15 

0.16 

Bm 

0.16 

0.15 

0.16 

Total cost per foot 

$2.17 

$1.99 

$1.92 


$1.91 

$1.94 

$1.97 


In Figure 60 these costs are plotted against stem depth and indicate that the 
minimiun cost occuxs for the 12-in. by 27-in. stem. An old ''rule of thumb” criterion 
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and the vahie of j is appioxixnately 0.87. If the clear span is taken as 

to? 

26 ft. and the positive bending moment ■= tt * 1,400,000 in.-lb., the 

16 


uniformly distributed load to « 2760 lb. per ft. The maximum shear 
force F = 2760 X 13 = 35,900 lb. 


V 35,900 
vj~ mx 0.87 


344 sq. in. 


If V B 12 in., d 28.7 in., and k « 32 in. The beam stem is 12 in. 
by 26 in., wUch is close to the economical size. 

On the othar hand, had the span been only 22 ft., the following values 
would obtain: to = 3870 lb. per ft., V = 42,600 lb., and bd = 407 sq. in. 
If 5' 12 in., d >= 33.8 in., and k 37 in. The beam stem is now 12 

in. by 31 in., which is not economical. 

Special Anchorage. The maximum shear stress now equals v =• 0.1^'e 
» 240 lb. per sq. in. Using the dimensions given above, for a 26-ft. 
span, the beam stem would be 12 in. by 12 in. The 22-ft. span calls 
for a beam stem of 12 in. by 14 in. Both sizes are evidently very un- 
economical. Tee-beam sizes should not be determined for shear by the 
use of the special anchorage maximum. 

Size Determined by Negative Moment. Some designers prefer to detei^ 
mine the size by the choice of one which requires no compression steel 
at the supports. For Problffli 15 let the negative moment be taken as 
2,040,000 in.-lb. The section is similar to that of Figure 595 and the 
compression area is a rectangle. By the rectangular beam theory. 


d 


4-4 


'2,040,000 
157 X 12 


32.9 in. 


,The total depth A » 36 in. and the beam stem is 12 in. by 30 in. This 
is not economical for the costs used in Problem 15. 

The author recommends that the economical depth equation be used, 
providing that suitable costs can be obtained. 


ItLUSTBATIVE PROBLEM 16 

119. Rceaemlcal Depth Equation. Let us check the results of Problem 15 by the 
equa^n for economical depth. From that problem we note that the concrete cost 
e 40 cents per cubic foot and the steel special cost Sp»as«2X6»>10 cents 
per pound of positive steel 
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From equation Q0| r 


490 X 10 


40 


123. This result may also be obtained from 


iMagram 9 (in the Appendix) 
d 


Im X i,40( 
V 20,000 X 


From equation 91, 

26.8 + 3 


400,000 6 

12 ^2 


9.8 in. 


The total depth h of the beam equals 

^ + 3 - 29.8 + 3 « 32.8 in. 


Yhis agrees with the results plotted in Figure 60. 

The trial sizes given by the three methods are listed below for a beam stem 12 in. 
mde. 


Beam Stem Depth (in.) 

Span a 26 ft. 


Economical depth (r « 123) 

27 

Shear, ordinary anchorage 

26 

No compression steel 

30 

Span == 22 ft. 


Economical depth (r » 123) 

27 

Shear, ordinary anchorage 

31 

No compression steel 

30 


120. Design of Tee Beams. Order of Procedure, The efficient order 
of procedure to employ in designing tee beams concentrates on select- 
ing the proper beam size before selecting any steel areas. The recom- 
mended procedure is 


1. Determine economical depth and select the desired values of stem 

width V and total depth A. 

2. Check the section for shear. 

3. Check the sections at the supports for fiber stress /c. To give the 

allowable value of the concrete stress /<. con]|)ression steel is often 
needed. The concrete stress /<? at the section of maximum posi- 
tive bending moment seldom needs to be oj^ecked. 

4. Determine tension steel areas for bending i*|oment requirements. 

5. Check tension steel for bond. ;i, 

6. Determine anchorage requirements. "i < 

7. Place tension steel, f. 

8. Design diagonal tension reinforcement. | 

9. Reinforce flange, if necessary (A.C.I. Art. 7|f5c in the Appendix). 

STRAIGHT-UNE WORBING-STRESSvl^ 

ILLUSTRATIVE PROBLEM It 


121. Design of Tee Beams. Given the column spacings of Problem 8 (Chapter 5) 
whose elevation is shown in Figure 36. After a preliminary cost analysis de- 
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mgp^it lias adopted a concrete beam and alab floor system whose plan view is given 
in Hgare 61. The live load is 130 lb. per sq. ft. 

A tyiMoai interior panel such as ADHS (Fig. 61) is to be designed; a 2000*lb. 
concrete ' will be used. The cost of a concrete testing 2000 lb. per sq. in. at the 
age of 28 days is 46 cents per cubic foot. Forms cost 13 cents per square foot. Steel 
costs 4 cents per pound. Assume a positive steel to total steel ratio a » 2.5. 



Cc/umn Co/umn Co/umn Ccfamn 

Fig, 61 

122, Division of Loads. The floor system, which has colunm spacings of 29 ft. 
by 14 ft. 6 in., has been divided by the girder and beams into panels which are 14 ft. 
6 in. by 9 ft. 8 in. These are markedly rectangular in shape so the slab will be de- 
signed with one-way steel spanning the short direction over the beams. 

The loads brought to the cross beams will be carried by them directly to the 
columns. The intmmediate beams carry their loads to the girders, which in turn 
bring thdr loads to the columns. 

The greater part of the slab loads will be brought by the one-way steel to the 
beams; but a square foot of slab at some such position as a (Fig. 62) close to the 
girder, in fact part of its flange, is undoubtedly principally supported by the girder. 
Some other square foot of slab, such as 6, close to the beam is wholly taken by the 
beam. The load on an area such as c is probably partly carried to the beam and 
partly to the girder. 

We can draw boundary lines such as An, Bn, Bo, Co, etc., which separate the 
areas whose loads are prindpally carried by the girder or by the beam. The bound- 
aiy lines of Figure 62 are drawn at 45^ as a reasonable division. Such a division 
of the slab area would assign to Ihe beam an area finBofuF. Shown as a beam of 
slnglle span supported at the ends, the loading diagram is given in Figure 63, and the 
shear force a:^ bending moments are given as full lines in Figure 64, w^re to is 

^ See footnote of Arride 82. 








Beam 


Fig. 62 


G/rdcr 



Assumed Loaqing 


t40w f40w 



Second Approkimation 

Fko. 63 


MOin 


0jiSl¥ 
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the total load per square foot of alab.area. The shear force diagram, shown for the 
half (qiaa only, is unchanged if the beam is continuous (Art 3^), and the bending 
iiminentdiagram,alsoforthehalf8pan, is unchanged in shape, the base line (Jf «« 0) 
being shifted upwards. 

The flocff area carried directly by the girder AD (Fig. 62) consists of the three 
diamond-shaped areas AqBn, etc. The girder also receives from each intermediate 
beam a concentrated load of the aieas wnBox and yzrBq» The result is the loading 


/A/r/r/fMmAtTT 



Qpdir 




Fig. 64 



shown in Figure 63. The shear force and bending moment diagrams are shown in 
full lines in Figure 65. 

Both these loading diagrcuns give uniformly varying loads over all or part of the 
' spam The solution of shear force and bending moments for uniformly varying loads 
is more difficult than for uniform loading. The designer is accustomed, therefore, 
to approximate these assumed loadings in order to deal with uniformly distributed 
loads or concentrated loads. Such approximations should be on the safe side and 
should not give shear force or bending moment diagrams diver^ng grealiy from the 
desired <mes. 

An approximation often made with one-way steel is that the beam carries all the 
load, or the area jlmk (Fig. 62). In this case the loading for the beam and girder 
is shown as the first approximation in Figure 63. The shear force and bending 
ixMHnent diagrams are iffiown as dash lines in Figures 64 and 65. The shear force 
diagram for the beam cdnddes with the original assumption in the center portion 
but is hildber near the supports with a maximum of 7Dtc instead of 46.7tc, The 



Abt. 122] 


DIVISION OF LOADS 


121 


bexu&g moment values are greater throughout the span with a maximum of 25h/> 
instead of 216t0. The margin of safety is rather excessive for our problem. If the 
column spacings were such that the beam had a greater span this margin would be 
much less. The girder shear force diagram has a maximum of 140w which is less 
than the 163.3u; given by the loading originally assumed. The bending moment 
diagram gives less values throughout the span, the maximum being 1353u; instead 
of 1430u’. The first assumption gives shear and bending moment diagrams which 
are on the safe side for the beam and on the unsafe side for the girder. The first 
approximation would not be safe for the girder design. 

Another approximation that might be made is that the areas assigned to the girder 
are averaged to a strip of constant width. The width of this strip is sometimes 
reduced by a requirement that this strip shall be whoDy within the flange width 6 
of the girder. The remaining slab area is taken by the beams. In Figure 63 the 
loading for this second approximation is shown. The girder is assumed to take a 
strip higf (Fig. 62), of constant width of 4 ft. 10 in. This area is the same as the 
sum of the three diamondnshaped areas AqBn, etc. The flange of the girder should 
have a width b of at least 58 in. The beam carries the floor area d'e'edf which is 
9 ft. 8 in. wide and 9 ft. 8 in. long. The area dexw is brought to the girder by the 
beam from each side. The shear force and bending moment diagrams for the second 
approximation are shown in Figures 64 and 65 as dot and dash lines. The shear 
force for the beam is constant at the maximum of 46.7to for 2 ft. 5 in., and then 
the diagram coincides with the first approximation and later with the original as- 
sumption of loading. The bending moment diagram is slightly higher than the orig- 
inal with a maximum value of 226w instead of the 2lQw of the original. The shear 
diagram for the girder has the same maximum value of 163.3w as the original assump- 
tion. It substitutes a straight line for the reverse curve of the original, but the 
other boundary values of I17w and 23w are also identical with the original. The 
bending moment diagram for this case closely coincides with the original diagram 
and cannot be plotted separately. The curve for the ori^nal loading reverses 
slightly, just as does more markedly its shear force diagram. The curve for the 
second assumption is alternately slightly above or below the original values. The 
girder will be designed for the loading of the second appr<^mation. 

The second approximation gives good results. At the same time the designer 
deals with concentrated loads or uniformly distributed loids. To be sure, the load 
for the beam does not extend over the whole span, but itB^bending moment diagram 
is a close approximation to a parabola and the same relatife shifting of the base line 
(M » 0) can be used if the beam is continuous. V 

The fact that the uniformly distributed load for the b^am does not extend over 
the full span prevents the adoption of the second appro^dlfWtion for the beam design 
by many designers. They prefer the simplicity of tlie'^t assumption though in 
this case both the maximum shear force and the max&um bending moment are 
considerably in excess of the values that one wishes to ipproximate. The present 
problem is an extreme case because the girder span is w great compared with the 
beam span. If the column spacings had been 29 ft. iH'poth directions the loading 
diagram for the beam would be that shown in Figure 6^ The corresponding shear 
force and bending moment diagrams for the beam are plotted on Figure 67 with 
the assumed loading with full lines and the first approxii|)dM»on with dash lines. The 
excess of shear force and of bending moment is not greats and the first approxiznation 
would be adopted without question. 

In our problem the maximum shear force by the first approximation is 50 per 
cent in excess of the assumed loading. The bending moments at every section are 
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nearly 20 per cent in excess* The saving in time for the designer wo^ be ioo 
dearly purchased, so we adopt the second assumption for the beam design in this 



122* Bepfh of Slab* The slab steel is one-way and spans 9 ft. 8 in. over the cross 
and inteimediate beams. We shall design a strip 1 ft. wide, assuming a 4-in. thick- 
ness. 

live load «■ 130 lb. per sq. ft. 

Weight of slab « 50 lb. per sq, ft. 

Total load to *» 180 lb. per sq. ft. 


The pand ADHS (Fig. 61) is an interior panel. The three spans of the slab in 
this pan^ are all interior spans. By A.C.I. Article 701 (see Appendix) the maxi- 

mum positive bending moment equals — and the negative moxnent equals — . 

16 

The leotangular slab section will be designed for the negative moment, using the 
dear span* The designer estimates that the cross and intermediate beams will be 

8 iiL to 10 in* wide* He uses the smaller value so that the slab may be too large 
rather than too small, and the design may be on the safe side. The clear span is 

9 ft. 8 in. minus 8 in. A.C.L Article 701 states that the maximum negative moment 
for slabs with spans not exceeding 10 ft. shall be 


_ tap 180 X (9)* X 12 

nr — — ■■ - ■ ' ' ' ' 

• 12 12 


14,fi80m.-lb. 


Dqttb to iteel d 


[R I 

“ “VIST X 12 


2.78 in. 




Abt. 124] SIZE OF CROSS AND INTERMEDIATE BEAMS 


123 


The proteetiye oovering is f in. for slabs (A.C.I. Art 5076). Assume that the 
steel is not larger than | in. The minimum slab thickness t equals 

Minimum t »» 0.75 + 0.25 + 2.78 » 3.78 in. Use 4 in. slab. 

Before we compute the slab steel we shall check the assumption that the beam 
stem width 5' * 8 in, 

124. Size of Cross and Intennediate Beams. Loading. The cross and inter- 
mediate beam will be made the same size. The architect approves of this for gen- 
eral appearance, the engineer desires the same depth so that sprinkler pipes, conduits, 
shafting, etc., can be readily carried down the building, and the contractor has uni- 
form sizes for his slab and beam forms. 

There are two intermediate beams and one cross beam in each bay. We shall 
compute the economical size for the intermediate beams as there are twice as many 
of them. The economical depth will be determined from the maximum positive 
bending moment. 

We have decided to use the second approximation of Article 122 which uses the 
slab area deed' of Figure 62. The intermediate beams are continuous and we shall 
use the clear span. The designer estimates that the girders are 12 in. to 14 in. wide. 
He will assume 12 in. in order to use the greater span as a margin of safety. The 
clear span is 14 ft. 6 in. minus 12 in., or 13 ft. 6 in. Near its center the beam carries 
9f sq. ft. of slab for each foot of length. 

Slab load 180 X 9f = 1740 lb. per ft. length. In addition the beam must 
carry its own stem weight for the entire span. If the beam is 8 in. wide, the maxi- 
mum stem will be 8 in. by 16 in. 


ffNi' 






/740MK perfZ 


/J5 /A // 

JiHim i inujil 


932S /A 


Stem weight ' 


(a) 

8X16 


ffM/ 




/3e0 Zb. per ft 


9325 /b 9325 ib 

tnUrmediofe Beam 
Fig. 68 


Kb) 




9325 /a 


\AA ^ length. |j; The loading is shown in 


Figure 68a. Taking the origin at the left support, the i^bear and bending moment 
equations for a beam are 


From X « 0 to a; « 1,92 

Shear force » 9325 — 135a; 




Bending moment « 9325a; — Mn 

2 

1 

From * — 1.92 to « « 6.76 (center line) 

Shear force - 9325 - 136x - 1740(« •«> 1.92) 

Bending moment — 932&c — (* — 1.92)* + Jlf* 

2 4 
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The ehear force and bending moment diagrams are shown in Figure 69 as full 
lines. The bending moment is plotted for a beam finely supported at the ends 
(Mn “ 0 ). 

Some designers would now propose a third approximation* This approximation 
would substitute a uniformly distributed load equal to the total load of Figure 68a. 
The load w equals 1380 lb. per ft. 



-Ljoading of Fiq 66 a 
-tpacting of Fig. 66 b 


dO 

30 


M*0 Base Une for Maximum ^ 
Negaftve Mmenf '22900 ff/^ 





20 

10 


€M*Q Base Line for Maximum 
/bs///ve Moment *f9200ff:'fb 


0 / 2 3 4 5 6 


Distance from Support 
Intermediate Beam 


Fig. 69 


This loading is shown in Figure 686. The shear force and bending moment dia- 
grams are shown in Figure 69 as dash lines. Both the shear force and bending mo- 
ment Talues are too small throughout the span, and this approximatlQn will be 
rejected. We shall continue to design by the second approximation. 

The beams are continuous and we wish to design an interior span. Assume that 
the beam with the load of Figure 68a has the same relative fixity as that given by 
the A.C.L moment coefficients for uniformly distributed loads. 

The intermediate beams are supported by the girder. The moment coefficients 
of A.C.I. Article 701 for uniform loads are the basis for reference and give a maxi- 

mum negative moment Afn of — — for an interior span. A beam with fixed ends 


has an end moment of 
tpP 


to? 
12 ^ 


The maximum positive bending moment Mp equals 

to? 


+ — , which must accompany a minimum negative moment Mn 
16 


16 


, in order 


that the total change may be 


to? 
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Paralleling this for the loading of Figure 68a, solve for the fixed end moment 
Qsing one of the methods discussed in Chapters 12 and 18 with the knowledge that 
the slope is sero at the ends for a fixed beam, computations give 

Fixed-end moment Mn “ —26,690 ft-lb. 


Summarizing for the usual uniformly distributed load, 
Fixed-end moment 

Interior span, maximum negative moment Mn 

Interior span, maximum positive moment Mp 
Using the loading of Figure 68a, 

Fixed-end moment 

Interior span, Afn If X 25,690 

Interior span, Afp “ ff X 25,590 


top 

12 

11 



-26,590 ft.-lb. 
-27,900 ft.-lb. 
+19,200 ft.-lb. 


In Figure 69 the base line (ilf » 0) for the negative mom«it is located at the 27,900 
ft.-lb. level. The base line (Af » 0) for the positive moment of 19,200 ft.-lb. is 
located at 39,660 — 19,200 » 20,460 ft.-lb. from the bottom of the diagram. 

125. Economical Depth. Intermediate Beam. The cost of concrete c » 45 cents 
per cubic foot. The cost of the steel « *=* 4 cents per pound, and the special unit 
cost «p = os « 2.69 X 4 “ 10.36 cents per pound (Art. 114). 


Cost constant r 


490sp 

c 


490 X 10.36 
45 
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The maximum positive bending moment Mp « 19,200 ft.-lb. 
By equation 91, 


Economical depth d 


4 


11 3 X 19,200 X 12 4 _ 35.4 

20,000 X 6' 2 ” 


Let us examine values of stem width b' of 6, 8, and 10 in. (Adopt the steel reinforce- 
ment of Type II (Art. 60) and assume the positive steel ibnsists of one row of 1-in. 






cf 

J_ 


Intermediate Beam 
Fio. 70 


r 

Stc^ien at ^ 

ib) 



TEE BEAMS 


126 


(C^AF. 7 


bm. Uae fltiiTup» not larger than f-iiu (Fig. 706). The dietanoe from the bottom 
of the beam to the center of the steel is 

Fireproofing dearance » 2.00 in. 

StuTup diamet^ ■> 0.38 
Half dimension of bar « 0.50 

h — d * 2.88 in. 


Stem Width 

Depth to Tension 

Total Depth 

Depth of Stem 

6' 

Steel d 

h 

(A-<) 

6 

14.5 

16.5 



2.0 

2.9 



16.6 

19.4 

Use 19 

15 

8 

12.53 

2.0 

14.53 

2.88 



14.53 

17.41 

Use 17 

13 

10 

11.22 

2.0 

13.22 

2.88 



13.22 

16.10 

Use 16 

12 


The depths are economical ones, not minimum, so we may select sizes larger oi 
smaller as we prefer. The 8-in. by 17-m. beam has a stem ratio less than 2 to 1 
so we shall tentatively adopt it. 

Sdection of Siu by Shear StresB. As a basis of comparison let us also determine 
the size of beam by the allowable shear stress method, using "ordinary anchorage. 
The maximum shear force is 9325 lb. Assuming the distance from the top of the 
beam to the centor of gravity of the n^ative steel to be about 8 in., the minimum 
sise to satisfy shear becomes 


b'd 



9325 

120 X 0.87 


89.2 sq. in. 


If 6' «» 6 in., d » 14.85 in., h « 18 in., and ^ » 14 in. 


If b' 8 in., d « 11.13 in., h » 15 in., and b — f » 11 in. 


By the shear stress method we would use an S-im stem with a total depth 2 in. less 
than that of the economical sise. 

Sdedion of Site for No Compreeeion Steel, The maximum negative moment is 
27,900 ft.4b. At the support we have compression at the bottom of the beam (Fig. 
565} and a rectangular compression area. 


d «• . 




2^900 X 12 
167 XN 


46.1 

•y/W 


If 5' » 6 in., d « 18.85 in., h ^ 22 in., and 5 — f 18 in. 
If 6' » 8 in.« d « 16.3 in., A 20 in., and A — i 16 in. 
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Thk ixiethod would call for an stem with a total depth which is 3 in. deeper 
than that given by the economical size. 

126. Shear. Intmnediata Beam. Since we have adopted the economical size, 
we have one larger than that called for by the shear stress method and the shear 
stress is safe. It will be necessary to use web steel. 

127. Size of Girder. Economical Depth. Maximum Positive Bending Moment. 
We have adopted the loading of the second approximation (Fig. 63) for the girder. 
We are designing an interior span of a continuous beam, whose clear span is 26 ft. 
6 in. The loading is shown in Figure 71. This loading assigns to the girder as 


A270,ib. 


70270 Ab. 


Mm 


- 4J//-5 — — — 

iiiiiSgMr 




3X770 fb. 


Girchr 
Fia. 71 




3X770 Sb 


direct slab load a strip of 4.83 ft. of slab area for each foot length of girder. We 
wish to limit such direct loads to loads on the girder flange. The girder flange width 
h (A.C.I. Art. 705a) cannot exceed 


^ I 26.5 X 12 
4 4 


80 in. 


6 - 16« + 6' » 16 X 4 + 12 » 76 in. 
h — spacing ■» 14 ft. 6 in. — 174 in. 

Use flange width 5 « 76 in. The desired direct slab load for a width of 4.83 ft 
B 58 in. can be adopted. 

The uniformly distributed load for each foot of length of the girder equals 4.83 


sq. ft. of slab plus the weight of the girder stem. We h4.ve previously assumed a 
12«in. stem width and we now assume the maximum deptit of 24 in. 


Slab load » 180 X 4.88 » 870 lb. per ft 

12 yc 24 

Girder stem » — — — X 150 « dQ| lb. per ft 

144 

Total uniformly distributed load w « ll|^ lb. per ft. 


The concentrated load consists of the slab load of 9S||kw plus the weight of the 
beam stem for the dear span of the beam. ;| 

Bkb load - 93.8 X 180 - 16,800 lb. 

Beam stem - 110 X 18.5 l,4lb Vb^ 

Total concentrated load •• 18,28!B lb. 

The girder loads of Figure 71 can be handled separately as a uniformly distributed 
load and two symmetrically placed concentrated loads. It is necessary to deter- 
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nune the maximum positiYe bendiiig momeat for the interior span. This will occur 
at the center section for both loadings. 

The maximum positive bending moment due to the uniformly distributed load 
iP * 1170 lb. per ft. will be 


Mp 


— 

16 


1170 X (26.6)^ X 12 
16 


616;000 hL-lb. 


The two concentrated loads W « 18|270 lb. are symmetrically placed but are 5 in. 

I 

from the ''third points," which are the sections at - « 106 in. from the face of the 

3 

column. The maximum moment will be somewhat smaller than the values recom- 
mended in Table J (Chapter 14) for concentrated loads at the third points, but near 
enough so that the relative displacement of the base line (M » 0) from the fully 
fixed position may be assumed to be the same. 

Figure 72a shows two equal loads of W at the third points of the span. If the 
ends are fixed, the couples Mn at the supports can be found by the methods 


kir 


W 


0,270 Mx 02700 


hX 



r-i-~ 




^ 26 / 2 -d " 






(a) 


W 02700 

Girder 

Fig. 72 


0270 0 


(d) 


discussed in Chapter 14. Using the fact that the change of slope is sero for a 
fixed-end beam, the bending moment at the fixed end equals 

Mn « -iWl 

In Table J (Chapter 14) it is recommended that a maximum positive bending 
moment Mp 'A’lFZ be used for interior spans of continuous beams. This is ac- 

Wl 3 7 

oompanied by the minimum negative moment Mn — — PT/* — Wl, since 

3 Id 48 

Wl 

Mp -f- Mn ”” — . This moment is two thirds the value of the fixed-end moment 
3 

Mn *• — for the negative moment of ^-^Wl accompanying the recommended 
.positive moment is 0.66 of the fixed-end moment — f TTZ. 

Turning now to the actual loading of Figure 72&, the fixed-end moment can be 
obtained by a similar computation. It equals 

Mn * ~ 106,000 ft.-lb. 

Unng the same relative shifting of the base line (M « 0), the minimum negative 
moment } X 105,000 —70,000 ft.-lb. The maximum positive moment Mp at 

the center sections equals 

Maximum Mp « 18,270 X 8.^ -- 70,000 « 84,000 ft-lb. 

The total maximum positive bending moment due to the complete loading of Fig- 
ure 71 equals 

Up « 616^000 + 84,000 X 12 - 1,624,000 in.-lb. 
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Economical depth d 


4 


109 X 1,624,000 
20,0006' 



d 


94.1 

Vb' 


+ 2.0 


We shall examine stem widths 6' of 12 in., 14 in., and 16 in. It is customary to 
use the same type of reinforcement for all beams and girders, but in this problem 
we use for the girder Type III reinforcement with truss bars (Art. 60) in order 
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to illustrate its design. Assume the positive steel to be two rows of bars not larger 
than f-in. rounds in size (Fig. 736). We shall again assume j*m. rounds for the 
stirrups. The steel clearance h d equals 


Fireproofing clearance 

» 2.00 in. 

Stirrup diameter 

« 0.38 in. 

Distance to center of lower row 

» 0.87 in. 

Half distance to upper row 

n 0.S8 in. 

h-d 

» 3.03 in. 


Stem Width 

Depth to Tension 

Total Depth 

Depth of Stem 

6' 

Steel d 

h ;; 

(h^t) 

12 

27,2 

29.2 

28 


2.0 

3.6 : 



29.2 

32.8 f 




1186 32 


14 

26.1 

27.1 

26 


2.0 

1± 1 



27.1 

30.7 1 




Use 30 1 


16 

23.5 

26.5 

25 


2.0 

3.6 



25.5 

29.1 



Use 29 

* This proved to be a generous assumption, as the final design gives a value of 
the steel ratio a 2.05 (Art 114). The final design indicates that a small e r sec* 
tion is the economical one* 
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The section, 14 in. wide by 30 in. deep, gives a stem ratio jnst under 2 to 1, and 
this will be tentatively adop^. 

Sdectim of Sue by Shear Streee, As a xnatto of interest, let us determine the 
144n. beam section by the shear stress method. The maximum shear force V equals 

V « 1170 X 18i + 18,270 « 83,770 lb. 

Assuming ordinary anchorage, the minimum sise is 


w.r.-'®.™ 

tfj 120 X 0.87 


828 sq* in. 


If 6' « 14m., d « 28.1,^ «* 27in., &ndh - f - 28 in. 

This calls for a section 8 in. shallower than the economical 
SelecHon of Sue for No Compreesim Sted. The maximum negative moment due 
to the uniformly distributed load equals 


Afn 



-896,000 m.-lb. 


The negative moment due to the two concentrated loads will be taken as their 
fixed-end moment of 105,000 ft.-lb. The total negative moment at the support is 

Maximum Mn - -895,000 - 106,000 X 12 * -2,165,000 in.-lb. 


Since we have a rectangular compression area in the bottom of the stem at the sup- 
port, the depth to the steel equals 


d- 



4 . 


2,166,000 
167 X 14 


31.3 in. 


This calls for a total depth of h » 36 in. and a stem depth ^ « 31 in. Using 

the section computed for economy, we have a beam 6 in. shallower and we must 
use compression steel at the suppcxrt. 

138. Shear. Girder. The corrected stem weight equals 

14 26 

Stem weight « — — X 160 *« 880 lb. per ft. 

This is more than the assumed weight of 800 lb. per ft. The shear stress will still 
figure somewhat imd^ the limit of 120 lb. per sq. in. for ordinary anchorage. Use 
special anchorage with web steel. The results so far call for ordinary anchorage 
for the girder and beams; however, in order to illustrate the application of special 
anchorage requirements, it will be used for girder and beam design. This is no 
hardship as the increased allowable stresses for bond and diagonal tension are ad- 
vantageous. 

The girder stem sise of 14 in. by 26 in. is adopted. The designer now knows very 
closely tiie dimensions of the floor system. He should then compute his column 
stacks for sise and steel to verify the assumption of column sise b^ore figuring the 
steel for the floor gyiton. In this protfiem we will accept the 80-in. column as a 
aatisfaetoxy siae for Ikis floor, and start the final design of each member* 
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SLAB 

129. Steel for Slab. The preliininary design of the slab gives us the following data. 
Beam stem width g in. 

Clear span « 9 ft. 

Load w 180 lb. per sq. ft. 

Maximum positive beD(hng moment Mp ^ 10,900 in.4b. 

lo 


Maximum negative bending moment Mn 


12 


14,600 in.-lb. 


Thickness of slab f » 4 in. 


The fire-protective covering for the positive steel is 1.6 in. for glacial gravel. As- 
suming i-in. bars, the depth d = 4 — 1.76 =* 2.26 in. 


Positive steel Ap 


JH 

fjd 


10,900 

20,000 X 0.87 X 2.^ 


0.28 sq. in. 


This area is given by J-in. rounds spaced 8^ in. on centers. This spacing is too 
large for a 4-in. slab. Assuming f-in. rounds with a depth d » 2.31 in., the area 
Ap » 0.28 sq. in. Use f-in. rounds spaced at 4f in. on centers. 

The negative steel area An can be computed, assuming f-in. rounds and a height 
« 4.00 - 0.76 - 0.19 = 3.06 in. 


14,600 

20,000 X 0.87 X 3.06 


0.28 sq. in. 


With the steel arrangement of Figure 16 the slab steet arrangement is sketched 
in Figure 74. Every second bar is a Type A bar and is tient up at one fifth of the 
dear span (22 in.). The Type B bars are straight andfrun three spans (29 ft.). 

'I 



Type 3 Bars ^>9", 29 ff. Lortg 


Fto. 74 



fCHAl*. 7 


m TEE BEAMS 

By this arrangemeat we meet the requirements that for 

Positive bending: (a) at least one half the stedl beyond 27 in. 

(5) some positive steel runs into the support. 

Negative bending: (c) 0.28 sq. in. at supports. 

id) at least one half the steel until 11 in, out. 

(e) some negative steel to run 12 diameters (5 in.) beyond point 
of inflection (26 in.}. 

The shrinkage-temperature steel is supplied as a steel ratio p « 0.002 (A.C.I. Art. 
707). 

Temperature steel At « 0.002 X 12 X 2.31 » 0.06 sq. in. 

Use ^•in. roun^ spaced 10 in. on centers. This steel is parallel to the intermediate 
beams and will run two spans, or 29 ft. 


INTERMEDIATE BEAM 

180. Design of Intermediate Beam. Shear Force and Bending Moment The 
design of the intermediate beam will be made before that of the cross beam as its 
span is longer and the moments and shears will be greater. Note from the previous 
computations that 

Slab load * 1740 lb. per ft. 

8 X 13 

Corrected stem weight « - ■ X 160 « 110 lb. per ft. 

144 

Clear span » 13 ft. 4 in. 

Stem width 6' 8 in. 

Total depth k «= 17 in. 



The corrected loading diagram is g^ven in Figure 76. The change in load and 
fspm is so slight that the designer would continue with the previous loadings of 
Figure 68 which are on the sale side. We shall use, however, the corrected loading 
^ The flxed-^d moment can be computed as before, giving 


Un - -24,800 fUb. 



Art. 1311 POSITIVE TENSION STEEL 133 

By the same procedure aa used in Article 124 the maximum momeuts are 

Interior span, negative Af » ® -Jf X 24,800 « —27,100 ft.-lb. 

Interior span, positive ilfp “ -H X 24,800 * -f 18,600 ft.4b. 

The shear force diagram is plotted in Figure 76, and the two bending moment 
diagrams in Figure 77. 


20 

45 


I6.600ft-/b. 



Fig. 76 


Fig. 77 


131. Positive Tension Steel. Intennediate Beam. We are using the Type II 
system of reinforcement for the beams (Art. 60) and special anchorage. The posi- 
tive steel consists of straight bars. Assume a moment arm ratio j » 0.92, and a 
depth to steel d « 17 — 2.88 = 14.12 in. (Fig. 706). 


Steel area At 


K 


18,600 X 12 
20,000 X 0.92 X 14.12 


0.86 sq. in. 


Bond is checked at the point of inflection. From Figure 77 the point of inflection 
is 2.2 ft. from the face of the support. At this section th# shear force V » 8250 lb. 
For special anchorage the allowable bond stress u « 0.075/« *= 160 lb. per sq. in. 
The number of bars needed at 2.2 ft. for bond is 


V 8260 m ^ 

vojd 150 X o X 0.92 X d ^ 

The positive steel should be a few large-sized bars in^e row. It is important 
that they should be in one row if they are employed ipl compression steel at the 
supports. Tabulating possibilities, | 


Num- 

Size 

Steel 

Actual 

Computed 

(Number of 

In One 

ber 

in. 

Depth d 

Area A, 

Area 

liars for Bond 

Row 

2 

f rd. 

14.25 

0.88 

0.86 

1.8 

Yes 

3 

Ird. 

14.31 

0.92 

0.85 

2.2 

No 


The three f-in. round cannot be placed in one row as assumed In the computa 
tions. Since the two f-in. bars have less area, they would be adopted aii 3 rway. 
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182. NftgAihr# Tentton St«^ liait^nB«8kteBe«iii. Some of tlio mcgativB tonsion 
steel is to be bent down and used as diagonal tension mnforoement. It should be 
bent as near to the support as possible in order to dixninate stirrups in a region 
where they are closely spaced. The steel will be designed first for its use as tension 
sted and then used as diagonal tension steel wherevw bending conditions permit. 

Assume that a moment arm ratio j 0.87 is conservative, and that the height 
to the steel d « 17 — 3.13 » 13.87 in., umng 1.5 in. for clearance (Fig. 70a}. 


Steel area An 


JL 

Aid 


27,100 X 12 
20,000 X 0.87 X 13.87 


1.35 sq. in* 


The bond stress is a maximum at the support. All bars are present at this section, 
and the bond stress will be computed instead of the necessary number of bars. 

■ ^ , V 9140 10,600 

Bond stress u « rrr: * ' " - — — 

Zo X 0.87 X d Xod 

The negative steel should be four or more bars, so that there may be enough to 
bend down as diagonal tension steel Tabulating possibilities, 


Num- 

^6 

Steel 

Actual 

Computed 

Bond 

Number 

ber 

in. 

Height d 

Area 

Area 

Stress u 

of Rows 

4 

ird. 

13.87 

1.77 

1.35 

80 

2 

6 

isq. 

14.12 

1.60 

1.33 

62 

2 


Adopt the six ^-in. square bars. They will be located as shown in Figure 78. 
When the two outer bass in the lower row are bent down they will be inclined toward 



1 Stee/ 1 


/ 


1 

r r 

1 


1 

I 


Fig. 78 


the section center line (shown by dash lines) to preserve the fireproofing clearance 
on the beam stem. 

The point of infieetion for the negative bending moment occurs at 3.2 ft. from the 
girder face (Fig. 77). The shear force at this section equals V » 6410 lb. (Fig. 76). 
The number of bars required at this section for bond is 


V 6410 

* 160 X 2 X 0.87 X 14.12 


1.8 bars 


288. fiber Stresses in Concrete. BKemediate Beam. Negative Bending, The 
meadmxm negative bending moment is 27,100 ft.-lb. 325,000 im-lb. Without the 
aid of emxqiresilion steel at the support tixe rectangular beam can care iat a bending 
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moment «• Kbd!^ » 157 X 8 X (14.12)^ « 251,000 io.4b. Therefore, oompree- 
sion steel is needed. 

Maximum moment M »• 825,000 in.4b. 

Concrete fully stressed carries Me » 251,000 in.4b. 

Moment taken by compression steel M « » 74,000 in.-lb. 


The stress in the tension steel f» » 
equals 


k 



17,500 lb. per sq. in. The neutral axis ratio k 


1 + 


JL 

17,500 
15 X 900 


0.435 


The neutral axis lies at H =* 0.435 X 14.12 « 6.14 in. above the bottom of the 
beam. The compression steel will be supplied from two |-in. bars used as positive 
steel. These bars are 2.75 in. from the bottom. The stress in the compression 
steel equals 




nfe 


kd-d' 

kd 


15 X900 X 


(6.14 ~ 2.75) 
6.14 


7450 lb. per sq. in. 


By A.C.I. Article 706 the compression steel area A « is figured for twice this stress. 


M'. ^ 74,000 

- d') “ 2 X 7450 X (14.12 - 2.75) 


0.44 sq. in. 


In order to preserve the S 3 nnmetry of steel placement use the two f-in. bars. This 
gives a considerable excess of area but, if one checks the actual stress using twice 
the area of these bars, it is found to be reduced to f\ 5800 lb. per sq. in. (see 
Problem 11, Chapter 6). As positive bending steel these bars should run into the 
support and terminate in a hook (A.C.I. Art. 903); as compression steel with a stress 
of 2 X 5800 lb. per sq. in. these bars must run into the support a distance 


I 


{2f\) 11,600 .,3 

a X ~ 

4w 4 X 100 4 


2lim. 


The standard hook will be used with a 180° bend and a Jiulius of 4 in. (A.C.I. Art. 
906). Entrance into the support, plus the hook, plus t^jS extension of four diam- 
eters should give an anchorage of at least 22 in. 

Pomiive Bending. The concrete area for maximum illiitive bending is either a 
wide rectangle in the flange or a tee beam if the neutnl^iais is in the stem. The 
designer knows that the fiber stress will be small, and il| commercial computations 
he will not check it. | 

However, if we desire to ascertain the maximum fibefifirtiresseB, we investigate by 
first solving for the flange width 5. 

4 4 


Maximum 5 « 16i + 16 X 4 +B ** 72 in. 

Majdmum h spacing 9 ft. 8 in. 116 in. 
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Use b 40 in. and d » 14.25 in. Let us assume that the neutral axis is in the flange 
and that the compression area is rectangular. 

^ bd 40X 14.25 


From IHagram 1 in the Appendix, the intexseotion of p « 0.00155 and n « 15 
gives values of the neutral axis ratio k » 0.20 and the moment arm ratio j « 0.935. 
The neutral axis is a distance hd » 0.20 X 14.25 « 2.85 in. from the top. This is 
within the slab, which is 4 in. deep, and the compression area is rectangular. 

From Diagram 2 in the Appendix, using values of 


JC « 




223,000 
40 X (14.25)* 


and 


0.00155 


Actual /e » 300 lb. per sq. in. and actual /« » 19,200 lb. per sq. in. 

The assumption of j » 0.92 is safe, but we shall now use the correct j « 0.935. 
134, Placing Steel. Intermediate Beam, Positive Steel. In placing the straight 
positive bars we must meet the following requirements. 

1. Two f-in. round bars at center line for bending moment. 

2. Two bars at 2.2 ft. * 27 in. from support for bond. 

3. Two bars running 22 in. into the supporting girder for anchorage of compression 
steel. 

Negative Steel. The following requirements must be met by the designer as he 
places the negative steel. 

1. Six I -in. square bars at the face of the support for bending moment. 

2. Bond requirements at the 
support are satisfied by these six 
bars. 

3. Two bars at the point of 
inflection for bond or anchorage 
(A.C.I. Art. 903). The point of 
inflection is 3.20 ft. » 39 in. from 
the face of the support (Fig. 77). 

Extend the two outside bars in 
the upper row to 3 in. beyond the 
center line. The stirrups can be 
wired to these bars (Fig. 79). We 
wish to bend down the other four 
bars as soon as possible to act as 
diagonal tension steel, keeping the 
steel arrangement S3rmmetrical 
about the v^cal axis of the cross section. Bend down the two outside bars in 
the lower row first, then the center bar, and the center bar in the upper row last 
of all. 

2 bent: Mi - 20,000 X 1.00 X 0.87 X 14.50 « 252,000 in.4b. 

3 bent: Mz « 20,000 X 0.75 X 0.87 X 14.87 » 194,000 in.4b. 

4 bent: Mt -* 20,000 X 0.50 X 0.87 X 14.87 » 129,000 in.4b. 



£/ey^ofion 

Infermedlofe Beam 
Fig. 79 
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If these moments are changed to foot-pomd units, the bends can be made by use 
of Figure 77. 

Mi - 21,000 ft.-lb. Bend two bars at 0.66 ft. « 8 in. 

Mz n 16,150 ft.-lb. Bend one bar at L2 ft. » 15 in. 

Mz » 10,750 ft.-lb. Bend one bar at 1.8 ft. «* 22 in. 

Since the number of bars is reduced, the points of bending should be checked for 
bond. For the successive bends the maximum shear force is 


2 bent: Va « uSoid *== 160 X 4 X 2 X 0.87 X 14.60 - 16,160 lb. 

3 bent: Fa * 160 X 3 X 2 X 0.87 X 14.87 « 11,660 lb. 

4 bent: Fa « 160 X 2 X 2 X 0.87 X 14.87 « 7,760 lb. 


The maximum shear in this span equals 9140 lb., so bond does not affect the loca- 
tion of the first two bends. The shear force reduces to 7760 lb. at a section 2.47 ft. 
30 in. out. This dictates the position of the 
third bend. 

These three bending points are minimum 
values. It is not permissible to bend these 
bars nearer the support but, if desired for 
diagonal tension, the distances may be in- 
creased. The bars will be bent down at 45® 
and hooked about a cross bar wired to the 
positive steel (Fig. 79). The bars in the 
lower row drop about 10 J in. and hence ex- 
tend horizontally the same distance; the bar 
from the top row drops 12 in. The top and 
bottom points of bending are listed in Fig- 
ure 79. The diagonal tension analysis may 
result in bends farther out from the supports. 

135. Diagonal Tension. Intermediate 
Beam. Diagonal tension reinforcement will 
be supplied by bent bars and stirrups. The 
corrected maximum shear stress at the sup- 
port equals 

« X « 9140 

" ” " 8 X 0.87 X 14.12 



Disfispce from Support -ft 
hfermec/iote Beam 

\ Fia. 80 
93 lb. ^ sq. in. 


This value is less than v > 0.06/ « -> 120 lb. per sq. in.. | The shear stress diagram 
is shown in Figure 80. 

Maximum Spacing. 


Maximum spacing 


d 

2 


X 14.12 


7.(Mf in. (stirrups) 


A bar bent at 46® will meet a 46® crack at '^mid-depth’’ if its maximum spacing 
equals d » 14.12 in. 

The diagonal tension steel must be designed to cover a variation of negative bend- 
ing moment from a maximum negative moment of 27,100 ft.-lb. to 19,700 lt.-lb. as 
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the live loed is shifted about on the fioor« Wh^ the native moment equals 27^00 
ft-lb, the diafi^nal oradsB mil tend to form as in Figure 24. When the moment 
equals 19,700 ft.*lb. the cra<^ dias^am approaches more ziearly that of Figure 22. 
For maximum native bending the tension cracks tend to appear on the top of the 
beam and the bent bars cross th^ close to l^e support, while the slab tends to pre* 
vent crack formation. Wh^ the tension cracks tend to appear on the bottom of 
the beami the bent bars are farther from the support as they cross possible crack 
lines and there is no aid from the slab. The diagonal tension steel will be designed 
for the case of tension cracks at the bottmn of the beam due to mAvimnm positive 
bending. 

Let us assume that the first crack starts at the bottom of the section at the sup- 
port (Fig. 22). The first pair of bent bars are 19 in. from the support. This is too 
far away as it exceeds their maximum spadng of 14 in. Stirrups must be used near 
the support. 

Stirrups* We have assumed a two-rod f -in. round stirrup. The mi nimiim spacing 
is computed by using equation 82 (Art. 62); 


98 -60 + 


2 X 0.11 X 20,000 
8X«X1 



Minimum s » — - 16.6 in. 

83 

This exceeds the maximum spacing of 7 in., and the }-in. bar is too large. 
Aasuming a two-rod ^-in. round stirrup we compute 

Minimum a - ~ - 7.6 in. 

38 

This is stall rather large and is more than the maximum, but there is no smaller cbm- 
xnerdal sise. ^noe this is a smaller size than previously assximed, all clearances 
are sale. Wherev^ stirrups are used they must be limited in spacing to 7 in. 

Beni Bara, Let us endeavor to use the bent bars at their maximum spacing of 
14 im One ^in. square bar bent at 45^ can be used at a spacing of 14 in. when 
the shear stress is less than 


1 X 0.25 X 20,000 
8 X 14 X 0.707 


60 + 68 


123 lb. per sq. in. 


' The maximum diear stress is only 93 lb. per sq. in., so the bent bats may be used 
at their maximiim spacing in any part of the span. 

Placing, The first pair of bent bars cannot reach the bottom of the beam before 
19 in. from iha support. They can prevent the appearance of diagonal cracks up 
to the section 19 — 14 — 5 in. from tJto support. Therefore, use one stnrup at 7-m. 
spacing, and then move out the first pair of bent bars to 7 + 14 - 21 in. Thesingle 
bar from the bottom row can be placed at 21 + 14 - 85 in., and the center top 
|tor at 85 + 14 - 49 in. out. The shear stress - 60 lb. per sq. in. occurs at 42 
in. 80). Beyond this section no ^agonal steel is needed The designer may 
add a lew widely spaced stinrups near the center of the span, but the computations 
do lint reqaiie their p r as en ce. The eompleto steel aitangement for this span is shc^ 
in Figure 81. 
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Fig. 81 


Note that wherever compression steel is used stirrups must be spaced closer than 
16 bar diameters « 12 in. 

48 tie diameters » 12 in. 

The bending moment reduces to Me ' 251,000 in.-lb. about 8 in. out. The stirrup 
spacing of 7 in. is safe. 

CROSS BEAM 


136. Design of Steel. Cross Beam. The cross beam will be made the same size 
as the intermediate beams. Since the girder load is figured for its clear span only, 
the slab area higf (Fig. 62) carried directly by the girder Is reduced to hH'g'f, and 
the slab areas shown heavily shaded near the columns A liid D must be carried by 
the cross beams. The loading diagram is given in Figisse 82a; the clear span of 
12 ft. is used. The shear force diagram is shown as the dlpush line AB and full line 
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BC in Hgurd 83* llin beading moment diagram for a mmple beam (if » 0) is 

shown in dash lines with a maximum of 32,500 ft4b. 

The reduction of load near the support is not great. If we approximate this load* 
ing by assuming that the uniformly distributed load in the center part v> « 1740 
110 » 1850 lb. per ft. acts the full span, we get the loading diagram of figure 825. 
The shear force diagram (Fig. 83) is the full line DBC. The bending moment dia- 
gram for a simple beam (AT » » 0) is shown as a full line with a maximum of 33,800 



Cross dsam 
Fig. 83 


ft.*lb. Both the shear force and bending moment diagrams are good approximations 
of those first adopted, and we shall design the cross beam by using the loading of 
Figure 825. 

The design is made for an interior span of a beam loaded with a uniformly dis- 
tributed load w 1850 lb. per ft. The maximum positive bending moment « 

" — and the maximum negative bending moment Mn 


tjPp 1850 X (12)^ 
16 16 


16,670 ft.4b. 


200,000 in lb. 


Mn 


11 


24,200 ft.4b. 


291,000 in.-lb. 


These moments are about 90 per cent of those used for the intermediate beam. 
The base lines (Jf * 0) are drawn on Figure 83 at Mn «* 33,300 — 16,670 » 16,670 
ft.4b. for ^ maximum positive moment (minimum negative), and at 24,200 ft.4b. 
for tiie maximum negative moment. 
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187. Tension Steel. Cross Beam. Positive Bending, We are again using the 
Type 11 system of reinforcement (Art. 60). Assume y ** 0.92, f-in. round bars, and 
i-in. stirrups. 

200,000 

Art ** 0.76 SQ. in. 

' 20,000 X 0.92 X 14.31 ^ 

Bond will be checked at the point of inflection which is 1.75 ft. = 21 in. from the 
face of the column (Fig. 83), where the shear force V « 7860 lb. 



y 

7 

7860 


67.0 





uc^d 

150 X 0 X 0.92d 

od 





Steel 

Actual 

Computed 

Number 



Size 

Depth 

Area 

Area 


of Bars 

Number 

Number 

in. 

d 

A. 

A. 

for Bond 

of Rows 

Use 2 

f rd. 

14.37 

0.88 

0.76 


1.7 

1 

3 

1 rd. 

13.90 

0.92 

0.79 


2.1 

2 


Three bars cannot be placed advantageously in two rows. Use f 4n rounds. 

Negative Bending, This steel will be in the form of inverted U bars. Assume two 
rows of f-in. bars, j « 0.87. 

, 291,000 

4 1.19 80 . in. 

20,000 X 0.87 X 14.13 ^ 




7 

11,100 

12,750 




11 

Xojd 

So X 0.87 Xd Xod 





Steel 

Actual 

Computed 

Bond 



Size 

Depth 

Area 

Area 

Stress 

Number 

Number 

in. 

d 

A, 

A. 

u 

of Rows 

4 

f rd. 

14.13 

1.23 

1.19 

114 

2 

Use 6 

isq. 

14.40 

1.25 

1.16 

88 

2 


The point of inflection for maximum negative bending ^ at a section 2.86 ft. 

34 in. from the column face (Fig. 83), where the shear force?^F « 5860 lb. 

2=^ 1.6 ba™ 

ucgd 160 X 2.00 X 0.87 X 16.00 

188. Fiber Stress in Concrete. Cross Beam. Negative ^^ending. The maximum 

negative bending moment Afn » 291,000 in.-lb. Withoi^ compression steel the 
rectangular beam at the support can care for a moment |bfe “ « 167 X 8 X 

(14.40)^ 261,000 in.4b. The necessary compression spiBel A « » 0.19 sq. in. is 

found by the procedure used for the intermediate beam M Article 133. Employing 
the two f *in. positive bars that run into the support, th^ compression steel stress 
2f\ 10,800 lb. per sq. in. and its anchorage must be atfeast 20 in. 

189. Placing Steel. Cross Beam. Positive Steel, T%e following requirements 
govern the placing of the straight positive bars. 

1. Two f-in. round bars at the center line for bending moment. 

2. Two bars at 21 in. from support for bond. 

3. Two bars at the support for anchorage and compression steel. 
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Ntffotfkft 8ietL The following lequlienients govern the placing of the negative 
tension steel 

1. Five l-in, square bars at the face of the column for bending moment. 

2* These five bars satisfy bond requirements at the support. 

2. Two bars at the point of infection for bond. Hie point of inflection is 2.86 ft. 

34 in. from the column face. 

The two outside |-in. bars in the upper row will be carried to a section 3 in. beyond 
the center line. They support the stirrups^ and fulfill the anchorage requirement by 
substituting an exceptional length for the standard hook. The other three bars can 
be bent down before they reach the point of inflection. Bend the pair in the lower 
row first and then the middle bar of the upper row. 

If two bars are bent down, the remaining three can carry a bending moment: 

2 bent: - 20,000 X 0.76 X 0.87 X 15.00 « 195,600 in.4b. 

3 bent: « 130,300 in.-lb. 

If these moments are changed to foot-pound units, the bends can be made by using 
Figure 83* 

Mz * 16,300 ft.-lb. Bend two bars at 0.77 ft. » 10 in. 

Ms » 10,850 ft.-ib. Bend one bar at 1.36 ft. « 17 in. 

These bends have been determined by bending moment considerations. The 
allowable stress in bond should not be exceeded and it is essential to insure that there 
are bar perimeters enough at all sections until the point of inflection is reached. 
For successive bends the maximum shear force is: 

2 bent: 7« - 160 X 3 X 2.00 X 0.87 X 15.00 « 11,730 lb. 

3 bent: Vz « 7,830 lb. 

The first bend can occur at any section as the maximum shear force in this span is 
11,100 lb. The second bend can occur at a section 1.76 ft. « 22 in. out. The two 
bars in the lower row can be bent at 10 in. and the middle bar in the top row at 
22 in, from the column face. 

140. Diagonal Tension. Cross Beam. Figwre84, Diagonal tension reinforcement 

will be supplied by a combination of bent bars and 
stirrups. 

Maadmum.. 14.40 


Maximum stirrup spacing 7.2 in. 

2 2 

Maximum bent bar spacing » 14.4 in. 


The first pair of bent bars can reach the bottom 
row at 10 + 11 ••21 in. from the column face, which 
exceeds the maximum spamng of 14 UL Usotwo-rod 
f -in. round stirrups. 



0 i 2 i 4 £ 5] 
Oisimce from Supporf-ff 
Cross Beam 

84 
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Stirbtjp SpAcmG Data (Fig. 84) 


Spacing 

Shear Stress 

Distance from Support 

sin. 

p lb. per sq. in. 

z in. 

4 

. . . 


6 

110 

1 

6 

102 

6 

7 

96 

10 


60 

83 


A single i^-in. square bar bent down at 45^ can resist diagonal tension stresses safely 
at its miudmuni spacing of 14 in., if the shear stress is less than 


1 X 0.25 X 20,000 
8X14X0.707 


60 + 63 « 123 lb. per sq. in. 


The bent bars can be used anywhere in the span at their maximum spacing. 

The first pair of bent bars cannot reach the bottom of the beam until 21 in. out. 
This pair prevents crack formation for 14 in., or to the section 7 in. out. There- 
fore, use stirrup spacings of 4 and 5 in. Then use the pair of bent bars for 14 in. 
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a section 23 in. out. The single bent bar from the top row can imch the bottom 
22 + 12 34 in.; however, when spaced at the maximum spacing of 14 in,, it 

reaches the bottom at 23 14 « 37 in. out. The shear stress reduces to e « 60 lb. 

per sq. in. at the section 33 in. out, so no more diagonal tension steel is required. 
Figure 85 shows the complete steel for this span. 


GIRDER 

141« Design of Girder. The preliminary design of the girder gives us the follow- 
ing information (Art. 127) : 


Width of stem « 14 in. 

Depth of stem ft — « 26 in. 

Corrected uniformly distributed load 1260 lb. per ft. 

Concentrated load “ 18,270 lb. 

The corrected loading diagram is shown in Figure 86. 

Maximum shear force at support V =* 34,850 lb. 
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With an origin at the left support the shear force and bending moment equations 
are 

From re *» 0 to a? =* 8.42 ft. 

Shear force V =■ 34,860 — 1250x 

1260 r 2 . 

Bending moment Af =» 34,860r ^ r Mn 

The shear force and bending moment diagrams are shown in Figures 87 and 88 
Corrected maximum positive bending moment due to uniformly distributed load; 

Mp - — = 660,000 m.-lb. 

Majdinain positive bending moment due to concentrated toads (Art. 127) ; 

Mp - 84,000 X 12 - 1,008,000 in.-lb. 

Total maximum positive bending moment at center line: 

Mp - 1,008,000 + 660,000 - 1,668,000 in.-lb. 
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For maximum negative bending the end moment Afn (Fig. 86) equals — for the 
distributed load plus 105,000 ft.-lb. tot the two concentrated loads (Art. 127). The 


^40 

I" 

I 20 

b 10 


'34.650 lb 


60501b 


24.320/b. 


|?5 


0 ! 2 3 4 5 6 1 642 K> n 12 13^5 

Distance from Support -ft 
Girder 


Fig. 87 


value 105,000 ft.-lb. is the fixed-end moment for two concentrated loads placed ^ 
shown. The total value of the end moment JIfn for maximum negative bending is 


1250 X (26.5)^ 
11 


- 105,000 


-186,000 ft.-lb. 


Mn “ -2,220,000 in.-lb. 



142. Tension Steel. Girder. PoeUive Sted. The Type III system of reinforce- 
ment been adopted for the girder (Art. 60). The p^tive steel should be four, 
six, or bars, so that half of it can be bent up as truss bars. Assume a moment 


IISB BEAMS 


146 


(CkAK. 7 


ami ratio j *■ 0»92 for poaitivo bondix^s (^8* 785), a depth to the eteel d ■■ 80 — 4 
«* 2S in., and round stirrup bars. 

1,668,000 « . 

i ^ I ^ 3.48 so. in. 

^ 20,000 X 0.02 X 26 ^ 

Bond is checked at the point of inflection, which is at 8.8 ft. «* 46 in. by Figure 
88. At this section the shear force V « 30,100 lb. Using special anchorage and 
an allowable stress u * 160 lb. per sq. in., 




y ^ 

30,100 

218 





160 X 0 X 0.92 X i 

od 




Steel 

Actual 

Computed 

Number 


Num- 

Sise 

Depth 

Area 

Area 

of Bars 

Number 

ber 

in. 

d 

A% 

At 

for Bond 

of Bows 

4 

1 sq. 

27.00 

4.00 

3.36 

2.1 

1 

5 

ltd. 

27.00 

3.93 

3.36 

2.6 

1 

6 

frd. 

26.12 

3.61 

3.47 

3.1 

2 

8 

frd. 

26.25 

3.54 

3.46 

3.6 

2 


Adopt tentatively the eight |-in. round bars, as they closely approach the com- 
puted areas and give plenty of bars to bend. This choice is subject to change if 
satisfactory provision cannot be made for compression steel at the support. 

Negative Steel, The negative tension steel will be provided from the top rows of 
positive tension steel in the two adjacent spans. By bending up four f-in. roimd 

bars from each side there are available at 
the support eight |-in. round bars. Assume 
a moment arm ratio j ** 0.87 and a height 
to the steel d * 26.49 in. (Fig. 89). The 
top row of J-in, square bars in the cross 
and intermediate beams is 2.00 in. down. 
The top row of f-in. girder steel must be 
below these bars. 



An ' 


185,000 X 12 
20,000 X 0.87 X 26.49 


> 4.82 sq. in. 


Fxo. 89 


The eight f-in. bars supply 3.64 sq. in. 
There remains an excess of 1.28 sq. 


area. 


in., which is given by two 1-in. round bars* 
The 1-in. bars will not be bent down, but will run to the center line and carry the 
stirrups. The minimum spaciugs are satisfied with four f-in. rounds and two 1-in. 
rounds in the same row. 

At support 

» 60 lb, per sq. in. 


34,860 


26.18 X 0.87 X 26.72 

14S* Fiber Stress in Coasrete. Girder. Negaim Banding, The maximum nega- 
tive bending moment Jf» - 2,220,000 in.4b. Without oompression steel the rec- 
tangular beam at the support (Fig. 89) can safely carry a bending moment: 

» KhS liS7 y 14 X (26.72)^ « 10170,000 im-tb. 
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Therefore, oompression steel must be used. 

M « 2,220,000 im-lb. 

Me - 1,670,000 im-lb. 

Af'a «* 660,000 in.4b. » C',(d - d') 

Assuming the compression steel to be f-in. bars in the bottom row, d' « 2.88 in. 


660,000 
26.72 - 2.88 


27,200 lb. « 2f\A\ 


If the maximum allowable stresses are fe 900 lb. per sq. in. and the actual steel 
stress fe » 18,700 lb. per sq. in., the neutral axis ratio k » 0.42, and the neutral 
axis distance kd « 0.42 X 26.72 » 11.2 in. 

The fiber stress /'« in the compression steel equals 


16 X 900 


( 11.20 - 2 . 88 ) 


10,000 lb. per sq. in. 


£e 27,200 
2fe 2 X 10,000 


1.36 sq. in. 


This area is supplied by the four f 4n. round positive tension steel in the bottom 
row of the girder. Since the actual area is 1.77 sq. in., the actual compression stress 
equals / « « 2 X 9060 lb. per sq in. and must be anchored 46 diameters, or 34 in., 
into the column. 

Fontive Bending, The designer knows that the stresses in the concrete are safe 
for positive bending. 

However, if we desire to ascertain the actual stress, we solve first for the flange 
width h. This is computed as 6 ~ 78 in. The tension steel depth d » 26.25 in. 

Ae 

Assuming that the neutral axis lies in the flange, we solve f6r the steel ratio p » 

od 

3.64 

« ” ” « 0,0017. From Diagram 1 in the Appendb, the intersection of p 

« 0.0017 and n » 16 gives a neutral axis ratio k » 0.20 t|bd a moment axis ratio 
j » 0.93. The neutral axis is a distance kd « 0.20 X 2^|il6 » 6.26 in. below the 
top. This is below the slab, and the compression area kiMtee shaped. Assuming 
that the compression in the stem can be neglected, equat^ 73 (Art. 104) may be 
written: 


fjbtjjd) 

2kd 


(2kd-t) -CcfJbM'- 




also p » 0.0017 and np « 16 X 0.0017 « 0.026. 


0.162 
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From Diagram 10 m the Appendix, for ~ » 0.152 and np » 0.026, the value of 

a 

the moment arm j — 0.94. The assumption of j « 0.92 is safe, but we shall now 

use J «• 0.94. In the same diagram, for ~ « 0.162 and np « 0.026 the term Ce « 

a 

0 . 00 . 

„ . ^ M 1 , 668,000 

Ma»mum fiber stre« ^ = 5B ~ X 78 X (26.25)^ “ “• 


Maximum allowable stress /o 0.45/'e * 900 lb. per sq. in. 

144. Checkmg by Tee-Beam Equations. The check of fiber stress given immedi- 
ately above by plots is the usual commercial method. Cases may arise for which 
there are no plots and we should be able to use the fundamental equations. Let us 
check the maximum fiber stress for positive bonding by the equations of Article 104. 


Neutral axis kd 


2ndA, -f bt^ 2 X 15 X 26.25 X 3.54 + 78 X (4)^ 
2nA. + 26« “ 2 X 15 X 3.64 + 2 X 78 X 4 


2790 4- 1250 ^ ^ 
106 4-624 " 730 


5.52 in. 


This is the correct kd; the previous computation of 6.26 in. in Article 143 was 
made by the rectangular-beam theory and merely indicates that the result was out- 
side the limit. The neutral axis is below the slab, and the compressive area is tee 
shaped. 

^ t(Bkd - 20 4(3 X 6.62 - 2 X 4) 4 X 8.66 

* 3(2fai - 0 ” 3(2 X 6.62 - 4) 3 X 7.04 “ 


also 


jd ^d -z ^ 26.25 - 1.62 = 24.63 in. 



24.63 

26.26 


0.94 


Jf 

A$jd 


1,668,000 

3,54 X 24.63 



L 19,100 i 

( 6.52 \ 

\d--kd} 

1“ 15 1 

(26.26 - 6.627 


19,100 lb. i)er sq, in. 

340 lb. per sq. in. 


These equations are convenient for checking a design rather than for determining 
i^es of sections and areas of steel. 

145< Placing Steel. Girder. Positive Steel. The positive steel consists of eight 
f-in. round bars in two rows. We must fulfill the following requirements while it 
is used as tension steel. 

1. Eight f-in. roimds at the center line for bending moment. 

2. Four bars at the point of infiection 46 in. from column face for bond. 

3. Four bars running into the column and hooked, for anchorage and compression 

steel. 


Hun the lower row of four bars 34 in. into the column to anchor for the compression 
stress 2f\ » 18,100 lb. per sq. in. (Art. 143). This will care for bond, anchorage, 
and compreauon steel. 
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The bars in the upper row can be bent up as soon as the bending moment allows. 
From Figure 88 the positive bending moment diagram permits 

2 bent: Afe - 20,000 X 6 X 0.442 X 0.94 X 26.54 « 1,320,000 im-lb. 

4 bent: Mi - 20,000 X 4 X 0.442 X 0.94 X 27.13 « 900,000 im-lb. 

When Mi » 110,000 ft.-lb. bend 2 bars at 7.8 ft. 94 in. 

When Mi * 76,000 ft.4b. bend 2 more at 6.6 ft. ** 78 in. 

These bends cannot be made nearer the center Une, and the values are maxima when 
bends for diagonal tension are considered. 

Negative Tension Sted. The negative tension steel consists of eight f-in. round 
bars and two 1-in. round bars. The 1-in. bars will be run 3 in. beyond the center 
line in each direction. 

Bond, The point of inflection for maximum negative bending occurs at a section 
6.95 ft. « 71 in. from the column (Fig. 88). The total perimeters required at this 
section to satisfy bond requirements are 

V 27 400 

160 X 0.87 X 27.13 


The steel height d « 27.13 assumes that all the bars considered are in the top row. 
The two 1-in. bars supply 6.28 in., so at least one |-in. bar must run to this section 
to satisfy bond. Use two J-in. bars for symmetry; they will be run a few inches or 
so into the ^'refi^on of compression’’ and a standard 180'’ hook will be added. The 
other six f-in. bars can be bent down or cut off before they reach the point of inflec- 
tion. As far as bond is concerned, six bars can be bent down at any part of the 
span, as the remainder is effective up to a shear force of 39,000 lb. 

Bending Moment, Three-quarter-inch bars can be bent down in pairs as follows. 


2 bent: Mi « 20,000 X 4.22 X 0.87 X 27.00 - 1,980,000 in.-lb. 

4 bent: Mi « 20,000 X 3.34 X 0.87 X 26.90 - 1,670,000 in.-lb. 


6 bent: Mi « 20,000 X 2.46 X 0.87 X 27.13 « 1^157,000 in.-lb. 
When Afg « 165,000 ft.-lb. bend 2 bars at 0.83 f|, » 10 in. 
When Afg » 130,700 ft.-lb. bend 2 more at 1.62 |t. » 20 in. 
When Mi « 96,300 ft.-lb. bend 2 more at 2.65 It. * 32 in. 


This last pair is bent down but is not made continuous with the positive steel. 

The summary of the bending moment, bond, and anchqfiage data for the bent 
bars is shown in Figure 90. One pair of truss bars will b^|^t up to go into the 


Maximum 

Minimum 
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1 
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upper row over the odumu end run to the point of inflection; the other pair will go 
into the lower row and bend down in the adjacent apana. We are now able to com- 
pute the diagonal tension steel, knowing the limitations for the bent bars due to 
their triple action as positive, negative, and diagonal tension steel. 

146* Diagonal Tension Steel. Girder. The corrected maximum shear stress equals 


L « 84,850 

bjd 14 X 0.87 X 26.72 


108 lb. per sq. in. 


The complete shear stress diagram is shown in Figure 91. 

Maximum Spacing. We have assumed two> 
rod i-in. round stirrups. Their maximum longi- 
d 26.72 

tudinal spacing equals - * «« 13.4 in. 

2 2 

We are using |-in. round bars as* bent bars. 
Their maximum longitudinal spacing equals 
26.7 in. 

Minimum Spacing, Assume that diagonal 
tension is computed for maximum positive 
bending with the tensile cracks occurring at the 
bottom of the girder. The first pair of bent 
bars cannot be nearer than 31 in. to a crack 
starting at the support. This is greater than 
Fio. 91 the maximum longitudinal spacing of 26 in. 

We must first use stirrups. 

SUrrupB, The minimum spacing for stirrups is determined at the support. 



108 -60 4* 


2 X 0.196 X 20,000 


560 


Minimum s 


m 

48 


14 X s X I a 

11.7 in. This is too close to the maximum spaoiiig of 13 in. 


If the size is changed to two-rod f-in. round stirrups the closest spacing equals 

r « * 6.0 in. 


a 


This size permits some expansion as the shear stress drops, and we shall adopt 
the f-in. stirrups. 


Spacing 

Total Shear 

Distance from 
Column Face 

in. 

t; 

in. 

6 

, , 

, , 

8 

99 

20 

10 

91 

46 

12 

86 

62 


60 

101 


Bent Bara. It is desirable to use bent bars at their maxiinum spacing so that the 
extra cost of bending the bar may be offset by the number of stirrups eliminated. 
Also, it is desirable to make the Imds as near the support as possible, because 
stirrtms are closely spaced in regions of high shear force. 
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A pur of {mp. bats buit at 45° oan be used at their nuMtiimim spadng of 26 ia 
if the shear stress does not exceed 


. 2 X 0.44 X 20,000 
14X26X0:707 


129 lb. per sq. in. 


The shear stress does not exceed v » 108 lb. per sq. in., so the bent bars oan be 
used at their maximum spacing anywhere in the span. By A.O.I. Article 706a 
stirrups must be spaced not more than 

16 bar diameteie « 12 in. 


48 tie diameters » 18 in. 

wherever compression steel is needed. The negative moment exceeds 1,570,000 
in.4b. for a distance of about 18 in. from the column face. 

Placing Steel. The first bend can reach the bottom of the beam at 31 in. (Fig. 90). 
At a maximum longitudinal spacing of 26 in. this pair of bent bars can reinforce all 
sections between 5 in. and 31 in. However, use three stirrups spaced at 6 in. to 
reinforce from the column face as long as compression steel is needed. Then the 
first bent pair can be placed at 18 + 26 » 44 in., which is between the bending 
limits of 31 in. and 78 in. The second bent pair is spaced at its maximum of 26 in. 
and bends up at 70 in., which is also between the bending moment limits of 43 in. 
and 94 in. The third pair of negative bars can be bent down from the top at 32 in. 
out. let them continue to the bottom and be hooked there. They can reach the 
bottom at 63 in.; but, if used as diagonal tension reinforcement, they should reach 
the bottom at 70 + 26 » 96 in. The edge of the intermediate beam is at 97 in., 
so no additional web steel is needed. The stirrup spacings and bent bars are shown 
in Figure 93. 

147. Transverse Steel in Slab. Girder. The slab steel runs paralld to the girder. 
Therefore, there is no rigid connection between the slab and girder except that given 
by the prongs of the few stirrups, yet we are assuming that the slab acts as the fiange 
of the girder section. In mid-span the slab will tend to deflect more than the girder, 
and cracks may appear at or near the junction of slab and girder stem. To prevent 
the formation of such cracks and to tie the slab and girder together it is customary 
to place steel in the top of the slab running transversely fver the girder. A.C.I. 
Article 705c specifies that this steel shall be designed to carryi the load on the portion 
of the slab assumed as the girder flange. This load will on a cantilever beam 
(Fig. 92). The maximum bending moment occurs at the ^ge of the beam stem 
and for a cantilever 1 ft. wide equals 

top 32 32 

Af-_-180X-Xy - 7680 in#). 

This transverse steel goes in the top of the slab but moA be under the slab steel 
in order to preserve the fireproofing clearance. The tranuferse steel will be imme- 
diately below the main slab steel and can be placed to dolge the occasional girder 
stirrup which also hooks over at this level The spacing <4^the transverse steel shall 
not exceed five times the slab thickness, nor exceed 18 in. Aseuxne f *in* round bars 
for trial. The steel height d - 4 - f - f - 'A » 2.69 lit. 
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The truss bars A and B are long and have many bends plus books. Type III 
reinforcement using truss bars is not well adapted to the present requirements for 
^)eoial andtorage. If ordinary anchorage had been used the hooks could be omitted 
and the final bend down for anchorage in the adjacent spans for bar B« Both A 



Abt. 149] 


TEE-BBAM SIZE BY PLASTIC THEORY 


153 


aod B bars would then reeemble those of Figure 81 and be shorter and eaeier to 
fabricate. When special anchorage is employed the U bars of Type II reinforce- 
ment fit more easily into the requirements. 


PLASTIC THEORY 
ILLUSTRATIVE PROBLEM 18 

149. Tee-Beam Size by Plastic Theory. Let us determine for the beam and girder 
floor system of Problem 17 the sizes of tee-beam sections to use for the intermediate 
beam and the girder. 

Intermediate Beam. The known or assumed data are 


Thickness of slab 4 in. 


Beam stem « 8 in. by 16 in. 

Load from slab 180 X 9f » 1740 lb. per ft. 

Stem weight = 135 lb. per ft. 

The load diagram is shown in Figure 68 and the shear force and bending moment 
diagrams are given in Figure 60. These shears and moments will be used without 
change for the plastic theory, on the assumption that they were obtained from the 
ultimate values by dividing by a suitable factor of safety. 


Maximum positive moment « 19|200 ft. -lb. 
Maximum negative moment » 27,900 ft.4b. 


Negative Bending at Support {Fig, 59b), This section is a rectangular beam. 
Assuming no compression steel and balanced design, the size by equation 20 is 


^ ^ 3 X 27,900 X 12 

/'c 800 


1253 cu4n. 


The allowable stress U has been taken as 0.4/ o. If 5 » 8;4n., d « 12.5 in., h ^ 
15 in. 

Poeitive Bending {Fig, 69a), If A » 15 in., d » 12.25 kh, approximately. Mr. 
Whitney recommends that the beam flange 5 » 8^ -f 5' in. It is probable 
that the compression area will lie wholly in the flange. Aliruimng an under-rein- 
forced rectangular beam, by equation 19, | 


« 12.26 




/ 2.35 X 19,200 X 12 ~j ^ 

V 800 X 40 X (12.26)* J f 


0.71 ii 


c - d - 11.90m. 


M 10,200 X 12 
20,000 X 11.90 


0.97 sq. in. 
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If ono l^in. square bar is used, the boud stress is too high, so use two {-iti« round 
ban. The negative steel equals 


^ ^ 
0 . 732 /,^^ 


27,900 X 12 
0.732 X 20,000 X 12.6 


1.83 sq. in. 


Use two l-in. square bars, which are also saiisfaotory for bond. No compression 
steel is needed at the support* The comparison of the designs by the two theories 
(pves 



Straight-line 

Plastic 

Stem width, in. 

8 

8 

Total depth, in. 

17 

15 

Actual Ap, sq. in. 

0.88 

1.20 

Actual An, sq. in. 

1.50 

2.00 

Theoretical A «, sq. in. 

0.44 

None 


The compression steel does not count in this comparison, as the two bars of positive 
steel will run into the support anyway and must be well anchored to justify '^special 
anchorage.” 

Girdn*. A similar analysis of the girder gives 


At the support 


Mp - 139,000 ft.4b. 
Mn « 186,000 ft..lb. 




3 X 185,000 X 12 
800 


8320 cu. in. 


If 6 


14 in., d 24.4 in. and 29 in. 

185,000 X 12 
" 0.732 X 20,000 X 26.00 


6.06 in. 


Use eight 1-in. round bars, which are also satisfactory for bond. 
For positive bending, assuming d « 25.26 in. (two rows). 


a 


25.26 


2.36 X 139,000 X 12 
800 X 46 X (25.26)* 


2.20 in. 


c - 26.26 - 1.10 - 24.16 in. 


139,000 X 12 
' ” 20,000 X 24.16 


3.45 sq. in. 


Use f-4n. round bars. The comparison of results gives 


Stem width, in. 

Total depth, in. 

Actual Ap, sq. In. 
Actual An, eq« in. 
Theoretieal A\, sq. in. 


Straight-Line Plastic 

14 14 

30 28 

3.54 8.61 

5.11 6.28 

1.88 None 
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In general, piaatio design gives a somewhat smaller section with no compression 
sted at the support. However, the negative tension steel is considerably increased 
and the positive tension steel is slightJy greater. These comparisons are made on 
the assumption that bond, anchorage, and diagonal tension are satisfied. 


RIBBED OR JOIST FLOORS 

150. Ribbed or Joist Floors. The ribbed floor consists of a thin slab, 
in. to 3 in. thick, supported by small joists spaced not more than 
30 in. in the clear. This type of floor construction is used in the endeavor 
to save weight and is e(s^>ecially adapted for office buildings, schools, etc., 
where the live loads are light. Since the slab and joists are poured as a 
unit the design again deals with a tee-shaped section. The space be- 
tween the joists may be filled with light-weight tile to give a plane imder- 
surface for plaster (Fig. 94a), or the joists may taper sli^tly so that 
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the forms of sheet metal may be withdrawn, leaving this space open 
(Fig. 946). If tile is used the clear distance between joists is usually 
12 in. ; if the metal forms are used longer distances up to 30 in. can be 
employed. 

Concrete or clay tiles are used as fillers. Beforo the floor system is 
derigned it is desirable to learn what depths of tile are available in the 
locality where they are to be purchased. The weights of concrete tile 
with 12-in. by 12-in. area for varying heights are ; 


Height 

Weight * 

Height 

Weight 

in. 

lb. 

in. 

:■# lb. 

4 

16 

8 

U 30 

5 

20 

9 

» 33 

6 

22 

10 

1 “ 

7 

27 

12 

1 40 


* From Concrete Engineen Handbook, Hool and Johnsom^ 

A.C.I. Article 708 requires that the ribs shall li# considered straight, 
not less than 4 in. wide, nor deeper than 3 times ^ width. The dear 
spacing of ribs diall not exceed 30 in. Where removable forms are used, 
the slab thickness shall not be less than the dear span between ribs, 
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Qor lees titan 2 in. If tile are used, the tiab thickness tiiall not be less 
than ^ the dear span betwe^ ribs, nor less titan in. If tite tile 
are so placed that the tile joints in alternate rows do not occur at the 
same cross section of the rib, the tile wel» in contact with the rib may 
be used in the r^on of negative bending for computations involving 
shear and bending moment. Shrinkage reinforcement must be provided 
as in ordinaiy dabs. 


ILLUSTRATIVE PROBLEM 19 

ISl. Dedgn of Ribbed Floor. Using the floor dimensions of Figure 61, design a 
tile ribbed floor to span between the girders, omitting the intermediate and cross 
beams. Adopt a 2000-lb.* concrete and ordinary anchorage. The tile system is 
used for this illustration because it parallels the design for removable forms and the 
tile computations must be made in addition. 

Assume the girder to be 12 in. wide; then the clear span for the continuous ribbed 
floor will be 13 ft. 6 in. Assume the minimum slab thickness t « l| in. and the 
minimum rib thickness of « 4 in. Each tee>beam joist carries a strip of floor 
16 in. wide (Fig. 96). 


1 

• — . 




n rr 

Vfe Oepfh 



Fig. 96 


162. sub. The thin slab spans contmuously across the joists for many spans. 
Assuming that they are fixed at the ends and disregarding any support the tile may 

w1^ 

give, the negative fixed-end moment equals Mn “ “ • The load equals 


Live load » 130 lb. per sq. ft. 
if -in. slab » 19 


*» 149 lb. per sq. ft. 


^ ^ 149 X (1)^ X 12 
12 " 12 


149 in.-lb. 


The slab is of plain concrete, except for shrinkage steel, and the maximum tensile 
stress equals 


My ^ 149 X 6 

I “l2X(1.6)^ 


33 lb. per sq. in. 


The allowable tensile stress is given by the '^shear equivalent*' of v » O.OSjf'o « 
40 lb. per sq, in. (Art. 61). The if-in, sl^ is satisfactory. 

168. Tee-Beam Bib. The dimensions of this small beam should be fixed before 
any steel is computed. The narrow compression area at the support (Fig. 966) 

*See footnote of Article 32. 
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Bkakes that section the critical one. Assuming an 8-in. tile, the load on each beam 
equals 

Live and slab loads » 149 X if » 199 lb. per ft. length 


Beam stem « ——r X 160 


144 


8-in. tile 


w 


30 

262 lb. per ft. length 


t MA — ^ Y 


ia) 


^nteOepfh 


(b) 


Fig. 96 


154. Shear. Joist. The maximum shear force V 


262 X 13.5 


17701b. The 


tile walls adjacent to the joist are assumed to be f in. thick. The shear stress equals 

1770 


5.6 X 0.87 X 8.60 


44 lb. per sq. in. 


This stress is safe if special anchorage is used. No diagonal tension steel is needed 
nor is it desired. 

166. Fiber Stress at Support. The maximum negative moment equals 


Mn 


ujP 

11 


262 X (13.6)2 X 


12 

11 


62,000 in.-lb. 


The compression area is rectangular at the support (Fig. 966). Counting the 
adjacent tile walls, the rectangular beam constant equals 


M ^ 62,000 

“ 6(i2 “ 6.6 X (8.60)2 


131 


From Diagrams 1 and 2 for X « 131 and /, ■» 20,000, 

‘ y. 

fc * 800 lb. per sq. in. and j * O-S^J. Safe. 

166. Positive Bending Moment. (Figure 96a.) The nua^mum positive moment 

Mp — - — « 36,700 in.-lb. Assuming the steel to be f-in.|Ws with 1^-in. fireproof- 
16 

ing and the neutral axis to be located in the flange. 


^ 35,700 

W2 ” 16 X (7.75)2 


37 


From Diagrams 1 and 2 for X « 37 and/# » 20,000, 

fe «■ 360 lb. per sq. in. j « 0.93 and k « 0.22 
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Thfi &6utr4 Axii ii at a dlstanee kd >« 0.23 X 7.76 1.71 ia. from the top. Thk 

18 bdow the flange and the oompreBeion area is tee shaped. The positive steel equals 


^ f,jd 20,000 X 0.03 X 7.76 
Use one ^-in. square bar. 


0.25 sq. in. 


« ^ l-fl , 16X0.26 

By Diagram 10 for- - — - 0.104 andnp - 


Ct ** 0.10 and 

M ^ ^ 85,700 

GW» 0.10 X 16 X (7.76)* 


870 lb. per sq. in. Safe. 


It will be noticed that the results for/o and^ by the false assumption of the neutral 
axis in the flange are correct in this Case because the neutral axis is only a short 
distance bdow the flange. 

The positive steel is checked for bond at the point of inflection. This occurs at 
0.162 24 in. fiom the support. At this section V » 1240 lb. The number of bars 

required is 

iwjd 160X2.00 X0.98 X7.76 

167. Negative Tension Steel 

^ 62,000 ^ . 

^ 20,000 X 0.875 X 8.fi0 sq- »“• 

Use two i*in. round bars. 

At the support 

V 1770 ^ 

^ - 23^ 1.57 X 0.876 X 8.60 


76 lb. per sq. in. Safe. 


These bars will be carried out to the point of inflection and anchored beyond 
that section by hooks. The point of inflection occurs at 0.242 » 89 in. The steel 
arrangement is shown in Figure 97. 

Shrinkage SUd, This steel can best be supplied by wire mesh, since there is no 
steel in the thin slab and it is advisable to have shrinkage reinforcement in both 
directions. Using tbe slab thickness of f » 1.6 in., the steel area in both directions 
equals 

A$ •" 0.0026 X 12 X 1.6 0.046 sq. in. per sq. ft. of floor surface 

16S. Supporting Beam. Hedanfftdcir Beam, The beam supporting the joist floor 
system will have the section shown in figure 97 when opposite a row of tiles. If the 




2-ird.)i9‘’4'iong^ 
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tUfiB run for 18.5 ft, it will be neoeesary to introduce a balf^ile into each row to 
give the necessary length and to assure that the tile jcmits are not opposite each 
other in two adjacent rows. Each slab rib brings to the supporting beam in each 
16 in. interval a load of 


Live and dead loads «« 262 X 13.5 » 3540 lb. 
Beam - 12 X24X+Wxi4 « 4001b. 

Total « 3940 lb. 


The load per foot of length w « 3940 X *1:1 « 2950 lb. per ft. Disregarding the 
thin 1^-in. ^b, the beam section is rectangular. The maximum numerical moment 
is the negative. 

M* - ^ « 2960 X (26.5)* X ^ « 2,260,000 in.-lb. 

^ /2,260,00Q _ 120 

“ yiKb “ V 167 X 5 “vs 


A beam with a width of 12 in. will be about 38 in. deep, and a better section would 
be 16 in. by 33 in. In order to use tile or half*tile between beams 16 in. wide, the 
row of tiles could only be 13 ft. long. The beam would then have a flange of solid 
slab extending out 1 in. each side of the beam stem. 

Tee Beam. A lighter design can be made with a tile row of 13 ft., if the beam stem 
is made 12 in. wide with the solid slao extending out 3 in. ou either side. The beam 
section for positive bending is tee shaped with a flange 18 in. wide and 9.5 in. deep. 
Let us assume the stem to be 12 in. by 21 in. Each joist unit brings in a load for 
each 16-in. length of the beam equal to 


Live load and l^-in. slab « 149 X if X 14.6 » 2890 lb. 

- 435 


Joist stem « ——r X 160 X 13 


144 

Tile » 30 X 13 

Solid slab - ^ x 150 

(12)* 

The load per foot length of the beam equals 
3782 X if 


12 X 29 

Beam weight « — ~ — X 160 « 360 


» 890 
67 

3782 lb. 
2840 Hi* per ft. 


144 

loP 


8200 l&l^ft 


Maximum positive moment * ^ “ 3200 X (26.6)* x| 


1,690,000 in.db. 


Assuming the neutral axis to be below the 9.5-in. flange ||id d 27.5 in., 


, 1,690,000 ^ . 

“ 20,000 X 0J8 X 27.6 " 


np 


16 X 8.60 
18 X 27.6 


( 

5 "27.6 


>a86 


0.106 and 
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From XMagram 10, /« •• SIO lb. per sq. ku, j » 0.88. This oonorete etrem is safe. 
Use three li4n. square bars in one row witii d » 27.56 in. 

top 

Negaiive Momeni and Shear. Maximum negative moment ”* ”” 2,460,000 

in.4b. Use four l|4n. square bars in one row with d » 28.06 in. The concrete, 
without compression steel, can safely carry a moment of 

Me * IOkP - 167 X 12 X (28.06)* - 1,480,000 im-lb. 

The compression steel moment Jlf « » 980, (XX) in.4b. and a compression steel area 
A • » 1.95 sq. in. is required. 

The maximum shear stress equals 


9 n 


_ « 3200 X 13.26 

bjd “ 12 X 0.87 X 28.06 


145 lb. per sq. in. 


If special anchorage is used, this is safe. 

Weight cf floor* The weight of a joist unit 16 in. wide by 13.5 ft. long 1,245 lb. 

Wd^t of floor panel 29 ft. by 13.6 ft. « 27,000 lb. 

Weight of beam, 12 in. by 30.5 in., 26.5 ft. long 10,100 lb. 

Weight of floor system, 29 ft. by 14.6 ft. « 37,100 lb. 

169« Comparison with Solid One-Way Slab. If this same panel, 29 ft. by 14.5 ft., 
is designed for a slab spanning from girder to girder, the slab load equals 

Live load 
6-in. slab 

Total on slab 
The maximum numerical moment »» ilf n 


' 130 lb. per sq. ft. 
76 

> 205 lb. per sq. ft. 
wP 


12 


» 206 X (13.6)* X ^ *40,800in.-.lb 


f 40,800 


' 4.65 in. 


Assuming ^-in. steel, h » 4.65 + 0.75 + 0.25 « 5.65 in. Use 6-in. slab. 

Beam. A tee beam, 12 in. wide by 31 in. deep, with a stem 12 in. by 25 in., will 
carry this slab and the live load safely. 

Weight of floor, 6 in. deep, 29 ft. by 13.5 ft. » 29,400 lb. 

Weight of beam, 12 in. by 31 in., 26.5 ft. long « 10,300 lb. 

Weight of floor system, 29 ft. by 14.5 ft. » 39,700 lb. 

For the loads and dimensions used in this problem little saving in weight results 
from the use of the joist floor system. If the metal forms are used and no tile, so 
that the joists are much farther apart, there is often a saving. If etpans are less and 
loads are lighter, the solid slab approaches its minimum of 4 in. thick and fireproofing 
dearanoes make such a slab inefficient. The somewhat deeper joist floor will then 
often compare favord:>iy in weight. 

Thejoutfloorsystemcanalsobeused with two-way steel and joists. Thedivisbn 
oi loads is made in the same manner as that for two-way solid shdw (Chapter 10). 



CHAPTER 8 


DEFLECTION AND TORSION 

160. Deflection and Flow. The tem deflection will be used to denote 
the displacement of the neutral layer of a beam which occurs within a 
short time after the application of the load. The usual beam formulae 
give deflections. The term flm will be used to represent the additional 
deformations caused by shrinkage and by the yielding under long- 
continued loading. 

Ndther deflection nor flow is extreme for beams of short span. Beams 
of medium span designed for fiber stress are usually safe for deflection. 
Beams of long span must be checked for both deflection and flow, as 
the safe load will be determined by the necessity of having reasonable 
values for these deformations. 

161. Deflection of Beams. The theory of deflection for beams is 
based on the usual limitations and assumptions of the general beam 
theory. A reinforced concrete beam does not fulfill all these require- 
ments. It is not of homogeneous and isotropic material, nor does it have 
uniform cross sections as required by the limitations. The assumption 
that the fiber stresses are uniformly varying is true for the steel and at 
least approximately for the concrete in compres^on. If we consider 
the concrete as also helping to carry the 
tensile stresses, the tensile stresses in the 
concrete will be so near the ultimate that a 
constant proportionality between tihe stress 
and strain no longer holds (Fig. So). As long 
as the concrete still carries some tension, the 
load-deflection diagram will be curved as is 
the line OA in the typical deflection diagram 
of Figure 98. After the concrete cracks in 
tension the concrete carries the compression 
stresses and the steel the tensile stresses ina 
straight-line relation AB. When the concrete rslches the higher com- 
pression stress and the sted passes its elastic Iwt the load-deflection 
diagram is no bnger straight, but continually greats deflections are re- 
corded for the same increment of load, as is shown by BC. The difficulty 
d fitting a rational deflection theory to both the OA and AB portions of 

161 
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the load*deflectioa curve whiob shall allow for the dianges produced by 
ccmcretes of different strengths and also by the great variation of pos- 
sible steel arrangements is apparent. The variations are so great that 
the theory must be modified by test results to give reasonable accuraqr. 

The usual equations for the maximum deflection v of beams take the 
form 



where W total load on the q>an 
I ut span 

E » modulus of elasticity of the material 
I = moment of inertia of the section 
Cl a coefBdent (Ci varies with the fbdty of the support and 
with the t}l>e of loading whether it be concentrated, dis- 
tributed, etc.) 

If this relation is adopted as the basis of rdnforced concrete deflection 
computations, it is necessary to decide what we shall use for the modulus 
of elasticity E and for the representative, or average, moment of inertia 
I for the span. 

162. M^ulus of Elasticity. The usual beam theory assumes that the 
modulus of elasticity of the homogeneous material is the same in tension 
as in compresdon. This is not true for the rdnforced concrete beam. 

On the oompresskm side of the beam the concrete stresses may be 
assumed proportional to the stnuns. There will be a' constant value E, 
of the modulus of dastioity in compression for all sections whether 
li^tly or heavily loaded. 

On the tension side the conmete will have cracked at the sections of 
maximum bending mommt even for light loads. Other sections will still 
be able to take some tension wherever these tensUe stresses are low. 
When we design for fiber stress we consider the section of mATimnni 
beading and very properly do not considOT the concrete as taking any 
' taidon. On the other hand, whoa we dedgn for diagonal tension at 
sections of small bending moment we allow for the tension in the con- 
crete. Similariy, dealing with deflection, and considering the action of 
the beam as a whole, we should allow for the tension in the concrete for 
a great part of the spaa. At a section with small baiding moment the 
maxumim tendle stresses may vary from aero to A (Fig. 99). In such 
a ease all partides have the same modulus of elasticity Et, which is the 
dqw t^ line OA. This value Et appraximates the modulus of das- 
tidty m eomptession. At a section more beav% loaded the teodle 
ntiesaes may imty from aero to B. The paztides with stresBes varying 
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from loo to C have a oommon modulus which is the slope of the line 
OC. Each particle beyond C has a different modulus (secant modulus), 
sudi as the slope at partide B. The whole section will act as though 
the tensile stresses obeyed some unknown average modulus. 

Some other section may have tensile stresses varying from zero to F 
with a different average modulus. It is impossible, therefore, to compute 
a modulus of elasticity Et for concrete in 
tension which shall be a good average for 
sections lightly or heavily stressed in tension 
and sections which have already cracked. 

In addition, on the tension side there are 
varying amounts of steel whose modulus of 
elasticity E* is a constant. 

We cannot determine the correct aver- 
age modulus for all particles in a beam. 

As we shall use the transformed section 
for our computations, it seems advisable 
to adopt the modulus of elasticity Eg of 
the concrete in compression for use in the 
deflection formulae and let any error due 

to the fact that it may not be the correct average be takm care of by 



an empirical value n' of the ratio ^ *= 

tic 


This term n' will also allow 


for the variation of steel areas and position at different sections and for 
the variation of moment of inertia at different parts of the span. It 
becomes an empirical constant that justifies our simplifications and as- 
sumptions by giving the correct deflection. The analysis of available 
deflection tests suggests that the value of n' be l^en as 8, 10, or 12, 
no matter what the mix may be. A value of n' we 8 appears to be a 
good average for all types of beams. The deflection figured when the 
term n' is used as a constant will not give exact rg^ts but will indicate 
whether the deflection is i- in., ^ in., 1 in., or mtih. The designer can 
then judge whether this approximate deflection p excessive or not.‘ 
163. Moment of Inertia. There has been prewms discussion of the 
fact that the moment of inertia of the cross sectmns of reinforced con- 
crete beams varies in different parts of the span. .,|At the center sections 
with potitive bending the cross section has tbe(|iiiq>earanoe of Figure 
100a with the equivalent transformed areas of l||ure 100& or lOOe, de- 
pending on the podition of the neutral axis. At the support with nega- 


* At tiie end of 4 <» 6 yean plastic flow makes it advitafoleio use values of »' of 
40 or 60 to estimate tba total deflection due to loads, shdakagei and flow. 
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tive bendmg the section is shown in Figure 101a with, t^iskm and com- 
presrion steel Hie equivalent traosfonned area is given in Figure 101b. 
Ihe positive and negative transformed areas are quite different, and 
th^ moments of inertia are different. Near the points of inflection, 



Fio. 100 

while the steel is bending up or down, the transformed section will con- 
tinually vary. It is difficult, therefore, to obtain by theory or by test 
an average moment of inertia which can be easily computed. The fol- 
lowing discussion gives some justification for using in computations the 
moment of inertia of the sections in positive bending. 

Maximum deflection is obtained by the live-load arrangement which 
g^ves the least restraint at the support or, in other words, gives the 
maximtun positive bendmg in the span. The continuous beam will then 



approach the case for greatest deflection, which is that of a beam sup- 
ported at the ends without restraint. The discussion of slope-deflection 
sdutions of continuous frames in Chapter 14 shows that the deflection 

M 

can be found graphically from the ~ diagram. The mommt of this 

diagmm about a Bectim gives the deflection at that section. If we con- 
sider a beam of ocmstant mommit of inertia I supported at the ends with 
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a uniformly distributed load, the — diagram can be plotted as in Fig- 

El 

ure 102a. The moment of the portion of the diagram to the left of the 
center line gives (Fig. 1026): 

wZ® /Z\ wZ® /3Z\ wf /6Z\ 5 wZ* 5 ITZ® 


/6Z\ 5 M>Z* 

\16/ “ iiiij 


384 El 


The same result is obtained if we take the — diagram in two parts 

El 

I 

divided by the section at - of the span (Fig. 102c). The maximum 

4 


I 


I n wi* 
J34£/ 

£/, I 





(e) W/ 
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deflection at the center section is the moment of two couples about the 
center line: 


11 tcZ®/67 


384 F/ 


/67 \ 5 (67+13)ipZ^ 5 wZ* 5 TFZ® 

\176 /'^3^^\io /~384Xl6i/‘'3^^”384 El 


This second analysis shows that = 0.84 of tile maximum deflection 
M 

Ls due to the — loading in the middle half of th# beam. 

El * 

A similar analysis for the supported beam wit|l a central concentrated 
load W gives a deflection (Fig. 103): | 

Wl^ I ZWl\ 14 j {2^U)WP Wl^ 

■" QiEI ^ 6 urn ^ 36 ^ 64 X 12F/ 48FJ 

14 M 

In this case — «= 0.875 of the maximum deflection is due to the — disr 
16 El 

gram in the middle half of the beam. 
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Analyses of the cases for concentrated loads of W due to two or three 
intomediate beams show tiiat the loading of the center half causes more 
than 80 per cent of the maximum deflection. 

Therefore, since the center half of a reinforced concrete beam has a 
constant moment of inertia, and since more than 80 per cent of the 

M 

maximum deflection is due to the — loading of this part of the beam, 

it seems reasonable to adopt the moment of inertia of the sections 
in positive bending for use in computations for maximum d^ecti(m. 

3tn* 

64£l 



Fig. 103 


This is admittedly not the average for the whole span, but the correc- 
tion will be made from test data by the adoption of the suitable con- 
stant n' in the relation E, = n'Ee. 

164. Marimtan Deflection. The maximum deflection of reinforced 
concrete beams will be computed by using equation 92: 


Cl 


WP 

EJp 


(93) 


where E, « modulus of elasticity of the concrete in compression 

Ip moment of inertia of the transformed section for sections 
in positive bending. (The tension in the concrete is to 
be included between the neutral axis and the center of 
gravity of the tension sted.) 

The values of the coefficient Ci for the usud loadings are given in Table 
2 in the Appendix. 

166. DedSbcthm Rectangidar Beams, TensloEn Steel Only. A gen- 
eral erpresnon for the moment of inertia Ip for seCtionB in po^ve bend- 
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ing can be deduced. The section, transfonned to equivaleot concrete, 
will consist of a concrete rectangle bd and equivalent concrete substi- 
tuted for the steel in the amount Ae » n'A, » nfpbd (Fig. 104). As 
the tension in the concrete is also considered, the neutral axis will not 
be at a distance kd from the top given by the formulae of Chapter 2. 



Fig. 104 


The neutral axis is at the center of gravity of the transformed section 
and can be found by taking moments of the transformed area about the 
upper edge. 

d 

bd X — I- n'pbd X d = (bd + n'pbd)kd 
2 

Dividing by bcP and assembling k terms, 


1 + 2n'p 
2(1 + n'p) 


(94) 


The moment of inertia of the concrete projectioiis, substituted for the 
steel, about their center of gravity is so small tlttt it will be neglected. 
The total moment of inertia about the neutral as^ equals 


Ip 

Ip 


b(kd)^ bid - kd)^ 
3 3 


+ n'pM(d - Id)® 

4'i 


3 

5d* 

T 


[fc* -b (1 - kf + 3n'p(l - 

[3(1 + n'p)l® - 3(1 + 2n'p)j|-|- (1 + 3«'p)] 


Substituting the value of k from equation 94 gives 

(1 4* 4n'p) M® 

(1 + n'p) 12 


( 96 ) 
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166* Deflecti<m of a SUb« Compute the deflection of the elab designed in Prob- 
lem I (Chapter 3). The data deal with an interior span of a oontinuouB slab. The 
greatest d^ection will occur for the live-load arrangement that gives a maximum 

yjfi 

positive bending moment Afp — and, hence, a minimum negative moment Mn 


wP 
16 ‘ 


16 

Clear span 
Slab thickness t 
Depth to steel d 


Steel ratio p 

Adopt a value of the constant n' 


> 13 ft. 6 in. 

6 in. 

4.25 in. for positive bending 
A, 0.39 


hd 12 X 4.26 

« 8. 

n'p « 8 X 0.0077 « 0.0616 
(1 -f 4n» bd^ 1.246 X 12 X (4.26)^ 


0.0077 


(1+n'p) 12 


The modulus of elasticity Ec 


Em 


1.062 X 12 
30,000,000 


- 90 (in.)< 


3,760,000 lb. per sq. in. The 


n' 8 

coefficient Cx by Tid>le 2, for a uniformly distributed load and an end restraint of 
wP 

Afn « - — , equals Ci - 0.0062. 

Id 

CiWfi 0.0062(206 X 13.5) (13.5 X i2)» 

“ EJp “ 3,760,000 X 90 

Maximum deflection Vmax, ■■ 0.18 in. 

I 13 6 X 12 

If the maximum allowable deflection is taken as — =* — “ 0*A1 in., the 

4UU eUU 

slab is safe for deflection, even if Smax. 0.18 in. is somewhat approximate. 


aLUSTRATIVB PROBLEM 21 

167. Deflection of a Rectangular Beam. Compute the deflection of the rectan- 
gular beam of Problem 8 (Chapter 6). The data deal with the interior span of a 
continuous beam. ITie greatest deflection occurs for the live-load arrangement that 

wP 

gives a majdmum positive moment Mp » — with an accompanying negative value 

16 

^ ~ • By Table 2 the coeffident €% - 0.0052. 

16 

Clear span I 26 ft. 6 in. 

Width of beam 6 « 16 in. 



A«r. 168] DEFLECTION OF A BECTANGULAR BEAM 
Depth to steel d •• 29.12 in. for podtiye bending 

Adopting a value of the constant n' •• 8, 

n'p - 8 X 0.00643 - 0.0616 


1.206 X 16 X (29.12)* 
1.06 X 12 


37,600 (in.)< 
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E 30 000 000 

Modulus of elasticity J&e "■ 3,760,000 lb. per sq. in. 

fl o 

CiTT? 0.0062(2706 X 26.6) (26.6 X 12)» 

*’“**• " EJ, “ 3,760,000 X 37,600 ’ 


If the mmcimum allowable deflection is taken as *" 0.80 in., the beam is safe 
for deflection. 


168. Deflection of a Rectangular Beam with Compression SteeL The 

expression for the moment of inertia Ip of a rectangular beam with com- 
pression steel can be obtained by the use of the transformed section 



Section Elevation Trans^med Section 
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(Fig. 106). This concrete area consists of a recti|iigle hd. The compres- 
sion steel is pulled out and the holes filled with a^'^ual area of concrete. 
The rest of the equivalent concrete for the comi^nsraon steel, having an 
area (n' •> l)p'bd, is placed as a projection, or at a distance d' from 
the upper ec^. The equivalent concrete for thi| tension steel is placed 
as a fin, or projection, with an area of n'pibd at a distance d from the 
extreme compression edge. To be strictly accuittte, some of the equiva- 
lent concrete should be used to fill the semidmdar holes left in the 
rectangle hd when the toision steel was removed. This precision is not 
necessary and has been neglected. 
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Induding as before the tension in the concrete, the neutral axis is 
found by taking moments about the upper edge: 


W X- + n'pM X d + (n' - l)p'W X d' - (M + n'pM + (n' - l)p'M]W 
2 

Dividing by gives 

1 d' 

- + n'p + (n' - l)p' *7 « [1 + n'p + (n' - l)p']A; 

2 a 


1 + 2n'p + 2(n' — l)p' 

d 

2[1 + n'p + (n' - l)p'] 


(96) 


Neglecting again the moment of inertia of the projections about their 
own centers of gravity, we obtain for the moment of inertia about the 
neutral axis 

UhTfl h(d - kd)^ 

j [- n*pbd{d — hdf + (n' — l)p'M(H — d')^ 

3 3 

E3q)anding these terms does not simplify the expression, so we shall 
leave the moment of inertia as 


r / d'\^1 

/p « Y [*« + (1 - fc)* + 3n'p(l - *)» + 3(n' -- l)p' [k ^ jJ 


(97) 


nXirSTRATIVB PROBLEM 22 

129* Beflectlon of a Rectangular Beam with Compression Steel The beam of 
Problem 8 actually has two 1}4 di. square bars on the compression side of the sec- 
tions near the center of the span. If this steel is counted as part of the reinforce- 
ment, the beam will be somewhat stiffer and the computed deflection should be less. 
Using the data of Problem 21 with the addition of the compression steel, 

8.12 

Cbmpression steel ratio p' » : " ^ * 0.0067 

10 X Ssv.liiS 

(n' - Dp' - 0.047 

D^pih to oomprawioQ steel d' » 2M in. 
d' 2.BO 

The ratio ■r “ STTn — 0.086 

d 29.12 

By equation 96, 

1 + 2 X a0518 +2 X 0.047 X a086 

2(1+0.0616+0.047) " ' 
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By equation 07, the moment of inertia equals 
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Ip 

Ip 


18 X (29.12)» 
3 


1(0.606)* + (0.494)* + 3 X 0.0616 

X (0.494)* + 8 X 0.047 X (0.420)*] 


16 X 24,700 X 0.818 
3 


41,180 (in.)* 


0.0062(2706 X 26.6) (26.6 X 12)* „ ^ . 

3,7^.000 X41,180 


This ia a reductioxi of about 9 per cent in deflection due to the induaion of the steel 
present on the compression side of the section. 


170. Deflection of Tee Beams. The moment of inertia Ip for posi- 
tive bending for a tee-shaped cross section can also be determined by 
the transformed section. Since the tension in the concrete is included, 
the transformed area has the shape shown in Figure 106. 



The expression for the neutral axis ratio k can be found by talmg 
moments of the areas about the upper edge. 


X 


btX- + b'(.d - 0 X ( f + 


Multiply by ^ : 


d — t 


^ -f n'pbd Xd m 

\bt h\d — 0 + n*phd]kd 


G)’ r " G) 1 + 2»'i’ - “ [5 + f (>;}- 5) + “'f] 


( 98 ) 
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The moment of inertia about the neutral axis equals 

^ Kfei)* ib - b'KM - 0® ^ V(d -M)> , 

J„ - g + + n'pbd(d - Mr 


(99) 


These equations can be used if the neutral axis is in the stem or the 
flange. 

A.CJ. Article 705 permits the use of a flange width h = (16^ + 6') 
at the section of maximum bending moment, providing the span and 
spacing do not limit this width. However, the flange width for deflec* 
tion should be representative of the whole beam span. Conservative 
designers tend to limit the flange width to 6 = (12^ + 5'), or even h = 

m + 60 . 

illustrauve problem 2$ 


171. Deflection of a Tee Beam. Compute the deflection of the intermediate beam 
in Problem 17 (Chapter 7). 

IrUeTTnediaie Beam, This is an interior span of a beam supported by girders. The 
loading of Figure 75 (Art. 130) necessitates a special computation for the coeffi- 
cient Cl. 

From Figure 75, for a; « 0 to a? = 1.83 ft., 


110a;2 

JIf - 9140a? - 


El — 
dx 


9140a;^ llOa;^ 

2 6 


4- Mf^ -f Cl 


9140a;« 110»^ . . 

Elv,,— 


For X » 1.83 ft- to a; *= 6.67 ft. (center line), 
llOo?* _ 17^ 

2 2 
110a;» 1740 

6 6 

9140a:« llOa;^ 1740 


Jfef « 9140a; 


dv 9140a;2 

El — 

dx 2 


{X - 1.83)2 + Mn 
{X - 1.83)2 


EIv 


6 


24 


JIf ^2 

(* — 1.83). + — h cj® + c« 


( 100 ) 

( 101 ) 

( 102 ) 

(103) 

(104) 
(106) 


To evaluate the constants of integration: 

When X «■ 1.83 equation 101 « equation 104 and ci » cz 
dv 

Wh^ X 6.67 “ 7 ^ »■ 0 and cz 164,940 •-* 6.67Af n 

dx 

When 0 ! *• 0 s ■■ 0 and C 2 « 0 

When X «> 1.83 equation 102 «■ equation 105 and Ci « 0 
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The maximum deflection occurs when x » 6.67 ft. (equation 105): 
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“ -697,000 - 22.22Jfn 

For maximum positive bending there is a corresponding minimum negative moment 
of 


Mn ^ -19,700 ft.-lb. (Fig. 77) 
and 

259,200 CiWI^ _ Cl X 18,280 X (13.38)< 

“ El ” ~ El ~ El 

Cl = 0.00698 

Iti 8 also known that 

Clear span » 13 ft. 4 in. 

Thickness of slab t » 4 in. 

Flange width b « 40 in. This hi^pens to correspond to 

6 « (6' 4* 8<), which is conserva- 
tive (see Art. 170). 

Stem width 5' « 8 in. 


Depth to tension steel d « 14.37 in. 

Tension steel ratio p « t; = tt tttz ^ 0.00153 

W 40 X 14.37 


Adopting a value of the constant n' » 8, 

n'p « 0.00153 X 8 « 0.0122 

t i h' S 

Also - « » 0.278 and - « - - 0.20. 

d 14.37 b 40 

(0.278)^ -f 0.20[1 - (0.278)^1 4- 2 X 0.0122 

2(0.278 4- 0.20(1 - 0.278) 4- 0.0122] * ^ 

[(0.329)* - (1 - 0.20)(0.329 - 0.278)* +i0.20(l - 0.329)* + 8 
3 


Ip - 39,680 X 0.1124 - 4460 (in.)* 


X 0.0122 X (1 - 0.829)*] 


jgf 

Modulus of elasticity « -~ *» 3,750,000 lb. per sq. in,i> 

n ‘A 




CtWfi _ 0.00898 X 18,280 X (13.33 ail 12)* 


EJ, 


3,760,000 X4460 i 


0.027 in. 


I ' 13 33 X 12 

If the maximum allowable deflection is taken as — rr — 0.40 in., the 

400 400 


actual deflection is a safe value. 

The deflection of the cross beam will be less than this amount as its span is less 
and its ends are more rigidly restrained. 
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TORSIONAL STRBSSBS IN BBAHS 


Members in bending may also be subjected to torsional couples. Wall 
beams and beams framing about openings receive their lo^ wholly 
ficom one side of the beam axis with tendencies to rotate as well as bend. 
Concentrated loads may also be applied to produce a considerable tor- 
sional moment. 

The discusaon of moment distribution in Chapter 14 shows that the 
torsional sti&ess of tbe usual reinforced concrete beam section is very 
small compared with the bending stiffness, so that a n^ligible amount 
of torsional moment will be transmitted to a given beam span by its 
action as part of a continuous frame. In general, then, it is sufficient 
to investigate torsional stresses due to the loads brouidit directly to the 
member. 

172. Tondonal Stresses in Plain Concrete. Circular Sections. A 
member of circular section subjected to a torsional couple T will have 
shear stresses on the cross section whose magnitudes are 


2rr 


(106) 


where R « outside radius of the section 

r distance from center of section to the particle considered. 


The maximum shear stress occurs on the particles on the outside perim- 
eter and equals 22 * 

W. - ^ (107) 


If this member is loaded to destruction, failure does not occur on the 
cross section but on a plane inclined 45^ with the cross section. This 
failure is due to excessive tensile stresses. By the theory of elasticity 
the maximum tensile stress t on a given particle equals 

« - - + - ( 108 ) 
2 2 


where / fiber stress on the oroae-seotional plane through the particle. 

This tensile stress occurs on a plane making an angle with the cross 
sectkm, where 2 ^ 

tan 2a “ y (109) 


If only the effect of the torsional couple is coiuddered, there is no fiber 
stress mid the maximum tensile stress equals 


t “ » 


( 110 ) 
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Then, tan 2a ■»> — <» and a 45°. For plain concrete, the tensile 

stress t will determine the torsional moment carried at failure. 

Square Section. A plain concrete member with a square cross section 
will have maximtim shear stresses on the particles in the cross section 
which are on the outer perimeter at the ends of the axes of Qrmmetry. 
This maximum shear stress equals 

4.8r , ^ 

t'maz. “ (111) 

where b » side dimension of the square sections. 

If the maximum stresses on the circular and square sections are 
equated, 

- 4.8t , 

■U® » 7.64B® 

2 

1.9612 0.98I> 

where D = diameter of the cylinder. 

The lower shear stresses elsewhere in the square section are not easily 
computed. As far as stresses are concerned the square section can be 
closely approximated by using the inscribed circle for computations. 
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Becbmgtdar Section, Hie maximum shear stxess due to torsion for a 
rectangular section occurs at the outside particle on the long side h at 
tiie end of ^ short axis of synunetiy. Its magnitude * is 


^au. 


T 

kj^h 


( 112 ) 


where b ■> short side of rectanc^e 
h » long side of rectangle 

k 2 numerical term depending on ratio ^ (see Fig. 107). 

0 


For a square section, ka “ 0.208, b ^ h, and equation 112 simplifies 
to equation 111. 

173. Torsion Reinforcement. Circular Section. The most efficient 
tomonal section is circular. Though this is not a common structural 
shape the derivation of the amoimt of torsional reinforcement will first 
be made for this shape. 

It has been shown that the maximum tensile stress on a 45° plane 
equals the marimnTn shear stress due to torsion on the cross section. 

If the torsional moment produces tensile 
stresses greater than the allowable tension 
of the concrete used, torsional reinforce- 
ment must be used. The theory * makes 
use of the same procedure employed for 
the design of web steel to resist diagonal 
tension stresses in a beam (Art. 61). The 
portion of the section where the concrete 
tensile stresses are less than the allowable 
is considered safe and the torsion reinforce- 
ment is designed to take the excess tension 
above the allowable for the portion of the 
section near the perimeter. 

In Figure 108 the shear stress is plotted 
on a radius. On each particle the principal tensile stress on a 45° plane 
equals the shear stress on the cross section. Let 



» maximum diear stress at the perimeter, R in. out 
V » (diear stress on a partide r in. out 

»• ■> shear stress on the partide r, in. out, whose principal tensile 
stress equals the allowi^le tension in the concrete 

* ITieorv tj StaeUeity, UnuMhenko. 

* “E)q;ierimentB with Concrete in Tonion,” Paul Andenen, Tram. AJ3.CJ., 
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If we consider as a rigid body a particle whose area in the cross sec- 
tion is r dr <29 109), and bounded by the two principal planes at 

45°, this body is in equilibrium under the following forces: 

vr dr do on the cross section 
tr cos 45° dr dO on the principal tensile plane 
or cos 45° dr dO on the principal compression plane 

also 

V » t IK (• in magnitude 



Wherever t exceeds the allowable tensile stress U, the excess tensile force 
on the principal tensile plane equals 

0.707(1 — te)rdrd6 = 0.707 {v — Ve)rdrd$ 


The total excess tensile force equals 

'»2ir /*R 


J (.V — Ve)r dr dO 


This excess tensile force can be resolved into two components, one 
parallel to the cross section and perpendicular to the radius, the other 
parallel to the axis of the cylinder. Each component is equal to tire 
total excess tension times the sine or cosine of 45°. The axial component 
has no moment about the axis of the cylinder. The cross-sectional com- 
ponent has a moment about this axis of 


(0.707) 
Vm R 


/^2w 


,)r^ dr dd 




By Figure 108, — «= — , or » 
t> r 

If the reinforcing steel is placed at 45° with the; cross section and acts 
perpendicular to the principal tensile plane at a distance r, from the 
(cylinder axis, its moment about the axis equals 

cos 45° r, 

where A. » the area of the reinforcement peiii^dicular to its axis. 
Equating these moments, | 

0.707AA.r, - jT* dr d9 


f,A,r, 


0.707 X 2irv„ 

R 


12E 
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- , . ^ tc • 

or, substituting r« * — -JB «* —B, 

Vm t>m 

« 0.370 [3f^« - A^mU + ^ 0 ] 

JjBst the reinforcement be supplied in the form of 45® spirals who?© 
Imigitudinal pitch equals p. Then 

2irr, 

At * a, 

P 

where a, » cross-sectional area of one wire. 
at 1 / B\^ 

- “ + <.*] (US; 

P 17/,r,* W/ 

Equation 113 can be used to select a spiral dze to give a reasonable 
pitcL Figure 110 sho^re a member of circular section subjected to a 



tondonal moment T »» Fa. Ilie supporting couples must be of such a 
magnitude that they produce the same angle of twist at the loaded sec- 


tion. Tber^ore, 


Ml b 
M 2 e 


(114) 


The ^ird rdnforoement can be figured for each supporting couple 
and is placed as shown in order to be perpendicular to possible tension 
fltaeks in tibe ooncrete. 

174. Allowable Tendle Stresses. Diagcmal tension can be computed 
for a member in flexure by equation 108. The principal tensile stress 
will be somewhat greater than the shear stress on the cross section and 
makes a variable angle with the cross section (equaticm 100). Diagonal 
twshm In beams is only importance when the anjdc « approaches 45“, 
that is, whm the fiber stres is comparatively small (Art. 61). Diagonal 
tmuBcm reinforcement for beams is satiafied by means of shear stress 
oemimt^amis and the building codes c^e allowaUe shear stresses and 
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i>e which insure sale diagonal tension stresses. These allowable shear 
values should be less than the permissible tension in concrete. 

For members in torsion the principal tension equals the shear stress 
(equation 110), Therefore the allowable values of the shear stresses % 
and Vc can be taken somewhat greater than the allowable values for 
beams given in building codes. Code values are certainly conservative 
ones to use. 

176. Torsion Reinforcement in a Square Section. It has been shown, 
in Article 172, that the maximum torsional shear stress on a square sec- 
tion is closely equal to the stress on the inscribed circular section. It 
is rather improbable that a square helix would be used as reinforcement, 
as that would probably involve welding short bars at an angle of 46® 
to the longitudinal steel. If such reinforcement is used, allowance must 
be made for the variation in position of the bars (dimension r«) when 
takmg the moment of this reinforcement about the central axis for the 
derivation of equation 113, It is much easier both for design and con- 
struction to use spiral reinforcement. 

Rectangvlar Section. Examination of equation 112 shows that, as long 
as a rectangular cross-sectional area is kept constant, the 
shear stress increases as the ratio of depth h to width h increases. The 
square section is the logical shape to use if torsional moments are large 
enough to require torsion reinforcement. It is also difficult to supply 
torsional reinforcement for a section that is markedly rectangular. 
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176. Design of Torsion Reinforcement. Figure 111 shows a beam subjected to 
a load of 50,000 lb. which is 10 in. distant from the center line of the member. The 


Fixed^ = 




JilSL 


90 kips 


I 
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ends are assumed to be fixed. The load can be tran8f«!|>d to the center line; this 
will give a downward load at C and a toraional moment <ipf 500,000 in.4b. 

Bending. Considering first the effect of the load the fixed^d bending 
moments equal (Table I, Art. 341) 4' 


Ma 

Mb 


60.000 X (12)« X 6 X 12 

(18)* 

50.000 X 12 X (6)* X 12 

(18)* 


> 1,600^000 in.-lb. 
800,000 in.4b. 



m 


deflection and torsion 


[CsAP. 8 


The supporting forces are 97,000 lb« and Vb ** 13,000 lb. Let us assume 
the beam to be 22 in. square. The fixed-end moments due to the beam weight of 
8001b. per ft. equal 


wP 600 X (18)* X 12 
12 


162,000 in.-lb. 


Additionid sui^orting forces •» Fa ■“ Fa “ 4500 lb. 


|t{8in.K. 



1761 iaK. 



The combined bending moment diagram is given in Figure 112. Assuming a con 
Crete strength/<. 3000 lb. per sq. in., with/® ■■ 1360 lb. per sq. in. and/* « 20,000 lb 
per sq. in., the depth to the steel equals 


Minimum d 


18.6 m. 

\Kb \128X22 


llDtUdapai &- 18.6 + li> + 05 +0.44 -20.94 in. U8eA-22m. 
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Maximum shear stress vji ^ — 
h^d 


41,500 

22 X 0.87 X 19,66 


111 lb, per sq. in. 


Positive steel Ap 


1,118,000 

20,000 X 0.87 X 19.66 


3.88 sq. in. 


Use six |-in. round bars. Run two into each support. 

Negative tied, 

Aji « 6.29 sq. in. Use nine {-in. round bars 

As ^ 2.88 sq. in. Use five {-in. round bars 

Torsion. The torsional couple of 600,000 in.-lb. is supported by end torsional 
moments (equation 114). 




or 


Ta « 333,000 in.-lb. 


and 


Tb « 167,000 in.-lb. 


The maximum torsional shear stresses at each support equal 


4.87^ _ 4.8 X 333,000 
( 6 )« ““ ( 22)3 


150 lb. per sq. in. 


VB *= 75 lb. per sq. in. 

In each section, at one end of the horizontal axis of symmetry the shear stresses 
due to bending and torsion act in the same direction. The resultant vertical shear 
stress on this particle equals 

va = 111 + 150 « 261 lb. per sq. in. 


vb * 47 ■+• 76 « 122 lb. per sq. in. 

When special anchorage is used, the maximum allowable shear stress w « 0.12 
X 3000 « 360 lb. per sq. in. The maximiun allowable shear stress, used as a meas- 
ure of tensile stress, Ve “ 0.03 X 3000 = 90 lb. 
per sq. in. At section A let us divide this shear 
equivalent between bending and torsion compu- 
tations in proportion to their maximum stresses. 

For bending, Ve ** {{{ X 90 « 38 lb. per sq. in. 

For torsion, Vc * {|t X 90 « 52 lb. per sq. in. 

For torsion reinforcement (Fig. 113), R » 11 in., 
fc “ 3.80 in., and r, *=8.1 in. By equation 113, 

p n X am (^)‘ »““>• - * x <■«»• >|®> + - '^o'« 

With |-in. round spirals the pitch figures 3.4 in. One spiilil unit makes a complete 
turn in 2ir8.1 "* 61 in. Use 17 spiral units to give a pitch oi 8 in. from A to C. 
tween B and C the pitch for {-in. spirab figures al^ut 31 in. but five spiral unite 
will be used to give a pitch of 10.2 in. This is less than tine maximum spacing of 
half the deoth. or 11 In. 
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BiirrupB. Using Knud ban^ fttimipe will be spaced at 4 in. from A to (7 Slid 
at KMn* spacing :btnn C to S* The sketch of the ninforeement is given in Figure 114. 
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ILLUSTRATIVE PROBLEM 25 

177. Wall Girder. A common example of direct torsional loading of beams is that 
of spandrel beams at the outside wall of a structure, or beams framing around an 
opemng. These beams receive a load from one side only of their axis. A concrete 
floor system provides such beams with a flange on one side only, which is not a sym- 
metrical section. However, such beams are designed as an angle section for bending 
computations. It has been common o£Bce practice to neglect the torsional moments 
and stresses but these may often be of considerable magnitude, especially as the 
section is not the most economical for resisting torsion. In this problem allowance 
will be made for torsional stresses. The computations must be regarded as approx- 
imate because the presence of the slab is a restraint of unknown amount against 
twisting of the beam. For this reason, the section will be regarded as rectangular 
for torsional computations and the computed stresses are probably in excess of actual 
values. 

Design the wall girder parallel to the interior girder EH of Figure 61. In addi- 
tion to the floor loads this g^der carries a curtain wall weighing 80 lb. per ft. of 
length but the steel window frame is supported by the columns. Let us assume 
that the design for bending results in a girder stem 12 in. by 22 in. (26 in. total 
depth) and that the maximum shear stress due to bending equals SO lb. per sq. in. 
at the face of the support. It is desired to compute the additional shear stresses 
duetotomon. 

Hie intennediate beams that are supported by this girder were designed for a 

* tap 

n d nhnum negative xnomout at this exterior support of Afn -* ^ • TTus moment 

24 

was assumed in order that a reasonable amount of negative tension steel may be 
placed in the top of the cross beam at its sui^rt. We have no assurance that the 
widl supplies the restraint to develop tills moment. It will now be advsn^ 
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tageous to estimate the restraint, at least approximately. The procedure will be 
that discusBed in Article 374. 

Wall Girder R8 (Fig. 116). If Poisson’s number w * 6, (? ** ^Ey while J ^hb^h, 
Tlie wall girder has dimensions 6 « 12 in. and ^ » 26 in., so Ici » 0.236 from Figure 
107. Using center line dimensions, JRAf » MP PS ^ 116 in. and 


Kms » Kmp *“ Kps 


3 0.286 X (12)» X26 

^“7^^ 116 



Beams MN and PQ. The intermediate beam stems are 8 in. by 13 in. with a 4-in. 
flange 40 in. wide. Using the gross section the moment of inertia about its center 
of gravity I « 6240 (in.)^. The bending stiffness equals 


Kmk ** KpQ 



4 X 6240flf 


14.5 X 12 


The fixed end moment at ilf or P equals 24,800 ft. lb. (Art. 130). Assuming fixity 
at 8, R, Ny and Q, the method of moment distribution (Art. 361 et seg.)'can be used 
to determine the moments in the wall girder as joints M and P are released. 


Moment Distribution at Joints M anp P 


Joint 

R 

M 

^ P 

S 

Member 

RM 

MR 

MN 

ilfP 

PM i 

^ PQ 

P^ 

SP 

Carry-over factor 


-1 

+0.5 

-1 



-1 


Stiffness K 


39£ 

14ZE 


3915?:^ 

f 143^ 

39^ 



0 

0.177 

0.646 

0.177 




0 

F.E.M. (ft. k.) 

■ 


-24.8 


1 

-24.8 



Distribute 


+4.4 

+16.0 

+4.4 

+4.« 

+16.0 

+4.4 


Carry over 

Bfl 



-4.4 

—4.^ 



-4.4 

Distribute 

0 

+0.7 

+3.0 

+0.7 

+0.f. 

+3.0 

+0.7 

0 

Carryover 

-0.7 







-0.7 

Final Moment 

-5.1 

+6.1 

-6.8 

+0.7 

+a7; 

QQ 

1 

+6.1 

-6.1 
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It is suiHcteiitly accurate to assume the wall girder ends to be fixed if the girder 
s contisiuous and frames into a sizeable wall column, but a more accurate solution 
could be made by applying moment distribution to a bent consisting of the con- 
tinuous intermediate beam right across the building with the far ends of upper and 
lower columns assumed fixed (Art. 355). 

Using the results given above, the end moment in the beams MN and PQ are 

0.234 the fixed eud moment, which ie much less than - - 0.6 F.E.M. used to 

compute the negative tension steel at M and P. 

The maximum torsional shear stress at half depth of the wall girder at the sup- 
port Rf or S, can be figured by equation 112, where kz =* 0.252 is obtained from 
h 

Figure 107 for the ratio - * 2.17. 

0 


vt 


5100 X 12 
0.252 X (12)2 X 26 


65 lb. per sq. in. 


This shear stress acts in the same direction as the shear due to bending on the 
inside face of the section. The total shear at half depth equals * 65 + 80 « 145 
lb. per sq. in. This shear is a measure of diagonal tension and reinforcement can be 
supplied by stirrups without regard to possible bends of the tension bars. 
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178. Wall Beam. Design the wall beam PQ of Figure 61. This beam acts as 
end support for the slab whose one-way steel runs into this beam. The beam will 
be considerably deeper than the slab and it is certainly conservative to assume a 
td? 

moment of — — in the slab at this support. Using center-to-center dimensions for 
the slab and referring to slab loads (Art. 129) the end moment equals 


_ wP 180 X (9.67)2 X 12 
^““24 ^ ii 


8420 in.-lb. per ft. 


The tomional moment at the support of the beam PQ will be taken as the summa- 
tion of these slab moments for the half span, namely, 

Mt « 8420 X 6.58 « 66,600 in.-lb. 

Following the procedure of Problem 25, the section of beam PQ will be determined 
by usual procedure for bending loads but the diagonal tension reinforcement 
can be increased by adding the shear stress vr due to torsion to the shear stress 0b 
due to bending. In the past most designers have neglected to make torsional compu- 
tations, in view of the difi5culty of ascertaining true torsional moments. They have 
made the section slightly larger than needed for bending computations. Tlie fact 
that few cracks in wall beams or adders can be assigned to ovmtress due to torsion 
indicates that the apprmdxiude esrimates made here are conservative. 
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SHRINKAGE, FLOW, AND PRESTRESS 

The beam theory presented in previous chapters for working-stress 
straight-line assumptions deals only with the elastic strains produced in- 
stantaneously by application of the live or dead load. In several places 
mention has been made that other strains of considerable magnitude are 
produced in concrete by temperature variation and by time effects known 
generally as shrinkage and plastic flow. 

Since 1916 these additional strains have been increasingly investigated. 
There is not yet a complete agreement in definition of these terms nor 
in explanation of the observed strains. For the purposes of the discus- 
sion in this chapter the following definitions of these terms will be used. 

Shrinkage of concrete is the volume change due to diying out of the 
cement gel between the aggregate particles. There may also be some 
shrinkage of the aggregate itself. The unit shrinkage strain is deteiv 
mined by tests of plain or reinforced concrete on unloaded specimens. 

Plastic flow or creep will be regarded as the additional volume changes 
of loaded specimens obtained by subtracting from the total strain (time 
s t) the elastic strain due to load application (time =» 0) and the shrink- 
age strain as defined above. The flow strain may be caused by the sus- 
tained load or by non-uniform shrinkage due to un0qual drying out of 
thick concrete members; but for convenience all thesd interrelated effects 
will be denoted plastic flow. A concise explanatiott of plastic flow or 
creep is that given by Lorman: * 

It has been suggested that creep of concrete may mvo!^ all three of the fol- 
lowing types of yielding; (a) crystalline flow (in a CTy[||ildline mass, slippage 
along planes within the crystals); (6) seepage (due to apnM pressure, flow of 
adsorbed water from the cement gel); and (c) viscous (movement of par- 
ticles, as in the flow of asphalt). A portion of the creep ppssibly may be due to 
crystalline or viscous flow; nevertheless, it is believed th|i the major portion is 
caused by seepage, which would appear to be the most flxseptable explanation 
of creep. The hychation of portland cement results in tiiiformation of an amor- 
phous or gelatinous mass, ordinarily termed “gel,” which Serves to connect flie 
aggregate particles. Water may exist in the concrete niss in three principal 

> “The Theory of Concrete Creep,” by W. R. Lorman, Proe. AJS.TJi., IMOi 
p. 1082. 
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forau: (a) chemica?ly-combmed water chendcal comt^tioo with the 
oemwt), (b) adwxrbed water (adsorbed by tite cement gel), and (c) free water 
(water within the microscopic pores or spaces between the gel particles). Ac- 
cording to Lynam, chemicaliy-oombined and free water play no direct part in 
volume chai^ies. Thus, except for the ^eot of hydration, gain or loss oi ad- 
sorbed wator from the gel appears to be tite basis of volume changes resulting 
from ambient moisture variations or from sustained pressure. The gel may be 
considered as having microscoinc pores; witih the removd of water the pore 
^aces cdlapse and tiie gel dbri^, while upon the addition of moisture the pore 
spaces adsorb water and the gd expands. Ibis process is dqwndent upon fric- 
tional resistance to flow ci water along the capillary channels which permeate 
the mass of concrete. Otiier things being equal, tiie total frictional reeistance 
is governed by the moisture gradient. The steepa* the moisture gradient, the 
eatior the flow of water throu^ the capillary channels. Volume change of the 
gel may, on the other hand, be dependent upon seepage caused by applied extern 
nal pressure. Subjecting the concrete to an external load, the adsorbed water 
is e]q)elled from tiie gel. The rate of expulsion of moisture in tiiis instance is a 
function of the applied load and of the friction in the capillary channds. The 
greater the applied load, the steeper the pressure gradient with consequent 
iniaease in rate of moisture expulsion. By the foregoing hypothesis shriidcage 
or swelling due to loss or gain of moisture and creep due to seepage are inter- 
related phmiomena. Despite this relation the two are considered separately. 

SBRIRKAGB 

179. Shrinkage. The drying out of concrete varies with time and 
with tiie exposure of the m^ber. Structures in re^ons of low humidity, 
such as Ariaona, or members located in a heated building will attain 
maximum shrinkages. Members eiqioeed to high humidities will have 
littie gbrinkage, whereas those under water may evmi errand. Con- 
crete that is altmmate^ wet and dried wrill have alternate expansion and 
contraction of volunoe but the net result at the end of each cycle is 
usually a residual shrinkage. 

Lean mixes have less shrinkage than rich. Mixes of h^ water-cement 
ratio shrink more than dry mixes if exposed in air, but they eiqiand less 
under water. Large members will out more rapidly at their sur- 
faces and non-uniform tiuinkage may produce unequal strains and warp- 
ing of tiie member. 

If a member drys out at constant temperature and humidity the 
shrinkage strains increase rapidly at once and thmi at a decreamng rate 
fm* several years. Tbe variation strain against time gives a plot similar 
in shape to tiiat at plastic flow stnuns in I%ure 118. 

180. Sflninkage ai SymxaeMctiSij Rdnlraced Members. A plain con- 
crete specimen will shrink as it dries out but there will be no stress in 
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tin member due to shrinkage. Steel does not shrink as the concrete 
dries out, so its restraint tends to reduce the volxune change of reinforoed 
concrete. After a certain time the concrete ivill have tensile stresses 
and the sted will be in compression. 

Assuming perfect bond between the steel and concrete these stresses 
can be computed for members, such as columns, whose steel is S3rmmetri- 


cally placed in the cross section. 
It is understood that only the effect 
of shrinkage is considered. 

If the shrinkage strain is a dur- 
ing the time < » 0 to ^ « ^i, a plain 
concrete member of length I will 
shorten al The action on the rein- 
forced member can be visualized as 
a shortening of the concrete due to 
shrinkage plus a partial pull back 
by the steel. The final length of the 
sted and concrete must be the same 



P/o/n Plain ReinPirced 

Concrete Concrete Concrete 

(t’O) (M,) (t-t,) 

Fro. 116 

'ig. 116). Equating the strdns. 




(116) 


where /'* = compressive stress in the steel 
ft — tensile stress in the concrete. 


The stresses at a given section misst be in equilibrium. 

Equating the compressive force on the steel to^the tension in the 
concrete 

/'.pA=/,(l-p)4 ■ (116) 

Solving for/', in equation 116 and substituting ittisquation 115, 


Similarly, 


• TTl 

1 -1- (n - l)p 

The above discussion is representative of constant conditions for 
nearly the full length of the member. Near the ends the stress /'* in 
the sted must be transferred back to ike concrete before ike bar ends. 
The fNceasore on the end of the bar plus the frictian betwe^ concrete 


np 

1 -b (n - l)p ' 

1-p 


■aEa 


. 1 ' 


(117) 


/‘t 1 o\ 
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and tile steel surfaces will both be included in the bond lesistanoe. By 
equation 28 the length of imbedment of the bars, a distance in whi(^ 
the shrinkage equations do not apply, is 

(119) 

The shrinkage discussion applies also to columns with spiral steel re- 
inforcement, since tests show that the spiral steel is not stressed until 
well beyond working loads. The shrinkage of symmetrically reinforced 
members whose cross sections vary in thickness, or those of curved 
center line, is discussed in Article 391. 

ILLUSTRATIVB PROBLEM 27 

181. Shrinkage Stresses in a Column. Let us assume the designs of the rodded 
column of Problem 38 (Chapter 11) for a concrete strength of fe ** 3000 lb. per 
sq. in. Assume it to be in a heated building and to have a shrinkage strain 8 = 0.0004 
at the end of two years. 

Plain Concrete. If this column were of plain concrete and its ends were fully re- 
strained by the floor system above and below, the tensile stress in the concrete due 
to shrinkage would equal 

ft « bEc » 0.0004 X 3,000,000 « 1200 lb. per sq. in. 

This concrete would probably crack in tension at stresses i^ound 300 lb. per sq. in. 
The compressive stresses due to the dead load would not be great enough to reduce 
the tensile stress from 1200 to 300 lb. per sq. in.; so this column should have tension 
cracks due to shrinkage some time before the two-year age. In practice, however, 
the other columns on this floor also shrink and the upper floor moves downward; in 
other words, its ends are not fully restrained. 

Beinf creed SedUon. Low Percentage of Steel. The design of this column for a low 
percentage of steel gives 

Square section t » 21 in. and steel ratio p » 0.0109 
By equations 117 and 118, 

10 y 0 0109 

" iV l a ^^WnQ^ ^ 3,000,000 - 119 lb. per sq. in. (trawion) 

X 0.0004 X 30,000,000 - 10,800 lb. per sq. in. (compression) 

The concrete stress of 119 lb. per sq. in. will be reduced by the stresses due to the 
live and dead loads and by plastic flow; so there should be no shrinkage cracks. The 
steel stresses due to the loa^ will be materially increased by tiie shrinkage stresaea 
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Reinforced Section. High Percentage of Steel. The design for a high percentage of 
steel gives 

Square section t » 17 in.. and steel ratio p » 0.0351 
10 X 0.0351 

ft — X 1200 * 320 lb. per sq. in. (tension) 

(1 - 0.0351) 

/ • — — X 12,000 « 8800 lb. per sq. in. (compression) 

l.olo 

The greater steel area more effectively reduces the actual concrete deformation, 
giving a higher tensile stress in the concrete. This value of 320 lb. per sq. in. will 
be reduced by compression stresses due to live and dead loads and by the effect of 
plastic flow. 

182. Shrinkage of Beams — Concrete Taking Some Tension. If the 

steel is not symmetrically placed about the center line of the cross 
section, shrinkage of the concrete adds to the tensile stresses in the con- 
crete due to bending and causes compression stresses in the steel. These 
shrinkage compression stresses decrease the tensile stresses in the steel 
due to bending. As the effect of shrinkage becomes operative many 
more sections in a beam are cracked as a result of excessive tensile 
stresses. On the compression side there is no steel to prevent the com- 
plete shrinkage deformation from occurring, so the deflection of the 
beam will be greater because of this shrinkage warping. 

Stresses Due to Shrinkage. Assume that the concrete is uncracked for 
a distance of qd from the compression side (Fig. 117). The steel pulls 


Ehvafion 

ic) 

Fio. 117 



io) (b) 




on the concrete, tending to reduce the full shrinkag||':defonnation in the 
concrete nearby. The concrete area &(gd) is affecteil as though a tensile 
force T, were applied at the center of gravity of ifie steel (Fig. 117c). 
The maximum tensile stress /« and compression stniss /. in the concrete 
equal 


fc 



( 120 ) 

( 121 ) 
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The neutral axis ratio k equals 


(3-2?) 
3(2 - g) 


( 122 ) 


Returning now to the full section of concrete and steel (Fig. 117b), 
the strain in the concrete at the level of the steel, were it uncracked, 
would be equal to that of the steel. By equation 115, 


A 

E4 Ec 


(123) 


where/"* => tensile stress at level of tensile steel, if uncracked. Since 
a plane section remains plane, the strains are proportional to their dis- 
tances from Hie neutral axis, so 

f't d-M 1-k 



Substituting into equation 123, 
r. - sE, 


a-k) 

k 


nfe 


The fact that the concrete has cracked means merely that the ulti- 
mate value of ft has been exceeded, and the concrete cracks in order 
that the section may remain plane. 

It is also true that the total compression force on the section equals 
the total tensile force (Fig. 117b). 


Substituting, 


r.A. 

ft q 

fc 


+ ~b{kd) =-b{qd - kd) 
2 2 


and At ~ phd 


f',p +^k 


fc (q - k)^ 
2 k 


ft 

r. 


2kp ^ 

(g - 2k)g * 

2(g - k)p 

isi-W* 

sE, 

I ^P(^ - *) 
q{q - 2k) 


(124) 

(125) 


(126) 
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Hie noQ-unifom shrinkage of the concrete vdll cause the beam to 
bend. There will be constant stress conditions at all sections due to 
shrinkage only and the deflection can be computed for a uniform bend- 
ing moment M. 

e 

where e » strain in concrete at a distance y from the neutral axis; then 

e ' 

^ntx. “ onr ^ "o 

SEI y 8 
or 

“ %Eo{M) 

No Cracks, For the special cases of no cracking, gf = 1, and equations 
120 and 121 reduce to 

2T. 


The neutral axis ratio k — ^ and equations 124, 125, 126, and 127 
become 

fc - 2p/'g (128) 

ft - 4p/', (129) 

sEf 

r. = r— 7- (130) 

1 + 4np 


183. Stresses Due to Loads— Concrete Taking pome Tension. As- 
suming that the combined effect of shrinkage ancpbads leave the con- 
crete uncracked for the distance gd from the top|of the section (Fig. 
117a), the center of gravity of the transformed pea is a distance kd 
from the top. ^ ; l 

+ npM“ - [b(qd) -1- npb^ 


g® -f 2np 
2(g -f np) 
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The moment of inertia about the neutral axis equals 
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j « [*3 + (g _ j)3 ^ 3np(l - A:)*] 

3 

The maximum fiber stresses in the concrete equal 

Mm 


Compression /« = 
Tension 


ft (ff - k) 


(133) 

(134) 

(135) 


These stresses vary from section to section with the bending moment 
and the height of the cracks will vary from section to section. For this 
reason, since some loads are present on the beam during the diying-out 
period, accurate shrinkage computations are difficult to make for mem- 
bers in bending. 

No Cracks. If no cracks occur above the tension steel, g = 1, and 
the equations simplify. The results are the same as those of the deflec- 
tion derivation in Article 165. 


1 + 2np 
2(1 + np) 

(1 + 4np) bd^ 
(1 + np) 12 


(136) 

(137) 


ILLnSTRATIVE PROBLEM 28 

184. Shrinkage Stresaes in a Slab. Assume that the slab of Problem 1 (Chap- 
ter 3) has partially dried out before the live load is applied. The shrinkage strain 
will be taken as s »» 0.0002. The essential data from l4oblem 1 and Figure 15 give 

Depth t 6 in. 

Maximum positive moment « 28,000 in.-lb. 

Positive steel area Ap » 0.39 sq. in. per ft. of width 
d n 4.25 in. 

Maximum negative moment « 40,800 im-lb. 

Negative steel area Ajf « 0.52 sq. in. per ft. of width 
d «> 5.00 in. 
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smtmaoE stresses in a slab m 


Live load - 130 lb. 

per sq. ft. 


Dead load » 76 lb. per sq. ft 


fo "» 2000 lb. per sq. in. 


Ultimate tensile stress ft » 200 lb. 

per sq. in. 


No Cracks 

Positive 

Negative 


Bending 

Bending 

Shrinkage Stresses 



Steel ratio p 

0.00766 

0.00866 

Compression stress in steel 

4120 

3950 

Maximum compression stress in concrete/c 

63 

68 

Maximum tensile stress in concrete ft 

126 

136 

Maximum Stresses Due to Dead Load 



Neutral axis ratio k 

0.561 

0.557 

Moment of inertia / 

100 

168 

Maximum moment (dead load) M 

10,260 

14,900 

kd 

2.34 

2.79 

d-kd 

1.91 

2.21 

Maximum compressive stress in concrete fc 

240 

247 

Maximum tensile stress in concrete ft 

196 

196 

Maximum tensile stress in steel /« — nft 

2940 

2940 

Maximum Stresses — Shrinkage plus Dead Load 


Maximum compressive stress in concrete /e 

303 

316 

Maximum tensile stress in concrete/i 

322 

332 

Compressive stress in steel / « 

1188 

1010 


It is apparent that the assumption of ^^no cracks” is definitely in error, if the effect 
of plastic flow is neglected. During positive bending the maximum moment th^t 
can be carried without cracks will produce a tensile stress infthe concrete due to the 
dead load of ft « 200 — 126 « 74 lb. per sq. in. The mom^t equals 


M 


fl 

d(l - k) 


74 X 100 
1,91 


3870 m.<|b. 


The concrete will be cracked for about 7.5 ft. in the centef#f the 13.5-ft. span. A 
rimilar computation for the negative moments shows that tl^|t;oncrete will be cracked 
for about 2 ft. from each support. Only about 2 ft. of the toMlspan will be uncracked. 
More complete drying out plus the addition of the live load|would tend to crack the 
slab throughout were it not for plastic flow. | 

At the section of maximum positive bending at the cenw, by the process of trial 
and error, a maximum tensile stress of 200 lb. per sq. im |ln the concrete is foimd 
to be at a distance qd « 2.08 in. from the top. When the 'l^ue of g » 0.49 is used, 
the stresses due to shrinkage and dead load and the resultant stresses are 


ft - 122 + 77 - 199 lb. per sq. in. 

/« » 98 + 300 - 398 lb. per sq. in. 

/« - —766 + 7060 - 6294 lb. per sq. in. (tension) 
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Any other section wiS have a different bending moment doe to dead load and a 
diffemt distance gd to the Mmiting tensile stress /« •> 200 lb. per sq. in. Thoefore 
it is impractioabls to determine the combined shrinkage and load effect for a member 
in bending. This holds true also for the additional deflection due to shrinkage. The 
modiflcation of these results by consideration of plastic flow will be investigated in 
Problems 32 to 34. 


PLASTIC PLOW 


185* Plastic Flow CoeflBlcient Plaetic flow haa just been defined as 
the strain due to a sustained load. In test data it is obtiuned by measure- 
meat of the total strain of the loaded specimen at some definite time ti 
after loadii^. From this total strain the elastic strain (t <= 0} due to 
the application of the load is subtracted as well as the shrinkage strain 
(t <= ti) of a duplicate reinforced ^^pecimen which has remained unloaded. 

The plastic flow strain c, thus obtained, is caused by sustained appli- 
cation of the load (dead always and quiescent live loads) plus whatever 
shrinkage effect due to non-uniform drying out occurs, but should not 
include temporary adjustments due to temperature changes. As used 
in the following derivations the plastic flow strain c is the unit strain 
due to a unit stress at some definite time ti after application of the 
quiescent loads. Various investigations evaluate the actual plastic strain 
Cp for axially loaded members in different terms. Some of the results are 


Straub 

ep = Ci/V 

Thomas 

ep «= Cif cll - 6-^’ 

Shank 

II 

Lorman 



where C\, C 2 , C 3 , Ci 

fc 

t 

V 

Oaorq 

e 

A 

02 

X 

m 


constants determined by test 

uniform normal stress intensity in the concrete 

time, in days 

ejqmnrait determined by test for varying stresses 
exponent determined by test for varying ages 
Naperian base 
area of cross section 
constant of viscous creep 
exponent determined by test 
final value of unit strain c after several years of 
sustained load. 


For working loads it is g»iera!ly agreed that the strain Cp varies 
directly witii the stress, so that the actual strain at any tune ti equals 
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ej» “ /«c. or the unit strain c may be taken as varying only with the 
time. Professors Maney and Lagaard have reoen% stated that all 
plastic flow strains for working loads are due to non-uniform ahrinl-ngo 
OToe the member dries out more rapidly at its exposed wirfa ces . rhe 
result is a warping of the member and a readjustm^t of stress distri- 
butions. Whatever the eaplanation may be the plastic flow equations 
record the strain changes observed in the test specimens. 

The plastic flow unit strain c varies with the age after the load appli- 
cation. The strains increase rapidly at first, but the rate of increase 
decreases as time goes on until the rate of change approaches zero at 
the end of 4 or 5 years. Figure 118 shows the general form of the plastic 



flow strain curve in terms of time. A similar curve is recorded for 
shrinkage strain s versus time. At the end of 4 or S years the specimen 
responds elastically if there are no moisture chaDges in the concrete. 
Figure 118 also shows that the greater the age the concrete when 
loaded the less is the total plastic flow and the nMlre rapid the rate of 
increase of strain immediately after loading. Threeibr four months later 
the increase of strain is the same for all ages of l()|iding. Since plastic 
flow tends to relieve the concrete particles that highly stressed it 
is advantageous to remove the forms at an early ililB in order to obtain 
the maximum readjustment due to flow. These flw^ readjustments also 
occur if there is movement of the supports. | 

Tests of concrete specimens subjected to torsii(|a show a similar in- 
crease of the angle of twist and the shearing stral^ due to a sustained 
twisting moment. The angle of twist versus time delation gives a curve 
similar to that of Figure 118. 

186. Stress Changes Due to Plastic Flow under Sustained Load. 
Axial Load*. Let us assume a concrete member ^mmetricaliy rein- 
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forced aad loaded with aa axial load N. By equation 186 (Art. 231) 
the elastic stress in the concrete at the instant of loading equals 

A[1 + (» - l)p] 

After loading, as the concrete creeps, the total force at the section re- 
mains unchanged, so the increase in stress in the steel Af* the de- 
crease of stress in the concrete A/* must be related. 


Af»A» ”• Afo- 

A/, = -A/c 


AfoA* 

A. 

"'•a. 


l-v 


At some time ii after loading the strain in the concrete will have in- 
creased. If the unit elastic strain equals e and the additional plastic 
strain at this time t\ equals c, the total strain due to the stress /c now 
equals 

Unit strain X stress « total strain « + S/cAc 

In this equation the product is obtained by using the actual stress /c 
at the time <i. The summation of the plastic strains must be made by 
using corresponding values of fc as increments of Ac are taken. In a 
short increase of time M beyond the deformation in the concrete will 
equal the elastic strain due to a change of stress Afc and the yield due 
to the stress fc (t = <i), or 

Usually A/e will have a negative value as the concrete stress decreases 
when the steel stress increases. 

. ^ A/. A^. 

E, Ec 

Substituting the value of A/, from equation 139, 

A/<,l-p A/o A/efl-p + np-] 


/cAc = 

_Afcl-p 

A/e 

E, p 

Ec 

Afe “ 

/eAc.Ee 

np 


_f/en 
Eo L’ 


' 1 -Kn - l)p ': 
np J 


where 
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Passing to the limit, 

d(Jc) _ ^ 

Sc ~ b 

Integrating between limits of < = 0 to < = fi, or /<, to /* and c >= 0 to 
c ■“ c, 

In/c - In/, = - 7 
0 

^ = e~b or fe--a (141) 

e5 


Equation 141 gives the concrete stress /« at any time h after loading, 
providing the elastic stress/, is computed and the plastic dow unit strain 
c for the time ti is known for the concrete used. 

A similar derivation will give the changes in stress in the steel. Let 
U be the initial elastic stress and f, the final stress at time h. 


- nAT 

A[1 + (» — l)p] 


(142) 


The change in stress in the concrete /^« equals 




Let the change in stress in the steel be /\. From equation 139, for 
numerical equality. 




(143) 


Note that equation 141 gives the final concret^i'istress /, whereas equar 
tion 143 gives the change of stress/^, in the stspL 

187. Plastic Plow Stress Changes with Lennh Constant. A simple 
illustration of stress changes imder constant Iwgth is that of the con- 
crete cylinder loaded with a compression for^ in a testing machine. 
When the load is applied there is an elastic deformation. If the testing 
heads remain unchanged in position the load on the scale beam decreases 
as flow takes place. 

At the instant of application of the initial axial load the member 
undergoes a unit elastic strain e. If the length of a reinforced concrete 
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member remains unchanged thereafter owing to the restraint of its sap- 
ports, the steel remains unchanged in length and its stress will be con- 
stant. The load on the concrete will cause unit flow strain c and the 
total strain (e -i- c) at any time ti must equal the initial elastic strain e. 
The concrete stress and the total load will decrease. The relation be- 
twe^ the initial elastic stress /« and the final stress /e can be found. 
The change in elastic strain is equal and opposite to the plastic strain. 


Int^rating 


d(/c) 

Ec 


-f4(c) 


ln/« — In/o <= —EcC 


/«- 



(144) 


For members in bending the tendency is to decrease the initial maxi- 
mum stiess fo on partides near the airface of the comprestion side, and 
the stress variation from neutral axis to outer fiber is no longer uni- 
formly var 3 ring. This justifies such discussions as the plastic theory of 
beams. Mr. Charles S. Whitney comments, “This indicates another 
valuable property of concrete which appears to make it advisable to 
place it under dead load at as early an age as possible. The plastic 
flow causes an adjustment of stress, which reduces the maximum, mak- 
ing structures stronger under live load. This flow in the material also 
tends to compensate irregularities in the stiffness of the material itself, 
accounting no doubt for some of the increase which has been noted in 
the strength of concrete subjected to sustained loads.” 


ILLUSTRATIVE PROBLEM 29 

188. Hastie Flow Stresses for an Axially Loaded Colunm. Let ns consider the 
effect of plastic flow for the same columns of Problem 27. Assume that the unit 
{dastic flow strain c 100 X 10~* for the concrete used at the end of 2 years of a 
sustained load of 150,000 lb. This includes the dead load and sustained live load. 
The variable live load is dso 150,000 lb. 

Low Percentage ofSied. The column designed for a concrete strength of/'« » 3000 
lb. per sq. in. has a section 21 in. square and a steel ratio p ■>< 0.0109. By equa- 
tion 138, 

^ 150,000 , . . 

fo «• (2ijt( ' ro^ " P" 

i - — r M?®'! . 3^55 ^ 10-s 
8,000,000 [0.109 J 

c 100 X 10~* 

s'" 3.866 X10-* 


0.298 and st . 1.347 
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By equation 141, 

810 

fe j 230 lb. per sq. in. (compression) 

The initial steel stress fi^ nfo ^ 3100 lb. per sq. in* (compression) 

By equation 143 the change of stress in the steel equals, 

M «.^/1*347-1\/0.989\ ^ 

f\ - 3100 J \aio9/ “ ^ *"■ 

The summary of combined effect of loads, shrinkage, and flow at the end of 2 years 
Is 



Concrete 

steel 


lb. per 

lb. per 


sq. in. 

sq. in. 

Elastic stress (sustained load) 

310 C 

3,100 C 

Shrinkage 

119 T 

10,800 C 

Plastic flow 

230 C* 

7,260 C* 

Resultant stress (sustained load) 

me 

21,160 0 

Elastic stress (live load) 

310 c 

3,1000 

Resultant stress (fully loaded) 

421 C 

24,260 0 


* The concrete stress of 230 replaces initial stress of 310; steel stress of 7250 is an 
addition to the initial stress of 3100. Computations of stresses due to loads only 
would give/o ■» 620 lb. per sq. in. and/» » 6200 lb. per sq. in. The resultant effect 
of shrinkage and flow is to reduce the concrete stress 32 per cent and increase the 
steel stress 290 per cent. In the past, when columns were designed for loads alone, 
the designs were safe because the allowable concrete sti^ss was held low enou^ so 
that the allowable steel stress did not exceed 10,000 lb. per sq. in. The shrinkage 
and flow readjustments did not raise the resultant steel ij^ess to the yield point. 


High Percentage cf SUd, This column was 17 in. Square with a steel ratio 
p 0.0351. Solving as before. 




150,000 

(17)^1.316) 


f. 

395 lb. per fl; in. 


5 » 1.25 X 10-« r « 0.800 and I e* » 2.226 
0 1 


« 3950 


Steel/i .> 3950 Ib. per sq. iAi 

/ 2Jm - 1 \ /0.965\ _ „ 

\ 2JJ26 y (o.851/ “ 
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Summary. 



Concrete 

Steel 


lb. per 

lb. per 


sq. in. 

eq. in. 

Elastic stress (sustained load) 

[396 C] 

3,950 C 

Shrinkage 

320 T 

8,800 C 

Plastic flow 

178 C 

5,960 0 

Sustained load stresses (2 yr.) 

142 T 

18,7100 

Elastic stress (live load) 

395 C 

3,950 0 

Resultant stress (fully loaded) 

253 C 

22,660 0 


In this case the effect of shrinkage and flow compared with elastic stresses is to reduce 
the concrete stress 68 per cent and increase the steel stress 187 per cent* The shrink- 
age and flow readjustments have greatest influence on the steel stresses when low 
steel ratios are used* 

189. Approximation of Shrinkage-Flow Readjustments. The calcu- 
lations in the previous article preserve equilibrium at the section. For 
example, the column with the low percentage of steel carries at time 
t « 0 a sustained load of 


N ■= A[f c(l - p) -h/,p] = 4411310 X 0.989 + 3100 X 0.0109] 
=> 150,000 lb. 


After 2 years the load sustmned is 

JV = 441(111 X 0.989 4- 21,150 X 0.0109] = 150,000 lb. 

The elastic stresses were computed with the assumption that the steel 
stress /,■ “ nfg. The final stresses can also be computed for dead plus 
live loads by equation 138 if a value of n is used equal to 


f, 24,250 
fc~ 421 


57.7 


JNT » 421 X 441(1 + 56.7 X 0.0109] = 300,000 lb. 


Similarly the dead plus live load stresses for the high percentage of steel 
can be obtained by equation 138 by using a value 


JV 


/. 22,660 

n : — 

fc 253 


89.8 


263 X 289(1 + 88,8 X 0.0351] 


300,000 lb. 


The designer can approximate the final stresses by using values for n 
of 60 to 90 for the particular concrete strength, shrinkage, flow strains, 
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and dead-live ratio adopted for this problem. It would be logical to 
use a greater value of n, say 150 to 200, applied to the sustained load 
only, and the usual elastic ratio w = 10 to the short time live loads, 
except that occasionally (as with the high percentage of steel) the sus- 
tained stresses in the concrete result in tensile values. 

190. Plastic Flow in Beams. It is stated in Article 187 that the re- 
sult of shrinkage and flow in members in bending is to produce a non- 
Unear stress variation in the concrete on the compression side. An as- 
sumption of a parabolic variation is frequently made. The neutral axis 
is lowered and this gives a greater compression area. Computations for 
stresses or deflection which purport to allow for shrinkage and flow are 
of doubtful value; consequently the designer usually approximates for 
these values by using a greatly increased value of n. As Professor Shank 
says, “In any practical problem uncertainties about the crack penetra- 
tion, the real elastic properties of the concrete, and the plastic flow ex- 
pression are great enough so that it is hardly practical to use any theory 
more complex than the modular ratio change method.^' ^ For illustra- 
tion of plastic flow in beams see Problems 32 to 34 under prestressed 
concrete. In these cases the tensile stresses are kept at low values and 
cracks do not affect the results for working loads.® 

TEMPERATURE 

191. Temperature Stresses. Changes in the temperature will pro- 
duce strains in a reinforced concrete member. If the member is part of 
a continuous frame these strains will be accompanied by stresses in the 
steel and concrete. At early ages the temperature stresses in the con- 
crete are modified by plastic flow. For this reason the actual tempera- 
ture during deposition of the concrete is not imj^ortant and it is suflS- 
ciently accurate to compute temperature changes above and below the 
average of the temperature range. After 4 or 5 yOars the rate of plastic 
flow approaches zero and the concrete acts as $a elastic material but 
with a modulus of elasticity considerably higl^ than it possesses at 
early ages. Temperature computations made || ages greater than 4 
years should not rely on readjustment by plaii^ flow. For concrete 
exposed outdoors the temperature range interna|y in thick sections can 

* *The Plastic Flow of Concrete,” Ohio State Universit^j Eng. Exp. Sia. BvUetin 91, 

p. 60. 1 

*An interesting analysis of plain concrete slabs whte surfaces are exposed to 
drying out (non-uniform shrinkage) and direct stressas or bending is given by 
Mr. Gerald Pickett, in /owr.A.C./., Feb. 1942, p. 333. For this simple case Mr. Pick- 
ett’s analysis supports Prof. Maney’s statement that plastic flow for woiking strains 
is due to non-uniform shrinkage. 
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be taken to be about 60 per c@at of the jrearly range; thin sections will 
ai^roach the air temperatures. 

The eo^Scsient of expansion of concrete varies with the mix and mate- 
rials used. Laboratory and field tests give values of the coeffid^t c 
varying from 4 X 10~* to 7 X 10~* per degree Fahrenheit.* In designs 
it has been customary to assume the coefficient to be equal to that of 
steel and to have a value « <=• 5.5 X 10~^. If the coefficients are not 
equal, stress will be caused in the steel by variations of temperature 
above or bdow that at the time the concrete hardened. To evaliiate 
tbe stresses due to different coefficients, neglect plastic flow and note 
that strain equals the coeffident c times temperature change T. The 
difference in concrete and steel strains will be (e. — €c)T. If the tem- 
perature drops and c, is greater than e« the steel will be placed in tension 
and the concrete ir compression, so 

+ ^ ( 1 «) 

The section must be in equilibrium, so 

feAe =» /.A, or fcO- - p) = f,p (146) 

Substituting values of /, or /« from equation 146 in equation 146, 

1 -p 


/. “ («. - *c)TE. 


1 + (n - l)p 


(147) 


np 

fc - (e. - u)TEc — — — (148) 

1 + (n - l)p 

If the tempNature rises, the steel will be in compression and the con- 
crete in tension. 

192. Temperature Stresses in Concrete Chinmejrs. An extreme ex- 
ample of rdnforoed concrete exposed to temperature changes is the con- 
crete chimney. The unlined chimney may 
be subjected to great differences in tempera- 
ture on opposite faces of a comparatively 
thin shell. The derivation given here is 
taken from the Tentative Standard of the 
American Concrete Institute (505-36T) for 
Design and Construction of EdnforceH. 
Concrete Chimnqjrs. 

Figure 119 shows an elevation oS the 
chimney shell with a representation of the 






_0ufside 

T, •T&npemtun 
Grodknf 


Shell 

Fia 119 


* *'Pla« and Rdnforoed Concrete Ardtee,” Chaa. S. Whitney, Jour. A.CJ., March 
1^ p. 479. 
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temperature gradient from flue gas to outside air. Let 

T « maximum temperature of flue gas, degrees Fahrenheit 
Ti « temperature of concrete at inside surface of shell 
T 2 » temperature of concrete at outside surface 
To — minimum temperature of outside air 

u « coefficient of overall heat transmission from the gas inside the 
chimney to the air outside, British thermal units per square 
foot of surface per hour per degree temperature difference 
Ki » coefficient of absorption and convection at inside concrete sur- 
face, British thermal units per square foot per hour per degree 
K 2 =* coefficient of radiation and convection at outside concrete sur- 
face, British thermal units per square foot per hour per degree 

C = coefficient of thermal conductivity of concrete, British thermal 
units per square foot of surface per inch thickness per degree 

The amount of heat received at the inside surface equals the heat 
conducted through the shell and the heat discharged to the air, or 


also 


Ki(T - Ti) - - - T 2 ) = K2(T2 - To) = u(T -- To) (149) 

z 


T - To ^{T-Ti) + (Ti - T2) + (T2 - To) 

From equation 149, 

u(T -To) t 

T-Tt Tt-T 2 ^-u{T -To), 

K.\ C 


Ti - To ^ 


u(T - To) 

'Ki 


Substituting in equation 150, 

u = 


Let 


1 t 1 


t 


i(r - To) 


(160) 


(161) 


T,= Ti-T2 = -u(T -T o) - 

C C 

Let 1 •= Ko, a constant determined experiment. For the 

jfiCi Ki 


k) 


unliued chimney 


(r - To)t 


Ko-¥t 


( 162 ) 
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n the obbxmey is lined, the v&hie of Ko will ako include the suiiaiOe 
coefficients, thickness, and conductivity of the lining. It is suggested 
in the absence of test data that K„ » 12 for unlined chinmeys and Kg 
30 for lined chimneys where the lining is at least 4 in. thick with an 
air q)aoe of at least 2 in. between the lining and the concrete shell. 

The analysis for stresses due to temperature differences includes the 
assumption that the combined effect of dead load, wind, and tempera- 
ture may crack the concrete particles which have tensile stresses. There- 
fore, the concrete is assumed to be cracked on the tension side. The 
co^hdent of expansion c of concrete and steel are assumed to be the 
same. The temperature gradient at any particular level is assumed to 
be the same around the circumference; the section remains circular and 
horizontal. 

Vertical Steel. The iimer hotter particles tend to expand more than 
the outer ones. If the section remains horizontal, the outer partides 

must expand more than the temperature dic- 

V^celSM tates and the iimer ones less. The inner 

stresses will be compression, the outer stresses 
tension. Some particles in between, on a defi- 
nite circumference, will expand an amount 
agreeing with the temperatme change Tz 
(Fig. 120). These particles will have zero 
temperature stress. Let us assume that these 
Fig. 120 particles are located a distance ht from the 

inner surface (note that this distance is kt, 
and not kd). Let the distance to the steel be zt. The particles on 
the inner surface have compressive strains due to restraint of e(Ti — Tz) 
and a stress 

/. = *(ri - Tz)Eg 

But 

Ti - Tz kt 

- =7 or Tx - Ts = ftr. 

lx * 

Then 

fe = eTJcEg (compression) (153) 

Similarly the steel is given a forced elongation corresponding to the tem- 
perature difference {Tz — T 4 ). The steel stress equals 




it/. 


Inside 




Vertical Steel 

Outside 




- 4{Tz - T^Eg = «r.(2 - k)Eg 


(154) 


The forces on the section must be in equilibrium. Using an average 
circumference. 


7 k(( 2 xr) -/,p/(2irr) 
2 
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k » y/np{np + 2z) — np (166) 

These equations give stresses due to temperature and are uniform around 
the circumference. 

Circumferentdal Sted. The derivation for stresses on a cross section 
is given above. If one takes a vertical section, say 1 ft. high, the same 
equation may be used to compute compressive stresses on the inner con- 
crete and tensile stresses in the circumferential steel. Of course, in this 
case the distance zt locates this circumferential steel and the steel ratio 
p is computed by using the area of this steel. 


PRESTRESS 

One of the disabilities which reinforced concrete members in bending 
suffer is the loss of the concrete area on the tension side in computations 
at sections near the maximum bending moment. This loss is due to the 
assumption that the concrete has cracked to the neutral axis. Members 
that must be watertight have the additional handicap that such cracks 
reduce the thickness of impermeable concrete. The prestressing of some 
or all of the steel is one method of reducing or eliminating tensile 
stresses. 

Methods of prestressing steel for reinforced concrete pipes, tanks, and 
beams were initiated by M. Freyssinet and a variety of devices for pre- 
stressing have been introduced by others. Most of these methods are 
patented. The following discussion will cover members in direct ten- 
sion, such as pipes and tanks, and members in biding. 

193. Prestressed Pipes. M. Freyssinet developed a reinforced con- 
crete pipe of great strength. The concrete mix ^d water content were 
determined with great care. The concrete is deputed into a form con- 
taining the circular steel reinforcement. With l||ke outer form immov- 
able the inner form is expanded. The comprj|0ed concrete becomes 
denser and some excess water is drained off. iSen the outer form ex- 
pands while the inner form follows it to maint^ the pressure on the 
concrete. The circular steel must also increaseln diameter and a pre- 
determined tensile stress is produced in this st^l. The concrete now 
hardens at a temperature of 180^ F. The resltlt is a concrete whose 
compressive strength may be as high as 7000 to 8000 lb. per sq« in. 
After hardening the inner form is collapsed and the pull in the steel 
causes the pipe to decrease slightly in diameter The result is that the 
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empty pipe haa imtial compression stresses in the concrete uid toision 
io the sted. Let 


fp 

Sr 

/« 

P 


tensile stress in the steel due to expansion of inner form 
tensUe stress in the steel on release of inner form 
compressive stress in the concrete 


steel ratio 


A, 

<X 1 


figure 121a shows the half section of concrete pipe, one unit long, 
acted upon by the pressure of the contracting steel. The final force in 



the steel amounts to fiAt >= /rp(t X 1). The force in the concrete will 
equal C *» fcAc = /«(! — p)(< X 1). These two forces must be equal, so 


-- - ~fr 

1 -p 

Also, the concrete and steel strains must be equal: 

fp ~ fr Se , fp ~ St 

— or 

Eg U 


E, 

Solving these two equations, 

fr ■ 


1-p 

1 + (n - l)p^*’ 


(166) 


When the pipe goes into service an internal pressure q (fig. 1216) will 
produce a tension T per unit length of shell. This is resisted by both 
steel and concrete, if the concrete is not overstressed in tension. 


also 


2* “ «« « m X 1)11 + (n - Dp] (157) 

/. - nft (158) 

The effect presbesong and internal pressure can be combined to 
give resultant sbesses. 
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194. Design of Prestressed Pipes. Determine the effect of prestressing a pipe 
of 80 in. internal diameter with shell 1.5 in. thick. Use / 0 « 5000 lb. per sq. in. and 
reinforcing steel of No. 5 American Steel and Wire Gage spaced at 1.5 in. center to 
center of bars. This steel is to be prestressed to/p » 80,000 lb. per sq. in. 

Number 5 wire has a diameter of 0.207 in. and area of 0.0336 sq. in.; p » 0.0149. 

By equation 156, 


fr 


80,000 X 0.985 
1.075 


73,350 lb. per sq. in. 


^ 6650 ^ ^ o / • \ 

« „ — _ « 1113 lb. per sq. in. (compression) 

n 6 

Determine the maximum internal pressure to reduce the concrete prestress to sero. 

15.00g « 1113 X 1.5 X 1.075 or g « 120 lb. per sq. in. 

If it is deemed permissible to stress the concrete to a resultant tensile stress of 
400 lb. per in., the internal pressure q » 163 lb. per sq. in. 

Shrinkage and Flow, The curing of this pipe should result in a rather complete 
drying out This shrinkage will cause the pipe to contract more; there will be a 
tendency to produce tension in the concrete and compression in the steel. Let us 
assume a shrinkage strain 9 « 0.0004. By equations 117 and 118 there will be a 
shrinkage tensile stress in the concrete of 

- X 0.0004 X 6,000,000 - 16T lb. per sq. in. 

1.075 


steel stress/', - X 0.0004 X 30,000,000 = 11,000 lb. per sq. in. 

1.075 

The process of curing is not lengthy but some time m^ elapse before the pipe is 
placed in service. Let us assume that a flow strain c ^ 40 X lO'^^ represents the 
deformations ascribed to flow with due allowance for jj^e fact that shrinkage is 
reducing the prestresses in both steel and concrete, fty the flow equations for 
sustained load, 


^ 1.076 ,, 1 

* " 6 X 0.0149 ^ 6,000,000 ” ^ 


By equation 141, 


/e “ c 

s5 


1113 

1.182 


942 lb. per s4 ui. 


The forces at the section are in equilibrium, or 

942 X L5 X 0.9851 - A X 1.5 X M149 


/• «« 62,200 lb. per sq. in. 
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If we combine shrinkage and flow effects, the stresses aa the pipe is put in service 
appear to be 

fc “ 942 — 167 « 775 lb, per sq. in. (compression) 

« 62,2(X) 11, (XX) « 51,1(K) Ib. per sq. in. (tension) 


If the pipe transports water, the greater part of the shrinkage will be eliminated 
by a subsequent expansion. Plastio flow will be non-existent if the resultant concrete 
stresses are close to zero. If the pipe stands empty for a long time, flow may be 
resumed but will depend on whether the pipe is above ground or whether it receives 
additional sustained compressive stresses due to the weight of fill above it. 

In any case the effect of shrinkage and flow before the pipe is in service is to reduce 
the effect of prestressing and therefore reduce the allowable internal pressure that 
produces tensile' stresses in the concrete. 


196. Prestressed Tanks. The walls of a water or oil tank of cylin- 
drical shape can be prestressed as a means of crack prevention. For 
tanks of considerable diameter, say 50 ft. to 150 ft., steel has been used 
as large as l-|-in. rounds with rolled threads on upset ends perhaps 30 
to 35 ft. long. These bars are joined by turnbuckles and form bands or 
continuous helices around the tank wall. The steel is placed on the 
outside of the poured wall and wherever the turnbuckles occur vertical 
slots or recesses are made in the wall so the turnbuckles may be rotated 
for tightening. After prestressing the steel is covered with a layer of 
concrete or gunite. This extra layer, placed after prestressing, adds con- 
crete whose stress is theoretically zero before shrinkage, flow, or loading 
takes place. 

By tightening the turnbuckles the length of steel is reduced and the 
concrete is prestressed in compression, while the steel has tensile stresses. 
The prestress analysis is similar to that of the concrete pipe except that 
the prestressed bar starts at zero stress and ends with the maximum 
stress Sp, With the usual lever bar for turning the tumbuckle, pre- 
stresses of 20,000 to 30,000 lb. per sq. in. can be obtained. If the diam- 
eter of the tank is very great compared to the wall thickness, an average 
radius R may be used. The steel is placed outside the wall so the con- 


crete area equals X 1) and the steel ratio is 


A, 

<1 xr 


Equating the 


forces at a section one unit high, 


« JpAi or Jc = vU (159) 

When the tank is filled the tensile stresses in steel and concrete are given 
by equations 157 and 158, where the thickness t is the sum of the wall 
thickness ti plus gunite cover As in Problem 30 it is possible to 
adjust the steel area and prestress fp so that the concrete can take 
a reasonable tension due to the internal pressure. The gunite cover does 



Airr. 196] 


PRESTRESSED TANK WALL 


200 


not have the advanta^ of prestressing but it can well be proportioned 
with a greater tensile strength and the action of plastic flow will tend 
to relieve the greater resultant tensile stress. 

A low prestress, say 30,000 lb. per sq. in., suffers a large percentage of 
reduction due to shrinkage and flow in the concrete. Therefore, recent 
tanks have been prestressed by wrapping wire around the wall with pre- 
stresses as high as fp — 160,000 lb. per sq. in. 


ILLUSTRATIVE PROBLEM 81 


196. Prestressed Tank Wall. Let us check the prestressing effect on a tank, 90 
ft. in diameter, which is to be filled with water. Assume that the preliminary design 
gives an S-in. wall at a position 20 ft. below the water level; use / o » 8000 lb. per 
sq. in. The wall is prestressed with f-in. round bars spaced at 3^ in. at this depth. 
The prestress eqtials fp « 25,000 lb. per sq. in. After prestressing 3 in. of gunite is 
placed to cover the steel bars. 

Pre8tre88. Since the steel is placed outside the wall the steel ratio for a vertical 
section 1 ft. high equals 


P 


2.06 

8X12 


0.0215 


By equation 159, 


fe “ Pfp ” 0.0215 X 25,000 « 537 lb. per sq. in. 


The section is now in equilibrium, for 25,000 X 2.06 = 51,500 « 537 X 96. The 
gunite covering is now placed and has no stress when it has hardened. 

Shrinkage and Flow, If some time elapses before the tank is filled, shrinkage and 
flow will modify these stresses* Let us assume that the measured deformation cor- 
responds to a flow strain c « 30 X 10''^, and the cross section remains parallel to 
its original position. The concrete in the wail will decrease in circumference because 
of flow but will tend to increase in circumference because of the reduction of compres- 
sive strength. Reversing the left terms of equation 140, Ihe concrete strain equals 


537 +/<, 30 _ 537 ~/o 

2 ^10* 3 X 10® 


(160) 


V'here is the final stress and the average stress is used ai|kh Ac. 

The gunite will receive a compressive stress fg due to tfa|a net shortening. Shrink- 
age of the gunite will cause it to shorten and flow due tojlhe compressive stress will 
cause it to shorten. Assuming the net change also to equa|:)0 » 30 X lO"*®, the gunite 
strain equals i 

/i V 30 I /« I (161) 

2 ^ 10» ^ 3 X 10* I ^ ® 

Equating tiieee strains, < 


637+/. 80 687 -/. AL A + 30 ft 

2 ^10* 3 X 10* 30 X 10* “ 2 ^ 10* 3 X 10* 

For equilitmum, aft» flow has occurred, 

96fc + 83.94^, - (26,000 - Af^(i6 


(162) 

(168) 
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The values of Af« ABd/« he expressed in terms of/, by equation 162 and substi* 
tuted in equation 163. The results give 

/, w 404 lb. per sq. in. 

fg » 200 lb. per sq. in. (compression) 

Aft » 2900 lb. per sq. in. (reduction) or 
ft « 22|100 lb. per sq. in. 

These results are approximate as equation 140 should be a summation of small 
increments of Ac with corresponding v^ues of A/e, A/g, and Af«; but this approximation 
indicates a reduction in the steel stress of about 12 per cent, which is checked by 
test values. 

Effect cf Water Pressure, Let us consider the portion of the tank wall between 
10 ft and 20 ft. below the water level. The average water pressure equals 19.5 X 
62.5 *>- 1220 lb. per sq. ft. The steel ratio for the full thickness of concrete and gunite 
2 06 

p m m 0.0156. By equation 167, 

11 X 12 


1220 X 46 « 64,900 lb. « /*(11 x 12)[1 + 9 X 0.01661 


ft » 365 lb. per sq. in. (tcixsion) 

Resultant stress (concrete)/ 404 — 365 « 39 lb. per sq. in. (compression) 

Resultant stress (gunite)/ « —200 + 366 » 166 lb. per sq. in. (tension) 
Then 


Also, 


-39 X 96 + 166 X (36 - 2.06) +/. X 2.06 - 64,900 
ft « 26,750 lb. per sq. in. (tension) 

ft - 22,100 + 3660 -* 26,750 lb. per sq. in. 


These ate the computed stresses immediately after the water pressure is applied. 
Note that the steel stress only slightly exceeds the original prestress and that the 
gunite must be able to withstand safely a tensile stress of 165 lb. per sq. in. 

Shrinkage and Flow, The water-filled tank will absorb moisture and the greater 
part of the shrinkage will be overcome by the consequent expansion of the concrete. 
The plastic flow due to stresses can be h^died simil^ly to the flow due to prestress. 
Since shrinkage strains disappear, let us assume that the flow effect will correspond 
to a flow strain of 40 X 10~^. Ibe tensile force on the gunite is greater than the 
compressive force on the concrete. Assume that the section remains parallel to its 
orig^ position and that it expands. Then 

/ 165 4-/A jO (165 -/) ^ Aft ^ _ / 39 -f /A 40 39 

\ 2 / 10* 3 X 10« “ 30 X 10« “ V 2 / 10« 3 X 10« 


The force equation for equilibrium at the section becomes 

-96/c -h 38.94/ + 2.06(26,760 + A/,) - 64,900 

Solving, 

fff 1.2 lb. per sq. in. (compression) 
fg 49.8 lb. per sq. in. (tension) 
ft «» 26,887 lb. p^ sq. in. (t^on) 
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This approximate evaluation of the effect of flow indicates that the tendency is to 
relieve the concrete and gunite stresses and yet the resultant steel stress is not far 
from the original prestress. 

197. Prestress of Rectangular Beams. The prestressing of beams is 
advantageous because properly located prestressed steel will produce 
compressive stresses at the bottom of the beam which will offset the 
tensile stresses caused by the loads. The prestressing causes a deflection 
upward which will reduce the resultant deflection when the loads are 
applied. Up to the present time it has not been economical to prestress 
continuous beams. Many prestressed beams are precast and then moved 
into place; they serve as beams of a single span with supported ends. 
It is difficult to produce continuity for prestressed beams cast in posi- 
tion. This discussion of prestressed beams will be limited to those of 
rectangular section, but similar procedures can be applied to the I sec- 
tions often used, or the tee section of the normal floor systems. Two 
cases will be considered. In the first case the prestressing steel is coated 
with grease or asphalt, or wrapped in oiled paper, so that there is no 
bond between the steel and the adjacent concrete. In the second case 
the steel is assumed to be bonded to the concrete. 

198. Prestressed Rectangular Beam*-No Bond. Such beams are con- 

structed by pouring the beam with the unstressed steel in place. After 
the concrete has hardened long enough to with- 
stand prestress, the steel is prestressed to the | 

determined value of fp by a pull on its ends. The 
steel can slip easily in reference to the concrete 
but the bearing plates at the ends, or the bear- 
ing cones of concrete at the ends, cause the con- 
crete to be compressed at the level of the steel. 

In the following derivation the concrete area wiir Fia. 122 

be considered to be bh as it is intended to have^ 
the resultant concrete stresses after loading e^rely compressive or 
of very low tensile values. The steel ratio wi^l^^be based on the full 
A ‘T 

area bh and equals P ~ neutral axis k will be a percent- 

age of the depth A, and the steel depth d wQ be expressed as zh 
(Fig. 122). 1 

Prestressing. Let the prestress intensity in l|ie steel be denoted fp 
and, for simplicity of equations, call the concsjMete area bh instead of 
{bh — At). Upon completion of the prestressii^ the force in the steel 
equals fpAt ** C',. This force will produce a pressure on the concrete, 
which acts at the center of gravity of the steel. Using the analysis de- 
veloped for shrinkage (Art. 182), transfer this force to the center of 
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gravity of the concrete area at ^ . On the bottom particles the con* 

2 


Crete stress equals 

6C\(zh-^ 
y, \ 2/ 2C'. 




bh^ bh 

Similaxly the top particles have a tensile stress of 

ft = %P(3« - 2) 


(3z - 1) = %p(a? - 1) (164) 


(165) 


Assuming a strai^t-line relation between concrete stress and strain, the 
neutral axis ratio equals 


38-2 

62-3 


(166) 


If we now consider the whole section, the steel has a tensile stress fp, 
the lower part of the concrete is in compression, and the portion above 
the neutral axis is in tension. The forces at the section must be in 
equilibrium, or 

f f 

7 h{kh) + Uvhh = ~ 6(A - kh) 


Substitution of values of ft and Jc and k shows that this equation is an 
identity. 

Stresses Dm to Loads, The effect of application of loads will be con- 
sidered separately from the prestress, but it will again be assumed that 
the combined effects produce tensile stresses in the concrete which are 
below the working tensile strength. 

The loads on the beam will cause it to deflect and the imbonded steel 
will deflect with the concrete but may slip with relation to any concrete 
, particle at the level of the steel. As the beam bends, the tensile steel 
will be lengthened, its ends being anchored, and it receives an additional 
tensile force T, This force T, acting on the end anchors, will load each 
concrete section with an equal compressive force C'g = T applied at the 
level of the steel. If M equals the moment at any section due to the 
external loads, the net moment Me on the concrete area equals Me ^ 
M — Th{z — J). By the methods used in deducing equations 164 and 
166, 

^ T me J ^ r 6il/c 

hh bh^ 
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At the level of the tensile steel the stress /"c in the concrete equals 


213 


T l2Mc 
bh^ bh bh^ 


When the value of Me from above is substituted, the stress/"* becomes 


f'c 


T , , 12(2 - l)M 


The concrete strain at this level equals e"* 



and is negative (ten- 


Eion). This strain varies from section to section as the external bending 
moment M varies. The total change of length at this level must equal 
the change in length A1 of the steel, or 


Tl 


A.Ee 


Al 



e"e dx = 


Ee 



f"edx 


1 {Tl 
Ee [bh 


[1 + 12(2 - m - 


12(Z - I) 

bh^ 



Mdx 


(167) 


ILLUSTRATIVE PROBLEM 82 
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199. Design of Prestressed Beam— -Steel Not Bonded. It is customary to use 
wires which have a high yield point as prestressed steel, so that a high prestress can 
be used. Thus plastic flow will not neutralize the 
prestressing. 

Assume a beam section, 10 in. by 20 in. in 
section, supported at the ends of a 16-ft. span and 
caiT 3 dng a uniformly distributed dead load of 520 
lb. per ft. and a live load of 1040 lb. per ft. It is 
subjected to a maximum dead load moment of 
200,000 in.-lb. and maximum live-plusKlead moment 
of 600,000 in.-lb. It is reinforced by ten No. 6 
(American Steel and Wire Gage) wires prestressed 
to 150,000 lb. per sq. in. The center of gravity of 
this steel is located 3 in. from the bottom of the 
beam and each wire has a diameter of 0.207 in. (Fig. 123). 
f e “ 3000 lb. per sq. in. 

Pres^resses. 




10-NQ,5Wtre$ 
Fig. 123 

^ The concrete strength 


A« » 10 X 0.0336 and 


0.336 1.68 

10X20 10* 
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By equAtioa 164 and 166, 

2 X 160,000 X ^ (8 X 0.86 - 1) - 782 lb. per sq. in. 
1 68 

/i « 2 X 160,000 X ^ (8 X 0.86 - 2) « 277 lb. per sq. in. 


k » 


277 

277 + 782 


0.262 


(168) 


The stress diagram is shown in Figure 124a. The stresses are low enough so that 
a straight-line distribution is reasonable. The tensile stress is close to the ultimate 
value for 8000*lb. concrete. 


Sj ... 

I 


UmK5.24Kl0^T?60lk. 


ft'250 


‘ix782xl4.76KX>‘57,730/b. 
r^T'-fpAt •ISO.OOOxOJSe-Simib 


Msas/b. 


^<5t.960/h 

^T-T’45425n>. 


)g*7<S2 

firesfresses 

fa) 


Fig. 124 


fc^lOS 

Prtsfress * Shrinkage *Flow 

(b) 


Shrinkage and Flaw, Shrinkage will cause the concrete to shorten, whereas flow 
due to stresses will cause the concrete in compression to shorten. The steel will also 
shorten and the prestress will be reduced. The section must remain in equilibrium 
under the reduced stresses. Assume that the test data indicate a 10 per cent reduc- 
tion in steel stress, or a stress fp m 136,000 lb. per sq. in. The compressive stress 
in the concrete becomes/* « 705 lb. per sq. in. and the tensile stress /< - 260 lb. 
per sq. in. The stress distribution is given in Fig. 1246. 

Streeaee Due to Dead Load, The maximum stresses due to the dead-load moment 
of 200,000 in.-lb. can be found. Using equation 167 and ajwiiming the steel to be 
concentrated at its center of gravity, 

r X 192 1 f T X 192 , 

“ 0.886 X 80 X 10* “ 8 X 10* I 200 ^ ^ ■" 

- 67.2r - +2.37r - 26,880 (160) 

T m 461 lb. and /, » 1340 lb. per sq. in. 

Maiimum AT, - 200,000 - 461 X 20 X 0.36 - 196,840 m.4b. 
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Cmbw«d Sfied ^ Pre$^i < 1 ^ D$ad Load. The (x>mbiD6d stresses after appH(^ 
ti<m of the dead load are givea below and plotted in Figure 125o. 

Top partides /© « 298 — 250 « 48 lb. per sq. in. (compression) 

Bottom partioles/o 705 298 »* 412 lb. per sq. in. (oompresdon) 

Steel /• “ 135|000 + 1840 «■ 136^340 lb. per sq. in. (tension) 



Shrinkage and Flow — Dead Load. At the time the live load is applied assume that 
the additional shrinkage and flow amount to a flow strain c « ^ X 10^. Tests 
indicate that a plane seclion remains plane after flow and the stresses are assumed 
to be uniformly varying for working loads. A solution can be made by using a 

greatly reduced modulus of elasticity. The elastic stress modulus E , or the 

s 

elastic strain for a unit stress equals s • An equation in Article 11 suggests that 


the modulus of elasticity, after flow, may be defined as R 


. In this problem, 

s + c 


.xio- “* ‘■iff 

Then 

« - - 1,680,000 lb. ptir sq. in. (170) 

6 "T C 

Using this value in equation 167, f 

T - 827 lb. and /« - 2460 lb. per||, in. 

fc » 295.4 lb. per sq. in. and /« » —287.2^. per sq, in. 

Flow reduces the concrete stresses only slightly, because tfein is such a small area 
of steel to prevent additional deflections.* I 

ComUnnod Streasee before Live Load le Applied. | 

Top particles /« « 295 250 45 lb. per sqi^ln. 

I’ ' 

Bottom partides/i «* 705 — 287 ■> 418 lb. per s^ in. 

Sted /« - 185,000 + 2460 » 187,466 lb. per sq. in. 

* An alternative is to apply a percentage reduction of tire stresses of Figure 125a 
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XfM XjooA. The live load will be re^^ed as intermittently applied; therefcn^ it 
win produce only elastic stresses. The additional live*load maximum moment equals 
'400,000 in.-lb« The stresses produced will be twice those of the dead load when it 
was initially applied. There is now less justification for superposing the results of 
separate stress oonq)utations, but the combined concrete stresses are low and do 
not vary much after the dead load is applied; therefore such a summation indicates 
the tenancies of stress variation. 

Let us assume that the flow, after several years of continued dead-load application, 
amounts to c » 100 X 10~^. In this case R » 750,000 lb. per sq. in. Using equa- 
tion 167, the stresses due to dead load become, 

T 1615 lb. and /« » 4810 lb. per sq. in. 

« 291.2 lb. per sq. in. and ft » —275.0 lb. per sq. in. 

Top particles /c « 291 + 2 X 297.6 — 250 « 636 lb. per sq. in. (compression) 

Bottom particles ft * 705 — 275 — 2 X 293 » — 156 lb. per sq. in. (tension) 

Steel /• *» 135,000 + 4810 + 2 X 1340 « 142,490 lb. per sq. in. (ten- 

sion) 

The final stress distribution in the concrete is plotted in Figure 1255. The tensile 
stresses are moderate and should not produce cracks. The final stress in the steel 
does not exceed the original prestress. The low resultant compression stress may 
suggest that the section could be reduced in size, but a survey of such reduction 
should include allowable tensile stresses at the top due to prestress and at the bottom 
due to all factors. A reduction in section may also give difficulty in the introduction 
of the necessary area of steel. A discussion of diagonal tension stresses is given in 
Problem 33. 

200. Ptestressed Rectangular Beams-^teel Bonded to Concrete. 

This steel is installed in place and prestressed. The concrete is then 
poured; after it has hardened sufficiently to withstand prestress, the pre- 
stiessing mechanism is released and the bearing plates, or bearing cones, 
press upon the concrete, causing it to oppose the shortening of the steel. 
The concrete is thereby prestressed. 

In this case the original steel prestress fp is reduced to some value /r. 
The concrete at the level of the steel will receive a prestress in compres- 
sion of /ca. If the two materials are bonded, the strains at this level 
must be equal, or 

or (171) 

Hit iLc 

The force exerted by the eted on the concrete equals C', >= /wt, •= /rpfeft. 
Paralleling the derivation in Article 198, 

Bottom particles /« = 2SrV^ ~ 1) (172) 

Top particles St - VrP(3* — 2) (173) 
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also Zz — ** 

k 

6 * -3 

After prestressing^ the section is in equilibrium, or 

Ujibh + - hikh) ^-b(h- kh) 

2 2 

2frP+ftk^fcil-k) ( 176 ) 

Stresses Due to Loads. The solution for stresses due to dead or live 
loads can be made by the use of the transformed area, if the resultant 
tensile stresses are assumed to be low enough so that the whole concrete 
section can be considered in the computations. 


( 174 ) 

( 175 ) 


ILLUSTRATIVE PROBLEM 83 


201. Desig;n of Prestressed Beam with Bonded SteeL Assume the dimensions, 
loads, and stresses of Problem 32. 

Preatressea. The center of gravity of the steel is 17 in. from the top. Therefore, 
since z * 0.85 and k « 0.262, ** 0.797/, and ft « 0.366/,. 

From equation 176, 

X ^ + 0.262f, - 0.73^. 


or 

From equation 171, 


fc = 0.00631/r 
10 X 0.797/, » 150,000 - fr 


(177) 


Substituting the value of /« in terms of fr from equation 177, 
fr » 143,900 lb. per sq. in. 


Bottom particles fc 


2 X 143,900 X 


1.68 

10 ® 


(3 X 0.85 — 1)!^ 749 lb. per sq. in. 


Top particles ft « 266 lb, per sq. in. 

These stresses differ only slightly from those obtained for |ion-bonded steel. The 
difference is due to the slightly lower steel stress fr at the eia|i of prestressing. 

Shrinkage and Flow. Assume again that the steel stress || reduced 10 per cent to 
0.9 X 143,900 «» 129,510 lb. per sq. in. Then the maximitSa compressive stress in 
the concrete becomes fc « 674 lb. per sq. in. and the masteum tensile stress ft » 
230 lb. per sq. in. 

Dead Load. If the steel is bonded to the concrete, the eSeiet of the dead load can 
be found by using the transformed area. The complete concrete area will be used 
in calculations because we expect the resultant stresses will not give tensile stresses 
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large enough to oraok the oonorete. Telce moments about the top of the seotioii 
to determine the neutral axbs position (Hg. 123)i assuming the sted to be oonoen- 
trated at its center of gravity: 

10 X 20 - 200 X 10 »» aooo 

10 X 0.886 - 8.86 X 17 « 67 


XA - 208.4 2067 - XM 


kh 


2067 

208.4 


10.11 in. 


and A: » 0.6066 


The moment of inertia about the neutral axis equals 


10 X (10.11)» , 10 X (0.89)« 


3 


8 


+ 10 X 0.386 X (6.89)* - 6836 (in.)^ 


Maximum /tf 


200,000 X 10.11 
6880 


296 lb. per sq. in. 


Maximum/i » 290 lb. per sq. in. 


/• - 10 X 290 X » 2016 lb. per sq. in. 

9.09 

The remaining procedure parallels that of Problem 82. The results are tabulated 
below. 


Stiusbsbs in PBBSTRBsmm Bbam 





Stresses (lb. per sq. in.) 

Due to 


Line 

Concrete 

Steel 




Top 

Bottom 


PrartraM 


1 

266T 

749 C 

143,900 

^imnfcage and Bow (prestress) 


2 

239 T 

674 C 

129,610 

Dead load 


3 

2960 

290 T 


Oombiiied— -after dead load 

2-h8 « 

4 

67 C 

384C 

181,626 

Shrinkage and Sow (dead) 


6 

me 

281 T 

8,700 

Combiiid^before live load 

2 + 6 » 

6 

64 C 

393C 

183,210 

Live load 


7 

692C 

880T 

4,030 

Combinedr>*after live load 

6 + 7- 

8 

646C 

187 T 

187,240 

Bhrlidcage and Bow (dead) 


9 

287 0 

268T 

7, aw 

Cointxlned‘>*-after seve^ 

2 +7 + 6 - 

10 

64DG 

169 T 

140,747 
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The hi|^ velue of the prestress may raise questioiis in regard to the bond Btresses 
between steel and oonorete* The high-etarength wires used have a large perimeter-* 
to-area ratio. There is a greater perimeter over which to distribute a given force. 
Also the drop from original prestress fp to final prestress fr tends to cause the wire 
to increase slightly in diameter and thus adds to the friction at its surface. Shrinkage 
and flow tend to offset the increase of steel stresses due to the loads and the resultant 
stresses do not exceed the original prestress fp. 

The prestresses are constant at all sections so there is no need to transfer var3ring 
ste^ forces to the concrete except at the ends of the wire. A properly designed bear- 
ing cone at the ends will safely transfer the stedi stresses to the concrete. Subsequent 
bond stresses are due to the loads only. The usual bond relation can be restate as 


V ^ ^ t>b 


(178) 


This shear stress v at the level of the steel is the maximum value for the usual re- 
inforced concrete beam, as is shown in the distribution on section EE of Figure 16. 
However, the prestressed beam includes the concrete on the tension side in computa- 
tions, and the shear stress varies as shown on section BB of Figure 16, if one disre- 
gards the effect on shear stresses of the small amount of steel. At the level of the 
steel in a prestressed beam the shear stress is very low as compared with section EE, 
and by equation 178 the bond stress is correspondingly low. 

Diagonal tension reinforcement will usually be needed. Since the fiber stress dis- 
tributions may resemble those of Figure 124 at all sections during prestress and con- 
tinue to be much the same at sections where the bending moment due to loads is of 
low value, we do not have the usual condition for diagonal tensile reinforcement. 
Usually such reinforcement is needed at sections where the tensile fiber stresses are 
low and the shear stress is high. Therefore, it is probably better to prpportion the 
diagoxud tension reinforcement by the more exact equation 80 (Art. 61) than by the 
approximate equations in gener^ use, such as equation 32, which consider shear 
stresses only. In European practice stirrups are often prestrSssed also to add com- 
pressive stresses on a horizontal plane. In that case the principal tensile stress can 
be computed by the equation 

+ . (179) 

where fh » normal stress on horizontal plane. These normid stresses are negative, 
if compressive. 

The maximtnn deflection of the beam upwards by the pt||||a:e8sing action can be 
computed by using equation 127 (Art. 182). This operateii^ an initial camber of 
the beam and subsequent deflections due to the loads an4|b flow should include 
this initial value. i 

Some of the patented systems of prestressing and some dM|igner8 include ordinaxy 
rmnforcing bars in the section in addition to the prestresseil wires. The following 
m^blem will compute for comparison with Problem 32 the eflbct of prestressing such 
a beam. 

nxnSTRAnVB PROBIEM 84 


2WU Design of Prestressed Beam— Prestressed Steel Ret Bonded. Using the 
data of Problem 32 add two 1-in. square reinfordng bars to the section (Fig. 1261. 
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In this case the prestreanng force in the wires acts upon the concrete and the 
rmnforcing ste^, whose steel ratio p » 0.01. The transformed area the prestress 
force acts upon equals 

A » 200(1 + 9 X 0.01) « 218 sq. in. 



The neutral axis ratio for concrete and steel bars equals k =» 0.529 and the moment 
of inertia/ "• 7477 (in.)\ The prestressing force C# « 160,000 X 0.336 50,4001b. 

Computations similar to those of equations 164 and 165 give 


Bottom particles fc 


50,400 50,400(17 - 10.58) X 9.42 

218 7477 


s ' 639 lb. per sq. in. 


Top particles ft 


, 50,400(17 - 10.58) X 10.68 

218 7477 


227 lb. per sq. in. 


rf227 



f^^639 

Bar Stress 

S,090lb.persqM 
Wire Stress 

H^fiMpersq^in. 

Prestress 

(o) 


f^528 

fs* 

2,900 lb,per$q,in. 
Averooefs" 
/3o,li0tbper$q.in, 
Prestress, Shrinkage, 
and Dead Load 

(b) 

Fig. 127 


frB3 

2,835 ib. per sq.m 

Average fs* 

I39,842ib.persq.h 
Prestress, Shrinkage, 
Dead Load, f tow, 
and Live Load 

(c) 


These prestresses are shown in Figure 127a and they are somewhat less than those 
of Figure 124a. The compressive prestress in the reinfordng bars equals 
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Shrinkage and Flow. Assuming, as in Problem 32, that the result of shrinkage 
and flow is a 10 per oent reduction in the prestress in the wires, the reduced stresses 
in concrete and reinforcing bars become 

fe “ 675 lb. per sq. in. 

ft “ 204 lb. per sq. in. 

^ « — 4682 lb. per sq. in, 

Streeaes Dm to Dead Load. Upon the application of the loads, the concrete and 
bars act as a bonded unit, whereas the wires are not bonded. The derivation of 
Article 198 can be modified by substituting the transformed area of 218 sq. in. for 
the previous concrete area hh and the moment of inertia which equals 7477 (in.)^ 
about the neutral axis 10.58 in. from the top of the section. Then 

Me * Jlf - 6.42r 

JLjl 10.58Mc 
“ 218 ' 7477 


9.42Me 




218 


T X 192 


218 

7477 


6A2M. 

I.OIT 

8.69 

7477 

'^102” 

10* 

f 1.01 X 1927’ 

8^/ 

1 10* 


10* V 


),000 X 192 X 


1)1 


67.2T =* 1.94r - 22,000 
T = 372 lb. 


fs = 1107 lb. per sq. in. (wires) 
Maximum Me =* 200,000 - 372 X 6.42 = 197,610 in.-lb. 


3^ 10.58 X 197,610 

218 7477 


281 Ib^ per sq. in. 


372 9.42 X 197,610 

^ “ 218 7477 


— 247 ifx per sq. in. 


(bars) fe « nf"c = 10 X 168.1 = 1681 lb. sq. in. 


The remaining computations are made by using the pfocedure and strains of 
Problem 32, except that the prestressing steel acts on the ttiansformed area. In the 
computations, after the dead load is applied, equilibrium at the section requires 
that the reinforcing bars be analyzed separately, for prestress and live loads (n « 10) 
as contrasted with dead-load flow (n' » 19 or n' « 40), when combining stresses. 
The results are tabulated below. 
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Stresses ih Fbhstre88]!:d Bham 





Stresses (lb. per sq. in.) 

Due to 


line 

Concrete 








II 

Steel 

(wire) 









Top 

Bottom j 



Prestress 

i 

1 

227 T 

630G 

6091 C 

160,000 T 

Shrinkage and flow 


2 

204T 

676 C 

4582 C 

136,000 

Dead load 
Combined— after 


3 

281 C 

] 

247 T 

1681 T 

1,107 

dead load 

2 4-3 « 

4 

77C 

328C 

2901 C 

136,107 T 

Shrinkage and flow 
(dead) 

Combined— before 

[ 

5 

269 C 

213 T 

2663 T 

1,744 

live load 

2 4-5“ 

6 

66 C 

362 C 

1919 C 

136,744 T 

Live load 
Combined— after 


7 

i 

662 C 

494 T 

3362 T 

i 2,214 

1 

live load 

6 + 7 - 


627 C 

132 T 

1443 T 

138,968 T 

Shrinkage and flow 
(dead) 

Combined— after 


9 

262 C 

164 T 

4066 T 

2,628 

several years 


m 

610 C 

83 T 

2836 T 

139,842 T 



































CHAPTER 10 


TWO-WAY AND FLAT SLABS 

Floor systems of reinforced concrete have been devised for many types 
of construction. As previously defined, the broad expanse of floor is 
spoken of as a slab. The discussion in Chapter 3 was confined to slabs 
whose tension steel spans in one direction only. These one-way slabs 
are designed as rectangular beams and are supported by beams span- 
ning perpendicularly to the slab steel. A discussion of the design of one- 
way joist floors is also given in Chapter 7 as an example of tee-beam 
dedgn. 

It is possible to design certain floor slabs, whose panels are rectangular 
in shape, with two-way or four-way steel. In the two-way system the 
steel is placed in perpendicular bands or strips. Four-way steel has 
diagonal bands in addition. 

In this text the term two-way slab will refer to a floor panel supported 
by beams or girders on all four edges and reinforced with two-way steel. 
The term jUU slab will denote a floor panel which has no supporting 
beams or girders. The column is enlarged at the top to give a support- 
ing capital. Flat slabs may be reinforced with two-way or four-way 
steel. 

TWO-WAY SLABS , 

203. statically Indeterminate Slabs. The framii^ plan for beam and 
girder floor construction is often so arranged that et# panel is supported 
on all four sides by a beam or girder. If the panels square, or nearly 
so, there may be an economic advantage in desigl^g a two-way slab 
with steel running longitudinally and transversely^;[. The design of such 
a slab involves a statically indeterminate analysu|^4u9 any givai square 
foot of floor is supported l^th by north-south and iBstrwest steel. Such 
a panel will deflect much as a rectangular net doef whose four sides are 
ti^tly held. The previously discussed one-way pabs have the much 
less complicated deflections of the same net, or # '^leet of paper, sup- 
ported on two opposite sides only. The division of the load between 
the two perpendicular sets of bars is dependent oh their relative redst- 
anoe to deflection and the fact that both sets must have the same de- 
flection at their intersections. A general theoretical discussion of such 
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slabs with a survey of tests on two-way slabs can be found in a paper, 
^^Moments and Stresses in Slabs/^ by H. M. Westergaard and W. A. 
Slater in the 1921 ProceedingB of the American Concrete Institute, Dr. 
Westergaard continues the discussion in 1926 A,C,L Proceedings with 
'Tormulas for the Design of Rectangular Slabs and the Supporting 
Girders.’’ A theoretical discussion is also given in a paper, *^The Cal- 
culation of Flat Plates by the Elastic Web Method,” by Joseph A. Wise 
in the 1928 A,C,L Proceedings, This is followed by '^Design of Rein- 
forced Concrete Slabs” in the 1929 A,C,I, Proceedings, 

These derivations involve advanced mathematics and result in com- 
plicated equations; consequently even the simple case of one panel simply 
supported on its four edges does not give equations easily applicable to 
commercial use. Continuous slabs give even more intricate results. 



Such analyses are valuable to justify some simple empirical method for 
commercial design. Dr. Westergaard finds from tests that there is a 
relative yielding of the slab at regions of high stress and a redistribution 
of the internal moment of resistance over a section the width of the 
panel due to plastic flow. This moment of resistance may vary theo- 
retically as shown in Figure 128 but the redistribution produces a reduc- 
tion of the maximum value and an increase at points where the moment 
per inch of width is lower in value. Therefore, the bending moments 
given by the complex derivations are not realized in practice and the 
designer uses empirical methods based on such exhaustive analysis as 
Dr. Westergaard’s with due modification to accord with the results of 
tests of full-sized two-way slabs. 

In the past there have been a number of such empirical methods, such 
as the New York or Boston Codes. At present the two in general use 
are the A.C.I. and Joint Committee recommendations. The choice be- 
tween possible empirical methods should be made to fulfill the two 
basic requirements of any empirical method: (1) economical and safe 
results, not too far from the theoretical; (2) simple procedure easily ap- 
plied by a designer who only occasionally uses this type of design. 

TTsing the empirical methods the procedure consists of specification 
of the moments and shear forces to be used in the design. It is cus- 
tomary to design the dab as though it consisted of strips one unit wide 
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spanning in the north-south or east-west direction. Each strip is de- 
signed as though it were a one-way slab and, for bending moment or 
shear, is assumed to be loaded with an average uniform load consisting 
of part of the actual load on the panel. The sum of these average loads 
on the north-south and east-west strips may not equal the total load w 
pounds per square foot. This is due to the fact that the assumption 
of the strips is empirical and does not correctly picture the transfer of 
the loads to the supporting columns. 

The design of a one-way slab also assumes strips of unit width but 
the adjacent strips are loaded similarly and have the same deflections, 
so there are no shear forces or couples perpendicular to the strip acting 
on the sides of a given strip which are due to the greater or less deflec- 
tion of the adjacent strips. The deflection of the two-way slab has a 
double curvature instead of the trough, or cylindrical, curvature of a 
one-way slab; therefore the adjacent strips do not deflect the same and 
shear forces and couples perpendicular to the sides of the strip exist. 
The empirical methods ignore these shear forces and couples and correct 
for them by using a reduced load carried by the strip to its supporting 
beam. It is also customary to design all strips in the central half-width 
alike and to make some reduction of the steel area in the end quarter- 
width. Two-way construction is most economical for square panels and 
does not compare favorably with one-way slabs for rectangular panels 
whose length is greater than 1.6 the short span. 

204. 1940 Joint Committee Two-Way Slab. The 1940 Joint Com- 
mittee two-way slab applies ^‘to slabs (solid or ribbed), isolated or con- 
tinuous, supported on all four sides by walls or beams, in either case 
built monolithically with the slabs. The recommended coefficients, as 
in the case of the design provisions for fiat slabs, are based partly on 
analysis and partly on test data. (In general, the coefficients and 
methods given in these recommendations are based vpon the coefficients 
proposed by H. M. Westergaard, M. Am. Soc. C. Some modifications 
of these coefficients have been made and the serial extended to include 
cases not covered by Dean Westergaard. In m^iring these modifica- 
tions and extensions full consideration has been g|^n to the results of 
available test data.)'' | 

The moment coefficients are given in Table 5 o{|bhe Joint Conunittee 
report given in the Appendix. They apply to unit strips taken in the 
center half-width of the panel. The maximum moment coefficients Ci, 
whether in the long or short direction, are given in the form M « ciiaS^, 
where 

Cl « coefficient from Table S 

IV » total load per unit area 



TWO-WAY AND FLAT SLABS 


(Ceutp, 10 


S « abort span (Spans are taken as the cent6iyta*center distance or 
as the clear span plus twice the thicknea of the slabs, which* 
ever value is less*) 

. .short span 

m » ratio of . 

long span 

Ilie moments axe assumed to be constant for all strips in the center 
half-width and a constant reduced value for the end quarter-widths. 

The maximum positive moment is assumed to occur at the center line 
of the strip, and the maximum negative moment occurs along the edges 
of the panel at the face of the supporting beams. The bending moments 
in the strips in Ihe end quarter-widths should average two thirds of the 
corresponding moments given in Table 6 for the center width. Ihe de- 
tails of fihear stresses, comer reinforcement, and two unequal negative 
moments on opposite sides of a common supporting beam will be dis- 
cussed in Problem 35. 
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206. Deidgxi of a Joint Coxnxnittee Two-Way Slab. Figure 120 gives the framing 
plan of a beam and girder floor i^fystem. The slabs are to be designed as two-way 
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Fia. 129 

slabs* The disousston will consider panels A* B, C, and 2>. The live load equals 
130 lb. per sq. ft and a concrete strength of / « » 2000 ^ lb. per sq. in. is assumed. 
All girder stems are 10 in. wide and all beam stems S in. wide. 

^Beefootnote to Article 32. 





A«r. 2061 DESIGN OP A JOINT COMMITTEE TWO-WAY SLAB 227 


Miwhnuin Depth. By J.C. Aftiole 814 (see Appendix) the tbiekneg s for 

a 6-in. slab in panel D is 

aim] « 

As this is greater than 4 in. and greater than the minimum tbidkness of any other 
panel} it is the deciding value. This equation insures that the defection is not too 
great. 

Assume that the slab has a constant thickness of 6 in. throughout the floor. The 
total load is 130 -f 63 « 193 lb. per sq. ft. It should be obvious, and Table 6 con- 
firms it, that greater moments for each panel will be taken by the strips in the short 
direction. The tabulation below lists the moments in the center width for the short 
spans. Note that the moment coefiScient a is determined from Case 2 for panels B 
and C and from Case 3 for panel D. 


North-South Spans (Short Spans) 


Panel 

A 

B 

C 

D 

Short span, S ft. 

14.33 

14.33 

14.33 

14.33 

Long span, L ft. 

17 

17 

16 

16 

m 

Moment Coefficient ci 

0.843 

0.843 

0.897 

0.897 

Positive 

0.033 

0.039 

0.036 

0.043 

Negative 

Discontinuous negative 

0.046 

0.062 

0.026 

0.048 

0.067 

0.028 



Since all moments are expressed as = ciwS^y the maximum numerical value is 
given for the strip having the greatest value of ci; namely, the negative moment 
at the interior support of panel D. This value is modified by the fact that the co- 
efficient Cl for the adjacent panel (another C panel) is only 0.048. The slab has 


constant thickness and the two short spans are the same, so the j stiffnesses are the 

same. The difference in coefficients equals 0.067 — 0.048 >!■“ 0.009. One third of 
the difference reduces the D panel coefficient to ci » 0.054 Wd increases the coeffi- 
cient of the adjacent panel to ci » 0.061. The minimum ds|^h for a strip 1 ft. wide 
equals 

Negative d * 




064 X 193 X (14.33)* 1 12 


167 X 12 


3.69 in. 


Assuming f-in. bars, minimum h » 3.69 + 0.76 -f 0.26 ^'4.69 in. For positive 
bending the fireproofing for glacial gravel equals 1 .50 in. T||il minimum depth equals 


Positive d 


4 


X 193 X (14.33)^ X 
167X12 


i. 


8.30 in. 


Minimum A - 8.30 + L6 + 0.26 - 6.06 in. ^ 


If the contractor were willing to obtain an aggregate ^^frae from disruptive action 
under high temperatures,’' the fire protection could be reduced to 1 in. and the slab 
d^th to 6 in. Let us assume that he can economically do so to save a half inch of 
concrete throughout the floor. Use 6-in. slab with 1 in. of fireproofing. 
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BiagoiiAl Tendon. J.C. Articles 813 and 815 state that the individual panel load 
shall be distributed to the supporting beam as shown in Figure 130. In the center 

of the slab there are a few 1-ft. slab-strips wholly 
in the areas marked I. The maximum shear 
stress for one of those strips equals 



193 X 1433 
2 X 12 X 0.87 X 4 


34 lb. per sq. in. 


It is, of course, not desirable to use diagonal 
tension reinforcement in a slab. The allowable 
shear stress » 40 lb. per sq. in., so the com- 
puted value is safe, and the 5-in. slab will be 
used. 

Design of Steel for Panel B. The determina- 
tion of steel areas and placement will be illus- 
trated by computations for panel B, Figure 129. 
The short-span steel will be placed outermost for 
both positive and negative bending in all panels. The steel foreman and the inspector 
can easily check its proper placement. In the center half-width the steel area equals 

0.039 X 193 X (14.33)2 X 12 
20,000 X 0.87 X 3.75 

The mo<Ufied coefficient for the negative moment at the interior support is ci * 0.050. 

0.050 X 193 X (14.33)2 X 12 


Fia. 130 


A® 


0.29 sq. in. 


Interior support An 


20,000 X 0.87 X 4.0 


: 0.35 sq. in. 


Exterior support An ^ 0.18 sq. in. 

If |-in. round bars at 8-in. spacing are used for positive steel, two thirds of the 
bars will be bent up over each support. The other third will be straight (Fig. 131). 

The remaining steel at the interior support will come from the adjacent span. 

The long-span steel (east-west) will be figured for moment coefficients of c\ « 0.031 
for positive bending and ci = 0.041 for negative bending (J.C. Table 6), assuming 
§-in. round bars. 


0.031 X 193 X (14.33)2 x 12 
20,000 X 0.87 X 3.25 


0.26 sq. in. Use 9-in. spacing 


An 


0.041 X 193 X (14.33)2 X 12 
20,000 X 0.87 X 3.50 


: 0.28 sq. in. 


Once again, two thirds of the bars will be bent up at both ends and one third will 
be straight (Fig. 131). This gives some excess area at the supports but a simple 
arrangement to be placed in the slab. 

The moments in the quarter-widths near the beam supports can be taken as two 
thirds of the values given by J.C. Table 5. The steel area will be two thirds as much, 
CHT the spacing 1.5 that of the center part This steel is so arranged that there is 
usually one spacing where the two bands join that is intermediate, say about 1.26 
the center spacing. 

806* Comer Steel. J.C. Article 811 (see Appendix) states that extra reinforce- 
ment should be placed at '^exterior comers” of a panel to prevmt cracks in diagonal 
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Section on Pone! Center Line 
(Band D) 

Fia. 131 


directions. In Figure 129 panels B, C, and D have discontinuous edges and * ‘extenor 
comers.” The theoretical analysis of slabs supported on four edges demonstrates 
that extra steel is needed to overcome the tendency of the corner to lift. Cracks 
tend to appear in the top of the slab perpendicular to the diagonal and in the bottom 
parallel to the diagonal. If addition^ steel is placed perpendicular to these potential 
cracks, there will be four rows of steel in a thin slab, so il is customary to add extra 
north-south and east-west bars in the region of the comer (quarter-span). The area 
of steel, if placed perpendicular to the potential crack, should be equal to the short- 
span steel area resisting the positive moment in the cente half-span. The areas of 
steel, if placed parallel to the edges of the panel, are eqiui to this “positive moment 
area” multiplied by the sine of the angle that the ba|; j|nakes with the potential 
crack. This is illustrated in Figures 132 and 133. 




V*f$A, sma f^fsAz^fsAs cosa 
T, •Li sin a •is As sin^a a •^As cos^a 


T,*T2^^A ($m^a +cos^a)*^As*T 


Fia. 132 


Fio. 183 



m 
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The poBiiivB steel area far t^e eent^ half of panel B equals 0.29 sq« in. per ft 
width for the short-^paa steel (northnsouth). The diagonal of this panel makes an 
angle with the 17-ft. side whose sine equals 0.66 and whose cosine is 0.762. The 
potoLtial crack in the top of the slab is perpendicular to the diagonal and there are 
two ^in. bars bent up in the quarter-width for both short- and long-span steel. 

_ foes X4 X4 . 0.76X4X21 

There is available 0.196 1 — J « 0.203 sq. m. per ft 

This is not enough, but one extra bar in each direction will give the required 0.29sq. in. 
The potential crack in the bottom of the slab is parallel to the diagonal and there 
are two i-in. bars in the long-span and one in the short-span direction. The available 

1 o rO-762 X 4 X 1 . 0.66 X 4 X 2' ^ , - m,. 

area equals 0.196 1 “ I , . oo ‘ P®** 

L 1* 14.00 _ 

addition of four extra bars in the shortspan and two extra in the long-span direction 
will give a total area of 0.32 sq. in. per ft 
207* Beam Size. Long-Span EasUWeat Girder, The long-span girder on the inte- 
rior edge of panel B carries a load from panel B similar to area 1 shown in Figure 130. 
An equivalent uniform load to give the same positive maximum bending moment 
in the beam can be computed from an equation in J.C. Article 815. The uniform 
load tTb equals 

itJiS fs — m*’| 

2 J 

From adjacent panel * 1060 lb. per ft 
Estimated stem weight » 180 lb. per ft. 


1060 lb. per ft 


Total 


2300 lb. per ft. 


Let us assume this beeun to be supported by columns 20 in. square. The maximum 
negative moment equals 

tpfi 2300 X (15|)» X 12 
11 


""“IT 


690,000 in.-lb. 

The minimum depth (in order not to use compression steel at the support) equals 


/167 X 10 


19.4 in. 


Minimum h » 19.4 + 2.6 21.9 in. Use 10 in. by 17 in. stem. 


Each pand brings to this beam a load similar to the shaded area I in Figure 130 
which shows the portion of the panel B load assigned to this girder. By the equation 
in J.C. Article 815, the total load equals 


Wi 



13,660 lb. 


The adjacent panel brings in the same load, half of the total being supported at 
each ^d. F « 13,660 + 180 X 16.38 X 0.6 - 16,030 lb. 


_ ^ 16,030 

10 X 0.87 X 19.6 


89 lb. per sq. in. 


Safe. 
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A tee-beam section with stem 10 in. by 17 in. is satisfactory. The design of the 
sted for bending moment and diagonal tension can be completed by following the 
procedures described in Chapter 7. If it is desired to obtain moments or shears 
other than the maximum values, the beam loads should be set up with area I of 
Figure 130 from each adjacent panel used as panel loads. 

Short^pan Notih^ovih Beam. According to the provisions of J.C. Article 815, 
the uniform m on the shortnspan beam is 


wS 193 X 14.33 

3 

From adjacent panel Wb 
Estimated stem weight 

Total 


020 lb. per ft. 

920 lb. per ft. 
140 lb. per ft. 

1980 lb. per ft. 


The maximum negative moment at the first interior column equals 


Mn 



1980 X (12.83)2 X 12 
10 


391,000 in..lb. 


The minimum depth in order to have no compression steel equals 


d 


4 


391,000 
157 X 8 


17.7 in. 


Minimum h •• 17.7 + 2.6 « 20.2 in. Use 8 In. by 16 in. stem. 


The total load to the beam from this panel equals 

193 X (14.33)2 

W. = - -- - ] - 0950 lb. 

4 4 

The maximum shear force at the interior support equals 

V « 0.57512 X 9960 + 140 X 12.83] - |2,600 lb. 

Maximum shear stress v — lb. per so. in. 

xuAmAum V g ^ ^ ^ ^ *U. pci 04 . w*. 

A tee beam with an 8-in. by 16-in. stem is satisfactoi:||[ the steel can now be com- 
puted. The bending of bars and the shear stresses fo^piagonal tension should be 
computed by using moment and shear diagrams for a f^eam load from each panel 
equal to area 11 of Figure 130. ;| 

808. One-Way Slab. A comparison of one-way and i^^way designs can be made 
with the use of panel B. A one-way slab would span in the short direction. If the 
methods of Chapter 3 are used the design results in a 8-in. slab with |-in. round 
bars spaced at 6 in. for the positive steel. There are no i^iort-span beams. Tlieloni^ 
span girder, figured on the same assumptions as above, has a stem 12 in. by 18 in. 
tHie steel can be eomputed as described in Chapter 7. 
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C 0 MPAKI 6 ON OF Designs 



Two-Way 

One-Way 


J.C. 


Volume of slab concrete 



(17' X 14.33'), cu. ft. 

101.6 

122.0 

Volume of beam stems, cu. ft. 

29.5 

23.0 

Total concrete, cu. ft. 

131.0 

145.0 

Slab steel, lb. 

464 

495 

Extra “comer steel," lb. 

50 


This comparison does not include the beam steel, but does include the necessary 
temperature steel for the one-way slab. The use of a two-way slab results in a saving 


in both concrete and steel in the interior panels. For the conditions of panel B there 
is a saving in concrete with the two-way system, but the extra comer steel gives a 
greater total waght of steeL 


FLAT SLABS 

209. Flat Slabs. Flat slabs are a type of floor slab developed in the 
United States wrhich are peculiar to reinforced concrete construction. 
The slab is not supported by beams or girders but transmits its loads 
directly to the columns. The columns are enlarged at their tops into 
capitals to give additional rigidity to the slab-column connection (Fig. 
134). Formerly the ^‘mushroom^’ top (Fig. 1346) was widely used, but 



Fig. 134 

the restriction that the capital diameter c is that portion within a 46® 
tangent to the curve led to the adoption of the 46® cone (Fig. 134a) as 
the usual capital. In addition, the forms for mushroom capitals are 
more difficult to construct. 

Interior columns may be round, square, octagonal, or hexagonal, but 
thqy are usually round. Exterior columns are usually rectangular. The 
capital for an exterior column is sometimes only a bracket which pro- 
jects from the column toward Ihe interior column. The exterior capital 
may project in three directions; this gives greater rigidity to the 
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esierior column in restraining the end span of the continuous slab, 
but the construction is harder to form and may project into the 
window area. 

The slab is much thicker than the beam and girder door slabs and it 
has more steel, but the omission of beams and girders gives 

(a) Shorter story heights for a given clear height. 

(b) Better fire protection with a fiat ceiling and better play for a 

sprinkler system. 

(c) Economical form design covering fiat surfaces. 

(d) A uniform surface for a ceiling from which to hang piping, shaft- 

ing, etc. 

(e) Favorable costs compared with beam and girder fioors for panels 

approximately square with medium to long spans and medium 

to heavy loads. The panels with a large ratio ^ , or panels 

0 

with light load or short spans, are cheaper with ribbed fioor or 

some form of beam and girder construction. 

The fiat slab is often constructed with a deepening of the slab as it 
nears the column capital. This deeper portion is known as the dropped 



panel (Fig. 135). The extra cost of the forms fear a dropped panel fioor 
is usually offset by the saving in concrete in the thinner slab. Figures 
136 and 137 show sections through fiat slab aa^ dropped panel fioors. 
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210. Slat Slab %Btema. Special Sat slab systems have beeo pro- 
tected by i»iteots. Most of these patents hare escpired. The usoal sys- 
tems of steel anangemrait now in use are some form of two-way or four- 
way steel in a flat slab or dropped panel floor. One type uses three-my 
steel with the columns located at the apices of equilateral triangles. 



'This is not a very convenient column arrangement for aisles or for the 
diffumon of light in many buildings. A unique steel arrangement is 
the Smui^ '‘S.M.I.” system of Figure 138. Tlxe darker lines represent 
negative steel in the top of the slab. The S.M.I. design ^ves lees 
ww^t of steel thmi the usual two-way or four-way system. 

211. A.CX Flat ^b. In the past the building laws of different dtiee 
have varied greatly in their flat slab specifications. The Chicago, New 
York, or ihiladelphia regulations gave different minimum thicknesses 
and led to variable sted arrangemmts for economy. The Joint Com- 
mittee Eepmt and the A.C.I. Code give recommendations for a flat slab 
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design which is conservative yet of reasonable economy. Since it bids 
fair to be the basis for future regulations the author will use the A.C.I. 
slab for his illustrative designs (see A.C.I. Arts. 1000-1009 in the Ap- 
pendix). 

The A.C.I. regulations are to be regarded as empirical specifications 
based on a careful analysis modified by the results of tests. The prob- 
lems of moment distribution, defiec- 
tion, bond, and anchorage of the 
steel are handled by empirical spec- 
ifications instead of a theoretical 
analyds. 

212. Statical Analysis of a Flat 
Slab. Let us consider a square inte- 
rior panel with a span of I between 
column centers. It is loaded with a 
uniform load of w pounds per square 
foot, and the adjacent panels are 
likewise interior panels with the same 
load. We shall take as a rigid body 
the half panel (Big. 139) bounded by 
the center line BC, the panel edges 
EB, FO, HC, and the curved lines, 

FE and GH, at the perimeter of the 
column capitals. The column capi- 
tals have a diameter c. 

Since the panel is loaded symme- 
trically, a square foot of floor at J 
will deflect the same amount as its 
opposite K, the other side of the 
center line. Therefore, there is no £lz\/ATION 

tendency for a sliding of the two by ! Pio. 139 

each other at the section BC, and 

there can be no shear on BC. The same line^^ reasoning holds for 
the symmetrically placed areas at L and M ^jacent to the panel 
edge HC. Therefore, there is no shear aloK BE, FO, and HC. 
Ihere is shear on the curved edges EF and 0^, because the column 
capital is more rigid than the adjacent slab deflects less. There- 
fore the load Wi on the half panel is supported by the shear on the 
curved lines EF and GH. 

The resultant load Wi acts on the axis of symixietry XX at the center 
of gravity of the half panel. The half-panel area is the rectangular area 
ABCD minus the two quadrants, AEF and DGH. Taking moments 




TWO-WAY AND FLAT SLABS 


[Chap. 10 


about the edge AD^ the center of gravity is a distance Xo from AD 
equal to 

•LM Wi "* Tii - 2c3 

4 “3(4i*-irc») 

2 8 

If the load equals w pounds per square foot, 

w ^ 

TTi « i/;A « - (4Z2 ~ (180) 

8 

The distribution of the shearing forces along the column capital perim- 
eters is not known. If we deal with the average force, which is equiva- 
lent to the assumption of uniform distribution, the resultant force on 

c 

EF or GH equals ■— and acts at a distance o * - from the diameter 

2 T 

AD, These two forces give a resultant Wi acting on the XX axis at a 
distance a from AD. 

The only other external loadings on the rigid body are bending couples 
at half-panel edges. These are in vertical planes perpendicular to the 
edges. Those along the center line BC are positive bending moments 
Mp. Those along the panel edges BE, FG, and HC are negative mo- 
ments. The negative moments peipendicular to the circular arcs EF 
and GH can be resolved into component couples parallel to those on 
the edge FO and the edge BE. Let Mn be the sum of the couples on 
edge FG plus the parallel components on the curved arcs. 

The load Wi and the resultant Wi of the supporting forces do not 
act at the same point, though both are on the XX axis. They form a 
couple equal to 

r 3Z*-2 c 3 cl rSirl® - 12cl2 + TC®! 

M - - a) - IT. J 

Substituting from equation 180 the value of Wi, 

w cZ^ c^\ 

(3irl® - 12cl® + jrc®) - wl -1- — ) (181) 

24t \8 2ir 24/ 

This couple tends to turn the half panel about some ans parallel to the 
YY axis. If the half panel is in equilibrium the couples Mp and ilfn 
must balance the couple M. In Figure 139 M is clockwise and both 
Mp and Mn are anti-clockwise. Therefore, 


M--Mp + Mn 


(182) 
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The couples along BE and the components on EF parallel to them bal- 
ance those on HC and the component couples on OH. 

Equation 181 can be written as 


M - 



4 c 1 /c 


This is approximated by the equation 


M « Mp + Mn 


8 \ 3]/ Tv ^Vl) 


a83) 


W = load on whole panel = wP 


This approximate analysis by the principles of statics gives values 
greater than the results of tests or of Professor Westergaard^s more com- 
plete analysis. This is due to the fact that the statical derivation does 
not consider the actual deflections of the panel nor the effect of plastic 
flow on the moment distributions. The more exact analyses, modified 
by the study of tests, have led to a reduction of the sum Mp + Mn but 
the general form of the statical moment equation has been used. The 
coefficient of the moment sum has been reduced as follows. 


Moment 

Coefficient 

Statical analysis 0.125 

1917 A.S.C.E. 0.107 

1921 Joint Committee 0.09 


Percentage of 
Statical Analysis 
100 
86 
72 


The coefficient 0.09 of the reduced moment was recommended by Pro- 
fessor Westergaard. The total moment equals 


M 


0.09TFZ 



(184) 


213. Division of Moments of Resistance. £)^ation 182 states that 
the external bending moment M is resisted by internal moments of 
redstance at the sections of maximiun positive and negative bending 
moment. The actual variation of moment in tl|Mse sections can be com- 
puted analytically and has also been checked by lests. Figure 140 shows 
the moment variation as computed by Professor Westergaard for the 
case where the column capital c = 0.251. The (Shaded areas should add 
up to Mn and Mp of equation 182. For design it is customary, as with 
the two-way slal^, to divide the panel into two parts, or strips, and 
assume a constant moment throughout each strip. The midcUe half- 
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qMUl is called the tnid-^p, and the half-span whose center is the column 
center line is called the column atrip (Fig. 141). The A.C.I. Code speci- 
fies the bending moment to iise in each strip. The amounts vary with 
two-way or four-way steel and with flat slab or dropped panel slabs. 
Some latitude is also given the designer, but in general 

•" •jAf and Afn *= ■fAf 

The sted which supplies the tension force for these couples will run 
in an east-west direction (Fig. 139). The north-south steel will resist 
moments found by taking the half-panel cut by the axis XX instead of 
by YY, In a square panel it will be the same as the east-west steel. 



214. Rectangular Panels. The analysis of Article 212 holds fpr a 
rectangular panel, if it is also an interior panel surrounded by similar 
interior panels. In that case the total bending mfiipent on sections YiYi 
and YY for the east-west steel equals (Fig. 142)1, 


Ml 


omwi 



where Mi » moment to be taken by long-cpan #eel. 

The total moment to be resisted at sections ^X and XiXi equals 


Mb 


0.09F6 



where Mb "" moment to be taken by short-span steel. 

21S. Order of Procedure for Design. The suggested order of pro- 
cedure for design requires, as usual, a check of the concrete dimensions 
before any steel is figured. The procedure is 
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A. Concrete DimensioDB: 1. By empirical formulae. 

2. Check^ for fiber stress. 

3. Checked for diagonal tension and shear. 

B. Steel Area: 4. For bending moment. 

5. For minimum and maximum areas. 

6. Placing regulations to cover bond and 

anchorage. 

ILLUSTRATIVB PROBLEM 86 

816. Design of Dropped Panel Slab with Two-Way Steel. Design the interior 
and exterior pan^ of a two-way flat slab using 2000-lb. concrete for the floor system 
of Problem 17. In Figure 61 (Art. 121) assume that the alternate column rows are 
left out, giving column spacings of 29 ft. in both directions. The live load is 130 lb. 
per sq. ft. 

Assume interior columns of 28 in. diameter; the exterior columns will be 24 in. 
square to fulfill the requirement of 1928 A.C.l. Article 11055 that the least dimension 
of exterior columns must be not less than one fifteenth the average center-to-center 
span.. The plan view of the exterior and adjacent interior panel is given in Figure 141. 

217. Minimum Thickness. A.C.l. Article 1006 (see Appendix) gives a reqiiire- 
ment to avoid excessive deflection. 

Minimum ^ » 8.7 in. Assume 9-in. slab. 

40 40 

816. Depth to Satisfy Fiber Stress. The column capital c is usually assumed to 
be 0.202 to 0.252, with 0.2252 giving a good trial size. Assume a column capital 
c » 80 in. « 0.232. In the past a minimum dropped panel width of 0.352 was re- 
quired. Let us assume a square drop of 10 ft. 6 in. on a side. Formerly the dropped 
panel thickness 2i had to be within 1.252 and 1.52, where 2 is the thickness of the slab. 
This would require 2i to be between 11^ and 13| in. The present A.C.l. Article 1006 
merely permits a maximum increase 2i — 2 of one fourth the distance from the edge 
of the capital to the edge of the dropped panel. The maximum thickness h » t + 

03 .. 4Q 

—— .. 9 + 5.76 "■ 14.75 in. Let us assume a thickness h 11.5 in. The load 

4 

W on the panel equals 

Live toad - 130 X (29)* - 109,000 lb. 

9-in. slab - 113 X (29)* - 96,000 
2.5.in. drop - 31 X (10.6)* - 8,000 

Total toad - 207,000 lb. 

By A.C.L Article 1003, 

+ 0.09 X 207,000 X (29 X 12) (1 - f X 0.23)* - 4,660,000 in.4u 

This moment is divided between the positive and negative moments. In each case 
it is assumed to be constant in the cdumn head and mid-sections. The suggested 
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division is listed in the three tables in A.C.I. Article 1004 and is tabulated bdow 
for this problem as a decimal part of Mo. 



Negative Moment 

Positive Moment 


Column 

Mid 

Column 

Mid 

Interior panel 

0.60 

0.15 

0.20 

0.15 

Exterior panel 

Int. 

Ext. 

Int. 

Ext. 



East-west span 

0.65 

B 

0.166 

0.10 

0.25 

0.19 

North-south span 

0.126 * 

0.16 

0.06* 

0.15 


• Half-strip. 


The coefficients for the interior panel and the mid-strips in the exterior panel paralld 
to the discontinuous edge (north-south) are taken from Table 1004a. The north- 
south strips in the exterior panel are spanning an interior span. The coefficients 
for the half column-head strip adjacent to the discontinuous edge ^re taken from 
A.C I. Table 1004c. The coefficients for the strips in the exterior panel perpendicular 
to the discontinuous edge (east-west) are taken from A.GLl. Table 1004t. 

The exterior span, perpendicular to the exterior wall, is often made less than the 
interior spans to offset the increase in moment coeffidentl. 

Slab. It is apparent from Figure 141 that the sections filong FE, ED and IH cut 
through the thin slab only. The maximum moment co^cient for these sections, 
positive and negative for the mid-strips and positive for the column strips, is 0.25 
for the east-west column-strip positive moment. The minimum depth for this 
strip, 14.5 ft. wide, is 

0.25 

i 157 X (14.5 X 12 X 0.71^ “ ' 

Notice that A.C.I. Article 1003c states that compres^ve stresses are figured by 
using only three fourths the width of the strip. This is |i.n arbitrary method of in- 
suring a sufficient depth and supersedes empirical fo^ulae for minimum depth 
formerly used. Assuming J-in. rounds, the minimulii thickness < « 7.5 + 1.6 
4- 0.38 « 9.4 in. Change slab depth to 9.6 in. Correcliid weight W « 212,000 lb. 
and corrected Mo « 4,760,000 in.-lb. 

Dropped Panel, The maodmum negative moment in thle column strip acts on the 
section (Fig. 141). This section is shown in Figure 1^ The shaded compression 
area is tee shaped, but the broader part is near the neutral axis. We have not d^ 
veloped an analytical treatment for this case of a tee-beam section. The areas OP 

























TWO-WAY AND TLAT SLABS 


{Giur, 10 


m 

and QE beyond the dropped paxiel are not large and have low streales. We riudl 
be on the safe side, and not too wasteful, if we neglect them and figure the compres- 
sion area as a rectangle PQ, the width of the dropped panel. A.C.L Article lOOfie 
confirms thin. 


ComM 



The mganmum ooeffid^t for the negative moment in the column strips is 0.66 for 
the east-west strip in the exterior span. There are two layers of steel crossing at the 
top of the dropped panel but we shall assume a steel placement schedule that puts the 
eastrwest steel above ^e north-south. The clearance tx-^d ^ 0.76 + 0.38 1.13 in. 


Minimum d 


4 . 


0.66 X 4,760,000 
167 X (126 X 0.76) 


13.27 in. 


The thickness h » 13.27 + 1.13 14.4 in. The A.C.I. Article 1006 

TnATimum thidmess h » 9.6 + 6.76 « 16.26 iiL Use a drop panel thickness t\ « 
14.5 in. The corrected weight W » 216,000 lb. and corrected Mq « 4,860,000 in.-lb. 

Slfi. Diagonal Tension and Shear. The designer does not wish to supply diagonal 
tension steel in a slab. Therefore, the slab depth must be great enough to give shear 



stresses, or ^^equivatoit tenshm,^^ that the conereta can carry. If this Is done the 
trim shear) will be satisfactory, since its aJlowaMe value is a » 0.0^« 

for sections crossed by longitudinal steel. The trim shear k a tendency of the slab 
totifakby thooohiinnonssotionAB Diaicintitsnttonwifinctoeimrat 
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AB, but at the fixctt eeetion from which a csraok can run throufi^ the slab. This is 
at section E. Assuming a 45* angle for the crack EB, the section B at which the 
crack starts is a distanced from the capital. The section E is therefore the perimeter 
of a ctrcle c -f 2d in diameter. A.C.I. Article 807 speciBes that this perimeter be 
checked for shear by using d » f — 1.5. Each interior column supports the slab 
halfway to the next column. This is an area 29 ft. square. The shear force V at 
section E will be due to the load on the portion of the area outride the perimeter LMN 
(Fig. 141) whose diameter equals 80 + 2 X 13 106 in. » 8.83 ft The average 

1 j ^ X L i. 1 ^ 216,000 

load per square foot can be taken as to « — ■» " " “ ft 


V m 


kfd 


(r X 106) X 0.87 X 18 


53 lb. per sq. in* 


The allowable shear stress can vary between v » O.O 25/0 and v *« O.O3/'0, according 
to the percentage of colunmnstrip negative steel passing directly over the column 
capital. This steel will be unifonnly spaced over the column-strip width of 14.5 ft. 
The per cent crossing the column capital will be found from the ratio of the widths 
80 in. to 174 in., or 46 per cent. The allowable stress (A.C.1. Article 807) equals 

» « O.O2fif'0 -f- UiOMBfc) » 50 + 0.84 X 10 « 58.4 lb. per sq. in. 


The diagonal stresses are safe in the dropped panel. 

Slab, The slab is checked for diagonal tension at section F (Fig. 144); d « ^ — 
1.5 * 9.5 — 1.5 « 8.0 in. is used. The perimeter of seotion F is that of a square 
with sides of 126 + 2 X 8 » 142 in. « 11.83 ft. 


257[841 - (11.88)»] 

4 X 142 X 0.87 X 8.0 


46 lb. per sq. in. 


Allowable stress v *■ 0.03/ « 60 lb. per sq. in. Safe. 

A,C I. Article 8076 states that 50 per cent of the negative steel in the column strip 
must be within the width of the drop panel. Since this ilteel is evenly spaced the 
relative amount of steel will be found by the ratio of i||dths, 10.5 ft. to 14.5 ft., 
which is 72.5 per cent. , ; 

The concrete has now been checked for deflection, fib^ stress, and diagonal ten- 
sion; BO the slab thickness of 9.5 in. and dropped panel lljbkness of 14.5 in. will be 
definitely adopted. 

220. Steel Areas lor Fiber Stress. Table A gives the eihputations for sted areas. 
An average value of d has been used in the interior pami| iKrherever the north-south 
and east-west steel are on the same ride of the slab, lu^e exterior panel it is as- 
sumed that the east-west steel is placed first (lowest) with the north-south steel 
above it. J 

The steri placnoent is shown in Figure 145. The pK»mnt code merely sperifies 
that the bare shall be evenly spaced across the full width of the strip and shall pro- 
vide for bending moment and bond stresses at all sectkms. More definite insi^o- 
tioDS for the ^experienced designer are gpven in the eideact from the 1928 A.C.I. 
Code in the Appendix. These recommendations provicfo for a suitable steri distri^ 
bution to avoid crarics in the slab and to avoid bond computations. 
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Placement, The steel in the column strips should provide 0.4 of the positive area 
in the form of bar A of Figure 146. At least one third of the area should be straight 
bars in the bottom as bar B. Since the negative areas are quite large, the minimum 
of bars B will be used and all the rest will be bent as bars A. Counting the bars A 
that come from the adjacent panel, the full area required is usually not satisfied and 
it is necessary to add additional top bars as bar D, 

In the mid-strip at least one half of the steel must be like bars E of Figure 146. 





n 
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Imm 


Bl 
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na 

WSSJFSM 


WFnjrum 

\wm 



WTrinmm 


ffp/r 

Column 

Strip 



Inferior Panel 


Steel Reinforcement 

Fig. 146 


Mid'Ship 


Column 

Strip 


Irderior Parcel, In the column strip for positive steel use = 6 bars B. Use 
17 — 6 = 11 bars A. Use no bare C. At the line of maximum negative moment 
there are now 2 X 11 « 22 bars A. Add 3 bare D, Total negative bare equal 
2 X 11 + 3 « 25 bars. 

In the midnstrip for positive steel use » 7 bare E and 7 Wrs F, At the line of 
maximum negative moment there will be 2 X 7 » 14 bare Bj iSnly 12 are needed. 

Exterior Panel, East-West Steel, In the column strip for po^tive steel use ^ 7 

bars H and 14 bars G (Fig. 147). At the exterior support th^ will be 14 bare 0; 
add 9 bare J for a total of 23 bare. At the interior line of maxj^um bending moment 
there are 14 bare 0 plus 11 bare A. Add 3 bars D to give a of 28 bare. 

In the mid-strip for positive steel use ^ » 8 bars X, pWS bare M, At the ex- 
terior support there will be 8 bare K, which is sufficient. |l.t the interior line of 
maximum moment there are 8 bare K and 7 bare E for a ttttal of 15 bare; 13 are 
needed. i 

Exterior Panel, North-South Steel, The half-column strip^jiin the interior column 
ride wiU be identical with that of the interior panel; this is also true for the steel in 
the mid-strip. 

The half-column strip adjacent to the wall beam will have 2 bare B and 3 bare A 
for positive steel. At the line of maximum negative moment there will be 3 + 3 6 

bare A. which is the required amount. 
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Thd greatest spacing of these bars oecurs for the east-west steel in the mid-strip 
of the exterior panel at the exterior support. Eight bars are spaced eTenly in a 
width of 174 in., or an average isg’acing of about 22 in. This does not exceed 3 X 
9.5 - 28.5 in. (A.C.I. Article 10085), 



Mid -strip 

Minimum Bar Lengths 


inferior Pone! 

Fia. 146 

lAfitvffii ef Bora. The present A.C.L Ck>de does not give detailed instruction for 
determining bar lengths to satisfy bending zooment and bond. Until experience is 
gained the designer may well follow the recommendations of the 1928 A.C.I. Code. 
These are summarised in i^lgures 146 and 147. In certain cases two minimum anch- 
orages are given^ so the greater value h used. Bars proportioned to these require- 
ments are not checked for bond or anchorage. 
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82L WtU Beam md Cdumiii. It has been assumed that the waU beam has a 
depth greater than 1.5 times the slab thickness (1.5 X 9.5 •• 14.25 in.). By A.C.I. 
Table 1004c this beam is designed for whatever wall or window loads are brought 
directly upon it plus a uniform load of one quarter of the total live and dead load 



Minimum Bar Lengths 
interior Pane! 

Fig, 147 


on the exterior panel. The beam has a flange on one si^ onlyi whose minimum 
lengths are given by A.C.I. Article 7056. The section is a^e shaped and not sym- 
metrical about the plane of loading. It is designed by tba usual procedure for tee 
beams and possible shear stresses due to torsion are usually ne^cted. 

The interior columns are usually droular and, in this case, the exterior columns 
are rectangular. The methods of design of columns are discussed in Chapter 11. If 



24 » 


TWO-WAY AND MiAT SLABS 


[Chap. 10 


the building k ooneidered as an dastie frame there will be bending moments in the 
interior columns as well as the exterior. Methods of elastic frame analysk are 
discussed in Chapter 14 

ILLtJSTRATIVB PBOBLBM 87 

888. Design of Flat Slab with Four-Way SteeL Problem 36 illustrated the usual 
flat slab design using dropped panels and two-way steel. For comparison of results 
the floor system of Problem 36 will be designed for a slab of constant thickness with 
fotuvway steel. Let us tentatively adopt a column capital c » $0 in. diameter. 

Minimum thickness < » » 9.66 in. Assume a 10-in. slab. 


Interior panel: W « 214,000 lb. and Mo « 4,810,000 in.-lb. 

Moment Cobppicibntb op Mo 


Interior panel 

Negative 

Positive 

Column Strip 

Mid-Strip 

Column 

Mid 

0.46 

0.16 

0.22 

0.16 

Exterior panel 

Int. 

Ext. 

1 

Int. 

Ext. 



East-west span 

0.60 

0.41 

0.176 

e.io 

0.28 

0.20 

North-south span 

0.115 ♦ 

0.16 

0.055 * 

0.16 


* Half-strip. 


Minimum depth for fiber stress (0.50Afp) : 
Increase to < 13 in. TT « 246,000 lb. 

Then d 11.63 in. and t » 12.76 in. 

228. Diagonal Tension. Average load w <» 
perimeter of 80 -f 2 X 11.6 « 103 in. is 

293(841 - 0.786(8.58)^1 
* “ (» X 103) X 0.87 X ll.« 


d - 10.83 in. I - 11.96 in. 

JIf, - 6,630,000 in.-lb. 

293 lb. per sq. ft. Shear stress on a 


— 70.7 lb. per sq. in. 


As before, allowable v « 58.4 lb. per sq. in. There are three possible remedies. 

1. Increase the capital diameter. 

2. Changs the mix. 

3. Deepen the slab. 
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/ncreoee qf CapiUd Diameter, This ohazige may remedy designs that are not greatly 
overstressed. If the capital is made the usual value c « 0.25Z » g 7 

the computed shear stress v «« 05.6 lb. per sq. in. Now 50 per cent of the column- 
strip negative steel crosses the column capital and the allowable stress v » O.OS/c « 
60 lb. per sq. in. In this problem the increase in column capital is not sufficient. 

Increase of Capital Diameter and Depth of Slab, If the nrifl-vimnm capital diameter 
of 87 in. is used, an increase of slab tMckness to 14.5 in. gives a shear stress of e « 
60 lb. per sq. in. and an allowable stress e » 60 lb. per sq. in. 

224b Cha^e of Mix. Assume a mix / © « 2600 lb. per sq. in. and the original 
column capital of c « 80 in. The shear stress remains v » 70.7 lb. per sq. in. The 
allowable stress equals 73 lb. per sq. in. 

The choice is between 

1. An increase of the mix to 2500-lb. concrete. 

2. A capital c « 87 in. and slab t = 14.5 in., using 2000-lb. concrete. 

The decision would be given to the cheaper of the two. It is possible that the in- 
creased cost of the mix will be less than the cost of an increase of slab depth of 1.5 in. 
with the resulting decrease in steel areas. However, in order to compare the present 
results with Problem 86 we shall continue to use the 2000-lb. concrete, column cap- 
ital c « 87 in., and slab thickness t » 14.5 in. It will be noticed that the slab 
thickness is now the same as the drop panel thickness of Problem 36. 

226. Steel Areas for Fiber Stress. Table B gives the computed steel areas. The 
corrected value of Mo “ 6,700,000 in.-lb. In the interior panel an average value of 



Fiq. 148 














^hhffsfnp ** Already determined *2 bands from inferior pane! 
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the depth d is used for oolunm-strip negative and mid-strip ppsitive steel, so that all 
north-south and east-west bands will be alike. In the exterior panel it is assumed 
that the east-west steel is placed above the north-south. Notice that at several 
sections the requirement of a minimum per cent determines the steel area used. 

The steel arrangement consists of direct bands in the north-south and east-west 
column strips (Fig. 148). There are also four diagonal bands crossing the sections 



or maximum negative moment in the column strips and twi^iliagonal bands crossing 
the line of positive moment in the mid-strip. The negativ|^ mid-strip steel consists 
of shor bars placed in the top of the slab. 

IrUeriar Panel* The order of procedure is: ,| 

1. Positive column-strip steel. This is supplied wholly ^ a direct band. Since 
there are four diagonal bands also crossing the line of nebtive moment, only the 
minimum of bar A (Fig. 149} will be bent up in the direc^and in the endeavor to 
balance the number of bars in direct and diagonal bands al the column. Use 13 X 
0.4 « 6 bars A, and 7 bars B (or -V " 5 bars B and 2 bars C). 

2. Negotm cdlumtirstrip steel is supplied by two direct bands and four diagonal 
bands from this and the adjacent panels. There are 12 bats A crossing perpendio- 
^darly the line of maximum negative moment. The remaining area to be supplied 
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by four diagozial bands equals 12.33 5.30 » 7.03 sq. in. The pull in a diagonal 

bar in the diagonal direction equals /«A« pounds (Fig. 150). This is resolved into 
component pulls in the east-west and north-south directions. They are respectively 
/til« 006 and f§A$ cos $ 2 * The required area in one diagozial band is then computed 
and eqmds 6 bar E. This is a good balance with the 6 bar A in the direct band. 




/ A W 
/ \ 
5 / 1 , i — 

\VJ' 
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3. The positive mid-strip steel is supplied by two diagonal bands. Each band 

5 33 

must have an area 2.67 « A* cos 45°. The area A, = 3.77 sq. in. This b 

given by 9 bars. The minimum number of bar E is 0.4 X 9 « 4 bars. From the 
design of paragraph 2 we use 6 bars E and 3 bars F, 

4. The negative mid-strip steel consists of 14 bars O in the top of the slab. 

Exterior Panel, EaeirWest Strips. The same procedure is followed for the exterior 

panel (Fig. 151). 

1. For positive column strip steel use 0.4 X 17 « 7 bars H; ^ Q bars I; and 
4 bars /. (If fewer types of bars are preferred, use 7 bars H and 10 bars 7). 

2. For negative steel at the interior column we have provided 6 bars A -f- 7 bars H 

in the direct bands. In addition there are two diagonal bands from the interior 
panel, each bringing in 6 bars E, The total area of these bars equals 9.50 sq. in. 
The bars M in the two diagonal bands of the exterior panel must supply an area of 
13.50 — 9.50 4.00 * A« cos 45°. Then A, « 5.66; use 2.83 sq. in. in each band, 

or 7 bare M. 

At the exterior support there are 7 bars H, 4 bars J, and 14 bars M. Their area 
equals 0.442(11 + 14 X 0.707) » 9.25 sq. in. The total area required is 11.07 sq. in.; 
supply the remainder as 5 bars L. 

3. The positive mid-strip steel area of 6.35 sq. in. is supplied by two diagonal bands. 
Each band should have 9 bars; use 7 bars M and 2 bars N. 

4. The negative mid-strip steel will be supplied as 14 bars F. 

Exterior Panel, North-South Steel. The north-south steel in the exterior panel is 
spanning an interior span. The diagonal bands have been determined by the east- 
west areas and the north-south direct bands will supply whatever is needed in addi- 
tion. The direct columnnsitrip steel over the first interior columns will be made the 
same as the interior panels. 

1. The half column-strip adjacent to the wall beam will have as positive steel 
7 X 0.4 « 3 bars A and 4 bars B. 

2. The negative steed area in the half column-strip consists of 3 X 2 « 6 bare A 
plus 7 X 2 X 0.707 « 9.9 bars M, giving a total of 15.9 X 0.442 « 7.00 sq. in. 
The required area equals 3.18 sq. m. 
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3. The posUm mid^p steel should equal 5.33 sq. in. There are available 18 bars 
in the two diagonal bands, or 18 X 0.707 X 0.442 » 5.62 sq. in. 

4. The negative midstrip steel will consist of the usual 14 short bars G, The sted 
is dimensioned in Figure 148. The bands are 0.4Z wide. If bands of this width are 



Fio. 151 

plotted on the panel plan, it will be seen that they covei^, the whole surface. The 
^onomical order of placing the steel should be detennine4' by consultation with the 
steel foreman or the superintendent on the job. 

286. Comparison of Design Results. The following tabulation compares the re- 
sults of the two designs of Problems 36 and 37. It shows that there is 613 cu. ft. less 
concrete in the two panels for the drop panel floor but the steel in the drop panel 
type is in excess by 290 lb. It is probable that the cost of the excess sted plus the 
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txtn form oost of fnuning around the drop panel will not equal the aaving in eon- 
Crete oast Thetefcne, the drop panel two^ay design is probably the mm eco- 

TtJVTnim^. 


Quantities for 1 Interior 
and 1 Exterior Panel 

Drop Panel; 
2-Way Steel 

Flat Slab; 
4-Way Sted 

Slab concrete, cu. ft. 

1422 

2036* 

Steel— interior pand, lb. 

3440 

3280 

Steel — exterior panel, lb. 

3530 

3400 

Total Steel— two panels, lb. 

6970 

6680 


* Also am 87-m. capital, instead of $0 in. 

A discussion of the proper moments to use for fiat slabs whose spans in either 
direction are markedly unequal is j^ven in Chapter 14. 
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COLUMNS 

227. Columns. The column in many respects is the most important 
unit of a structural frame. A slab panel or a beam may often fail with- 
out serious consequences, but the failure of a column endangers the 
whole structure. Therefore, columns must be carefully designed and 
conservative allowable stresses must be used. 

The floor systems discussed in previous chapters are supported by 
columns or walls. A wall may be regarded as a column of great width. 
Therefore, the design of floor supports may be covered by a general dis- 
cussion of colunms. 

In reinforced concrete construction the type of column used varies 
from plain concrete to structural steel columns. The types may be 
listed as: 

1. Plain concrete. 

2. Concrete reinforced with longitudinal bars and ties (Fig. 152a). 

3. Concrete reinforced with longitudinal bars and spiral steel (Fig. 

1626). 

4. Composite columns of structural steel or cast iron within the spiral 

steel of a type 3 column (Rg. 162c). 

6. Combination columns of structural steel covea^d with concrete for 
fireproofing. The steel column is usually wrapped with wire for 
bond with the concrete (Fig. 152c0. 

6. Structural steel. 

228. Stresses in Columns. It has been previouifly stated in the dis- 
cussion of the use of compression steel in beams isi^hapter 6 that tests 
of members in compression show the marked ^pct of shrinkage and 
plastic flow upon the residual steel stresses at tip end of 2 years, or 
more, of loading. Until about 1935 it was the qj^m to design mem- 
bers for the stresses due to the loads and to speo^ an allowable stress 
low enough so that the readjustments due to shnikage and flow would 
not cause failure of the member. The reinforced concrete column is a 
typical compression member, so it is natural that the substitution of 
empirical methods of design based on tests for the former practice should 
be flrst employed for columns. The present A.C.I. and Joint Committee 
Codes recommend such empirical equations based on a comprehensive 
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Section 




(^> Sections 

Fig. 162 


series of tests made by the American Concrete Institute cooperatively 
at the University of Illinois and Lehigh University about 1930. The 
separate analysis of columns for shrinkage and plastic flow stresses is 
discussed in Chapter 9; the analysis for so-called ^^elastic stresses'' due 
to loads is covered in this chapter. Therefore the residual stresses at 
any age can be computed, if the necessary strain coeflicients are known, 
for comparison with the present empirical equations. In this chapter 
the derivation of the elastic stresses will be given first, then the empirical 
equations. 

229. Distribution of Stresses Due to Loads. The analyses of the cross 
sections for maximum fiber stresses are divided into two cases: 

A. A normal force N applied at the center of gravity of the section. 
It is assumed for this loading that the stresses are uniformly 
distributed. 

6. A normal force N acting at some distance e from the o^ter of 
gravity. The stresses are eussumed to be uniformly varying. 

1. The neutral axis is outside the section and all stresses are 
compressive. 
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2. The neutral axis lies within the section and there is tension 
over part of the section. 

In this chapter the stress analysis will be discussed for the different 
types of reinforced concrete columns when subjected to any of the three 
cases of stress distribution. 


PLAIN CONCRETE 

230. Plain Concrete Columns. Plain concrete columns are seldom 
used, because such compressive members are limited in height to 5 or 6 
times the least thickness t to avoid the possibility of bending or buckling. 
If such a short strut is used, the load must be nearly axial as there can 
be no tension in any section. When the neutral axis is at the edge of 
the section, the greatest eccentricity of loading for a rectangular section 

i 

equals c . The resultant N of the uniformly varying stress acts at 
6 

2t . t 

— from the neutral axis and hence - from the center line of a rectangular 
3 6 

section. 
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231. Stresses Due to Axial Loads. The derivation assumes, as in the 
beam analyses, that there is a partnership between the concrete and 
steel. Both are in comprea^n, and their strains e must be the same; 
otherwise the steel will slip. Equating strains gives 


ea 



ee 


L 

Eo 


r. = - r,fc (185) 

Ec 

Assume any column section with a normal load If acting at the center 
of gravity of the section (Fig. 163). The force is supported by the 
sum d the compressive forces in the steel and th| concrete. Let 

•I’ 

A s total area of the column :> 
p »■ steel ratio = 


N - fAc +/U. - fM - A.) + 
N~SA[i-v + «Pl - /<4[1 + (» - Dpi 


( 186 ) 
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^ Transformco 
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232. Tnmsfonned Section. The method of solution by use of the 
transformed area (Art. 22) gives identical results. When a section of 
''equivalent concrete” (Fig. 163e) is xised, tiie steel is removed and nA, 
« npA areas of concrete substituted in the proper position to give the 
same area and moment of inertia. One area ^ the hole left by the 
steel, and (n — 1)A.« areas are added as fins ssnnmetrically placed about 
the YY axis, if bending or buckling is expected about this axis. The 
total area Ag now equals the area of the original column plus the fins, or 

Ag >=> A + (n — 1)A, ■■ A. 4- (« — l)pA “ All + (» — l)p] 

As the stress is uniform, 

N^-fA,~M[l + in-l)p] 

238. Bmiriliical Formulae for Axial Load. The A.C.I. tests determined 
that the load N' canied at failiue by a tied coliunn was closely approxi- 
mated by the equation 

N' ^OMfcAc+fyA, (187) 

Since fe is the compressive strength of a 6-in. cylinder 12 in. hig^, 
the reduction to O.SBfe allows for the greater length-thickness ratio of 
the usual column. Frdlure occurs when the concrete fails in compres- 
sion and the steel has reached the yield point stiess/y. Failure may be 
due only to application of load, or it may be due to the long-time appli- 
catum of a less load, or to thorough drying out (duinkage) phis a long^ 
time load aj^Hoation. 
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For purposes ot design the failure equation is modified by factors of 
safety: 

N - A(0.1^, + 0.3^„p) (188) 

The stresses in concrete and steel no longer obey equation 185, as shrink- 
age and fiow have changed this elastic relation. 

234. Long Columns. Columns which are exceptionally long will fail 
at loads less than that given by equation 187. The design load that 
such a long column can safely carry is obtained from equation 188 by 
use of a load-reduction formula, involving the slenderness ratio, «iwii1«i.r 
to the familiar stress reduction formulae used in steel and timber design. 
In A.C.I. Article 1107, a long column is defined as one whose length 
exceeds ten times its least cross-sectional dimension and 

JVj- Jv(l.3 -0.03^^ (189) 

where Ni =■ safe load for long column 

N <= safe load for short column by equation 188 
h “ unsupported height 
t » least cross-section dimension. 

236. Economy. It is possible, by varying the mix, steel, and size, to 
design a great number of column sections, all of which will carry a given 
load safely, but only one will be the cheapest. For the true reinforced 
concrete column (types 2 and 3) the illustrative problems will discuss 
economical design. The contractor is interested in the cheapest con- 
struction costs for his columns; but the owner, who is purchasing floor 
space, is also interested in having small columns^ This interest is, of 
course, quite apart from the occasional necessity o£;having definite clear- 
ances for machinery, aisles, etc. The cost compai^n from the owner’s 
point of view should include allowance for all floeir surface in excess of 
that given by the column of least cross-sectional ^(ea. 

Many city building laws allow a reduction of live load for certain 
buildings if the column in question carries more^l^ran one floor. The 
reductions specified by the New England Buildiw- Officials Conference 
are given m the Appendix. | 

nXUSTRATIVE PROBLEM ^ 

\\ 

2d6. Design of Column with Longitudinal Stool and Axial Load. Design 
an interior column whose unsupported length is 16 ft. for an axial load at the top 
section of 800,000 lb. 

The interior columns of beam and i^er floors are usually square; flat slab col- 
umns are round. Assume a square column. Equation 168 has thm unknowns; 
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8use» mix, and steel ratia. Aasrume for the first analysis the rich mix of / ^ » 5000 lb. 
per sq. in. and a yield point of the steel /y » 50,000 lb. per sq. in. 


Long or Short Column, 


The ratio - must not exceed 10 for short columns. 


Col- 


Mommwn and Minimum Areas, The bottom section has the greatest load N, 
Assuming the column to be ^^short*' and to weigh 5000 lb., equation 188 becomes 

303,000 « At900 + 16,000pl 

The steel ratio can vary between 1 and 4 per cent. Substituting the limiting ratios, 

If p « 0.01, A ■» 286 sq. in., t ■» 16.9 in. 

If p «■ 0.04, A « 197 sq. in., t « 14.1 in. 

A 15-in. or 16-m. column can be used. Either one is a ^4ong” column. Let us 
adopt a 16-in. column, weighing 4300 lb. By equation 189 this column will be de- 
signed as a short column carrying the increas^ load N of 

304,300 » Nll.3 - 0.03 X Wl 

iV'« 324,000 lb. 

Then 

324,000 « 256(900 + 16,000p) 

p « 0.0228 and » 0.0228 X 256 » 5.84 sq. in. 

In order to keep a symmetrical arrangement of steel, the bars in a square column 
should be in multiples of four. In a round column any number over four with a 
minimum diameter of f in. may be evenly spaced around a perimeter. The possi- 
bilities for this column are 

Four l^-in. squares with area » 6.25 sq. in. 

Eight 1-in. rounds with area » 6.28 sq. in. 

Twelve |-in. rounds with area » 7.21 sq. in. 

Use four 1^-in. squares. Assuming in this case that the total height of the column 
is 18 ft., the steel is 30 diameters longer (A.C.L Art. 1103c), or 21 ft. 2 in. long. 
A.C.I. Article 1104& states that the ties shall not be smaller than i in. This is a 
light bar to restrain a ij-in. rod from buckling. For this design we shall use as a 
sin^e tie for four rods: 

|-in. ties with f-in. bars 

f-in. ties with f-, and 1-in. round bars 

|-in. ties with 1-, 1^-, and ij-in. square bars 

Use ^-in. ties, whose spacing must not exceed 

16 bar diameters 20 in. 

48 tie diametere «> 24 in. 

Least column dimension 16 in. 
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Use 16-in. spacmg. Figure 154a shows the steel arrangement in the section. If 
8 bars are used additional ties must be added as in Figure 1545; the ties for 12 bars 
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are shown in Figure 15^. These additional ties add to the labor and cost of wiring 
the column steel, in addition to interfering with pouring concrete down the 16-ft. 
height. There is every incentive to use a few large- 
sized bars. When additional ties are used the tie 
sizes can be made smaller than for a single tie. It 
is suggested that the tic size be then made large 
enough so that it does not reduce the tie spacing: 
in other words. 


J-in. ties with |- and f-in, bars 
|-in. ties with f - to 1 J-in. bars 


t4- 

n 


rzr^- 


lO^dia. 
t 


§-in. ties with l|-in. bars 


We have been designing a section such as AA in 
Figure 155. The steel in this column ends at this 
section and cannot carry load. It docs reinforce 
the sections such as BB which are nearly as heavily 
loaded. At section A A the steel from below must 
supply the reinforcement and must have an area at 
least equal to 5.84 sq. in. 

287. Cost. Let us assume: 

1. Concrete costs 45 cents per cubic foot. This 
includes materials, labor, and plant costs for miidng 
and placing. 

2, Forms cost 18 cents per square foot. This 
includes materials, and labor cost for making, erect- 
ing, stripping, and repairing. 

8. Steel costs 4 cents per pound. This includes 
material, labor, and plant charges for bending and 
toeing. 


B 
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Fra. 155. Column Elevation 
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Cost per column for 18 ft. height equals 

1. Concrete X 18 X 0.46 - $1440 

2. Forms 4 X iS X 18 X 0.18 » 17.28 

8. Steel, 

longitudinal, 4 X 21.17 X 6.31 - 460 lb. 
ties, 12 X 4.67 X 0.67 « 38 lb. 

488 lb. X 0.04 « 19.62 

Total - $51.20 

For comparison, Table C gives the designs for 2000-, 2500-, 3000-, 4000-, and 
5000-lb. concretes using high and low steel ratios. It will be noticed that when a 
sise larger than the maximum limit is used, steel equal to p » 0.01 must be used. 
In certain cases the commercial sted is much in excess of the computed amount. 
The steel must have the minimum spacmgs of A.C.I. Article 11036 (see Appendix). 
Assuming the ratio of total building cost to total floor area to be $2.00 per sq. ft., 
the cost comparison includes an allowance for the ^'excess floor area.^’ Assume 
also that 


2006-lb. concrete costs 35 cents per cubic foot 

2600 ” ” 

u 

37 

tt 

tt 

tt tt 

3000 ” 

« 

39 

tt 

tt 

tt tt 

4000 ” 

a 

42 

it 

tt 

tt tt 

6000 ” “ 

« 

45 

it 

tt 

tt tt 


It will be noticed that the stronger mixes are cheaper than the weaker. It is also 
usually true for a given mix that the low steel ratios are cht^per, because compression 
steel is not economical Professor Lyse ^ proves that Ihe statement *^the richer 
mixes are cheaper” may be made general regardless of th^ load. 

238. Elastic Stresses. Equation 186 enables one to compute the 
stresses due to loads only. It is as easily manipulated as the present 
empirical equation 188. For example, if one che^ the design in Table 
C for the 3(XX)-lb. concrete by equation 186, thi results for the 21-in. 
column with eight ^l-in. round bars are 

807,400 - X 441 [n- 9 X 

fc — 634 lb. per sq. in. and ^ 6340 lb. per sq. in. 

The allowable stress due to loads was formerly tidcen as/. 0.22^'e 
675 lb. per sq. in. and the designs would be identical by the two methods. 

* “Bdatioa befewwa QiuUty asd Economy of Concrete,” Jour, A.C.I., Mardr- 
Aiail, 1938, p. 825. 
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The 17>m. column with eij^t square bars would have computed 

elastic stresses of 


r 10.131 

304,800 ■= /« X 289 1^1 + 9 X -^J 

fe = 803 lb. per sq. in. and = 8030 lb. per sq. in. 

In this case the elastic stress considerably exceeds the former allowable 
of 675 lb. per sq. in. and the present empirical method permits the use 
of less steel. 

239. Stresses Due to Load, Shrinkage, and Flow. These same col- 
umns are analyzed for the stresses due to loads, shrinkage, and flow in 
Problem 29 (Chapter 9). There it is shown that there is ultimately a 
very considerable decrease of concrete stress and a greater increase of 
steel stress. The effects of shrinkage and flow are so marked that com- 
putations of stresses due to loads only do not give a comprehensive pic- 
ture of stress conditions at any time during the life of the column. For 
this reason, even though the former method gave safe colmnns, it was 
abandoned in favor of the present empirical method. 


ECCENTRIC LOADS 
STRESSES DUE TO LOADS 

240. Eccentric Loads — Rectangular Section. Case I. Compression on 
Entire Section, Neutral Axis OtUside Section. Assume a rectangular sec- 
tion with equal areas of steel on the two broad faces. This is the usual 
condition for exterior columns. The load N acts on the axis of ss^m- 
metry XX with an eccentricity of e (Fig. 166). The transformed sec- 
tion of Figure 156c will be substituted for the reinforced section by add- 
ing nAt areas of concrete for the steel. One area fills the steel holes, 
and (n — 1)A, areas are added as fins in the same relative position about 
the center line. Let A, = pbt. 

Take the portion of the column above the section AA as the rigid 
body, disregarding the weight of this portion. The force at this section 
equals N and it is the resultant of the stresses which are assumed to be 
u^ormly varying with the neutral axis at a distance it from the side 
of the itiaximiiTn streEB fe. Then, by Figure 1565, 

/II in /IV 

J c J e J e 

kt kt — d' kt — d kt — t 


( 190 ) 
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jV = bt + /” (n - 1) ^ 6< + /™«(n - 1) ^ 6< 

2 2 2 

JV - - [/. +/. (— ) + (» - W.(-^ + — )J 



Fig. 156 


It is also true that the sum of the moments of the stresses about the 
center line equals Ne. We shall assume that the ^ress on the rectangle 
bt consists of a uniform stress plus stresses i^ormly varying from 
zero to/« — 


Ne - X 0 + 




)“(i) 


btr/ (kt-t)\t ^ ^ /kih 


/“,(»- 1 )^ 4 . 

2 ^ 2 


ki >r- d' kt — I 


M--Ne 


(192) 
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Multiplying equation 191 by e and equating to equation 192, 


(a - W + (» - Dri - [i + - Di-©’ 

H-12(n -!)?(;)’ 
t « i + — L 

12 fl + (n - l)p] 


(193) 


Equations 191, 192, and 193 contain as variables the terms /« and n 
governed by the mix, the steel ratio p, and the column dimensions 6 
and t A direct design resulting in a definite solution is not possible. 
The designer assumes a size, mix, and steel ratio, solves for k by equa- 
tion 193, and for the maximum stress in equation 191 or 192. Dia- 
grams 11 to 15 0n the Appendix) can also be used to solve these equa- 
tions. 

Appracimaie EquaHona. Many texts add nA, areas of concrete fins 
for tl» transformed section. This results in equations: 


^ (2* - 1)(1 + np) 
^ 12 0(l+np) 


(194) 

(195) 

(196) 


The error is on lire unsafe ade but it is not great. For instance, assume 
n w 6 for 5000-lb. concrete and the maximum steel ratio p 0.04. A 
colunm of minimum thickness t 12 in. will have a ratio 



0.0625 


If, for Case I, a median value of the eccentricity is taken as - » 0.10, 

t 

k will be about 1 per cent too great, N about 3 per cent too great, and 
M about 4 per cent too great. These maximum errors are very small, 
and equatirms 194, 195, and 196 may be used. The author considers. 
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howevor, that the numerical value of « — 1 can be substituted in com- 
putations as easily as n, so equations 191, 192, and 193 will be used for 
problem solutions. 

241. Eccentric Loads— Recta n g ular Section. Case II. Neutral Axis 
vnthin Section. Assume a rectangular section with equal areas of steel 
on the b faces. The load N acts on the XX axis of symmetry with an 
eccentricity e (Fig. 167). The transformed section of Figure 157c will 



Ellv».tion 

(o) 


SECTION 


Fig. 167 


TRANSrORMCD 

SCCTION 

(c) 


be substituted for the reinforced section by ad<l|ng nA, areas of con- 
crete for the steel. On the compression side one frea fills the steel hole, 
and (n — 1)A, areas are added as fins. The ij|imii.ining compression 
area is now a rectangle b wide and M deep. Oi^lhe tension side there 
is only a fin with an area of nA«. 

Take as a rigid body the portion of the coltil^ above section AA, 
neglecting the weight of this portion. The foiw at the section must 
equal N and it is the resultant of the compresaii'e stresses on the rec- 
tangle b{kt) which vary uniformly from aero to plus the force on tiie 
compressive fins, and minus the force on the t^dle fin. From Figure 
1676, 

kt kt-t^ d-ki ^ ^ 






AT W +r.(n - W 

" - ?[*‘+-^-(^) - ”” ■•^‘(^’^] 
iV-'^fifc® + np(2*-l) -p(*-y)j (198) 

Taking the sum of the moments of the forces about the center line. 


Ne - h(M) ^ - j) + /"c(« - 1) 1 6to +/^ 1 6to 
„ ht\SM mjc(U-d'), ,, ,fo(d-kt) I 

“ 2 It - X + “IT" ~ H 

M ■= Ne [^3P - 2A® + 12np - 6p j ^A: - j (199) 


Multiplying equation 198 by e and equating to equation 199 


^[t“ + »p(2fc-l)-p(*-j)]- 

Then 

3 (^ - ^) + 3P (2n - 1) + °] = 




Equation 200 must be solved for k and its value substituted in either 
equation 198 or 199 for the fiber stress /<,. 

242. il^pproximate Equations. Equations 198, 199, and 200 are very 
bng. The error from using fins of nA^ on the compression side affects 
only the compression fins, and the error is less than in Case I. The 
au'&or recommends for Case II the use of this approximation which 
gives the equations usually employed. The results are 

JV (A® + np(2A - 1)] 

2k 


( 201 ) 
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^ ^^(3 — 2fc) + 12np(^ j (202) 

Ai® + 3(^-^)fc* + 6np^A: Snpj^a^ + ^ j (203) 


2M3. Plots. Diagrams 11 to 15 (in the Appendix) are given to solve 
equations 191 and 193 for Case I. Four diagrams have been supplied 
, d' d' 

for interpolation between •— « 0.05 and — = 0.25. If d' ~ 3 in. this 

» t 

covers the range from f == 12 in. to f » 60 in. From equation 191 it is 

N 

seen that the constant Ci, in/e = — Ci, equals 

bt 


fM _ 2k 

Y ~ (2k - 1)[1 + (n- l)p] 


(204) 


Diagrams 16 to 20 solve equations 202 and 203 for Case II of reo- 

M 


tangular sections. The constant Cj, in fc 




Cz, equals 


Cz = 


Ub^ 

M 


m. 


k\Z -2k) + 12np 



(205) 


1/ 

In order to condense the scale the eccentricity ratio is plotted as - . 

e 

244. Stresses Due to Shrinkage and Flow. Empirical Equations. 
The normal stresses on a cross section of a colucto loaded eccentrically 
are uniformly varying, as are the normal stresses of a beam. The shrink- 
age and flow stresses can be computed in the san!(b manner as discussed 
in Chapter 9 for beams. Ignorance of the preseti^fe and length of cracks 
and the readjustment of stresses does not enabil/the designer to com- 
pute final stresses with confidence in the accuri^ of the results, even 
though it is recognized that the final stresses ail widely different from 
those due to loads only. Logically, empirical 0 (|uations based on test 
data should be employed for eccentric column iidesign; but test data 
are still scarce, thou^ tests of eccentric loaditig are accumulating. 
At present, in default of a better method, both the A.C.I. and Joint 
Committee Codes recommend that eccentrically leaded columns be de* 
signed by computation of the stresses due to loads only; which is the 
case just abandoned for axially loaded columns. 
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S46. Allowable Concrete Stresses. Some years ago beams were de- 
ogned with an allowable concrete stress /« » O.^Of et whereas axiaify 
loaded columns used an allowable stress due to loads /« => 0.20fe. Col- 

N 

unms eccentrical^ loaded, whose load stresses were equal to 

^ given an allowable stress /« O.SQf'o oven ii the bending 


stress were very small or very great compared to the axial. This was 
not logical, for columns with slight eccentricity of load should have an 
allowable stress approaching that of an axially loaded column and those 
with a great ecc^tricity should approach the allowable stress of beams. 
The recent A.C.I. and Joint Committee Codes have corrected this by 
a more complicated but more logical method of obtaining the allowable 
concrete stress due to loads. The allowable stress fa for axially loaded 
columns is computed as 


^ 0.18f , + 0.3Syyp 

A 1 + (n — l)p 


(206) 


Allowable stress for beams equals fh 0.4^', (207) 

/ 

Ratio C >» — and the term D -z (208) and (209) 

h 222 * 


where R is the least radius of gyration of a column section. The section 
has the steel symmetrically arranged. For a rectangular section. 


J2® 



— + (n - l)p6to* 
12 

6t[l + (n - l)p] 


+ 12(n - l)pa^ 
12[1 + (n - l)p] 


( 210 ) 


where a is distance from center line of section to center of the steel. 


Maximum allowable stress fp 



( 211 ) 


This stress varies from/], /«, when e «= 0, to/^ =>= /{,, when e approaches 
infinity (a couple acting on section). 

246. Design Procedure. There are so many variables in the stress 
equations that designs are made by selecting a mix, size, and sted ratio 
and computing the maximum stresses /« and /«. The size is usually de* 
termmed by the desire to use the same size as Ibe column above, or to 
make a 4-in. to 6-in. increase and hold for sevmal stories in ordar to 
use the same forms. It is well to use first the maximum steel ratio p. 



Akt. 2471 DESIGN OP AN ECCENTMCALLY LOADED COLUMN 271 

as a ‘^sighting shot,” and to indicate whether the siae and mix are reason* 
able. The steel ratios may vary from p = 0.01 to p *= 0.04. 

In general, ratios greater than - - 0.27 give Case II solutions, and 

ratios less than - = 0.17 are Case I. The values intermediate may be 

t 

eithar, depending on the mix and steel ratio used. For large values of 
- in the Case II solutions the steel stress /« should be checked as well as 

V 

the concrete stress /<,. 


ILLUSTRATIVB PROBLEM 80 

347. Design of Column with Rectangular Section and Longitudinal Steel Loaded 
Eccentrically. Caae //. In Problem 10 (Chapter 6} the end span of a beam, 16 in. 
by 32 in., was supported by an exterior column, whose section was assumed to be 
6 » 16 in. and t » 20 in. Check this assumption, and complete the design of the 
column. The unsupported height of the column is 18 ft. 2 in. 

The beam design gave at the exterior support a supporting force V and bending 
moment Jkfn equal to 

V « 2706 X 0.6 X 26.6 « 36,900 lb. (Art. 92) 

^ ” 1.426,000 m.-lb. 

Id 

In addition assume that the wall beams bring to the center line of the column a load 
of 10,000 lb. 

If the joint is taken as a rigid body, the forces acting at section AA are shown in 
Figure 158. Therefore, N = 45,000 lb. and 

M =• 36,900 X 10 + 1,426,000 - l,784,fl00 in.-lb 



Pro. 168 
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The force and couple can be combined to give a resultant N 
Ml eccentricity « equal to 


e 



1,784,000 

46,900 


38.8 in. 


46,900 lb. acting with 


Eccentridty ratio - 
t 


88.8 

20 


1.94. 


This is Case IL 


If this is a long column, the force N at section A A will be arbitrarily increased for 

h 218 

design purposes, but the eccentricity e will remain unchanged. The ratio j » ~ » 

10.9, which exceeds the limiting ratio of 10. Then, by A.C.I. Article 1107 (see 
Appendix), 

46,900 - N[l.Z - 0.03 X 10.9] - 0.973N 
N « 47,200 lb. 

Maximtm Concrete Stresa. In this problem a trial section has been assumed. It 
remains to adopt a mix and steel ratio in order to compare computed stresses with the 
allowable. It is advantageous to try first the xxiaximum steel ratio p « 0.04 for each 
mix because, if the trial proves unsafe, it is not necessary to investigate that mix 
furilier. Let us assume a concrete strength » 4000 lb. per sq. in. and p » 0.04. 
By equation 203, 

+ 3(1.94 - 0.6)ib* + 6 X 7.5 X 0.04 X 1.94A; « 3 X 7.5 X 0.04t2(A)* + 1.94] 
ifc’ + 4.32*2 + 3.49* » 1.97 and * « 0.376 
By equation 202 the maximum concrete stress due to loads equals 


47,200 X 38.8 X 12 X 0.375 

16 X i)0[(0.876)2(3 - 0.76) •+■ 12 X 7.6 X 0.04(0.35)2] 


1700 lb. per sq. in. 


Allowable Concrete Stresa, The allowable concrete stress for axial loads, by the 
equations in Article 246, equals 


fa 


0.18 X 4000 4- 16,000 X 0.04 1360 

1 + 6.6 X 0.04 1.26 


1080 lb. per sq. in. 


- 0.6 

fb 0.46 X4000 




400 -f 12 X 6.6 X 0.04 X 49 
12 X 1.26 


- 36.6 


and 


20 + 6.48 X 38.8 1 

■» 1080 — I « 1700 lb. per sq. m. 

L20 + 0.6 X 6.48 X 38.8J ^ ^ 


6.48 


ih this case a 4000-lb. concrete with 4 per cent of steel is a possible solution. 
Maximum Sied Streaa, By equation 197 this equals f$ ^ nft 7.5 X 1700 X 
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20,000 lb. per sq. in. The steel area amounts to » 0.04 X 16 X 20 » 12.8 sq. in., 
or five if in. square bars in each 16-in. face. It is impossible to place these bars 
with the required spacing of 3 diameters (3| in.) on centers. 

The maximum steel that can be placed is four 1 -in. square bars on each face, or 
p ■■ 0.025. Using fc “* 6000 lb. per sq. in. and p « 0.025, the computed stress 
fc 2570 lb. per sq. in. and allowable 
stress fp » 2500 lb. per sq. in. This is 
not satisfactory. Moreover the maximum 
steel stress /« » 24,400 lb. per sq. in., so 
the steel is overstressed. 

Let us increase the column width to 21 
in., umg the same depth of 20 in. and a 
concrete strength/o « 4000 lb. per sq. in. 

Eight if-in. square bars can be placed in 
this width, so p » 0.0242. The maximum 
stresses are /« « 1660 lb. per sq. in. and 
ft « 10,900 lb. per sq. in.; the allowable 
concrete stress fp » 1672 lb. per sq. in. This is satisfactory. The steel arrangement 
is shown in Figure 159. 




^l2-i"nlJksx&-3*LQng 
Ties X 4 -6” Long 




S-/isg)<^^-i0'^Long 
Fia. 159 


ILLUSTRATIVE PROBLEM 40 

248. Solution by Plots. Computed Stresses. Solve Problem 39 by means of Dia- 
grams 16 to 20 (see Appendix). For the first solution the data are 


N =* 47,200 lb.; e «= 38.8 in.; 6 = 16 in.; and < = 20 in. 
fc = 4000 lb. per sq. in.; p 0.04. 


t d' 3 

- « 0.515; - » « 0.15; and np « 0.30. 

e t 20 

t 

On Diagram 18 the intersection of - « 0.515 and rip »= 0*80 gives Cs ** 5.95. Also 

c 

k « 0.38 approximately. 


, 47,200 X 38.8 X 5.95 

TeTloO 17004persq.«. 


The final design used 6 » 21 in.; t » 20 in.; and p fjf 0.0242. For -7 « 0.15, 

t I 

Diagram 18 is entered at ~ « 0.515 and np » 0.181. 0% 7.6 and k » 0.33 approx- 

imately. 

47,200 X 38.8 X 7.6 
- MX«0 


The values of Cs and k cannot be read from the plots as accurately as they can 
be computed but there is little divergence from the results of the computations in 
Problem 39 and much time is saved. 
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AttouaUe Simiet. IKagram 21 (in the Appendix) ^vee the velue of the term D 

. d' 

of equation 209, if j and (n — l)p are known or assumed* The values of the allow- 
able asdal stress /« of equation 206 are difficult to plot as the numerator consists of 
the essential part of the empirical equation 188» whose steel tenn is independent of 
the ratio n of the moduli of elasticitjr, whereas its denominator contains the essen- 
tial part of the equation for the transformed area» whose steel term contains the 

product (n — l)j). The ratio ^ should be computed. Diagram 22 gives the allow- 

able stress /p as the ratio ^ i if ^ and the product D ^ are known. 

f c f c t 

For the first solution in Problem Z9, jTo ^1000 lb. per sq. in. and/a 1080 lb. per 
fm e d' 

sq. in The ratio ^ — 0.27. Also - — 1.04; -j — 0.16; and (n — l)p ■* 0.26. By 
/• i t 


, ia62 and ^ -0.426. Tberefote 

t fp 

1700 lb. per sq. in. This checks the solution in Prob- 


Diagram 21, D 6.48. Uring Diagram 22, 
fp - 0.426 X 4000 


For the final design, /e « 4000 lb. per sq. in.;/a « 965 lb. per sq. in. and 

l)p >"• 0.167. By Diagram 21, D 


Also ^ 1.94; ^ ■■ 0.16; and (n 

• t 


0.239. 
J 0 

6.63. Using 


Diagram 22, D - 
t 


10.92 and ^ 
fc 


0.418. Then/p » 1672 lb. per sq. in. The solu- 
tion of allowable stress by these plots saves much time. 


ILL08TRATIVB PROBLEM 41 

249. Design of Column with Rectangular Section and Longitudinal Steel Loaded 
Eccentrically. Cass /. Let us assume that the design of the column stack of Prob- 
lem 39 is continued. Several floors below, the 
load from above equals 260,000 lb. and the floor 
loads of Problem 39 come in again. Figure 160 
shows the forces at the junction of columns and 
beam. For the first trial both columns meeting 
at this floor will be given the previous section of 
h 21 in. and t » 20 in. wi^ the steel placed 
at d' » 3 in. from each face. The story hei^t 
above this floor is 20 ft.; that below is 18 ft. 
At section CD (Fig. 160), N »> 296,900 lb. 
Taking moments about the center of this sec- 
tion, Mu + Ml ^ 1,426,000 + 36,900 X 10 » 
1,784,000 in.-lb. 

The division of moment between Mu end Ml 

will be in proportion to their stiflnesses f . If 

h 

the unknown steel areas are neglected and 



Fig. 160 
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outside dimeiisions are dealt with, both columns will have the moment of 
inertia L Then 

hu^ 18.17 “ 1.126 

Mu “ 840,000 in.-lb. and Ml « 944,000 in,-lb. 


Desifin of Section AB of Upper Column, At this section N « 250,000 lb., M « 

840,000 in.-lb., and e » 3.36 in. 


e 840,000 
1 “ 250,000 X 20 


0.168. This is Case I. 


However, this is a ^long’’ column, as the ratio ~ » 10.9. The design will use a force 

250,000 

N « Q “ 257,000 lb. and the eccentricity e » 3.36 in. Assume a 4000-lb. 
concrete and p » 0.011. By equations 193 and 101, 


1 1 + 12 X 6.5 X 0.011 X (0.35)^ 

“ 2 12 X 0.168 X 1.0715 


257,000 2.024 

” 21 X 20 ^ 1.024 X 1.0716 


1128 lb. per sq. in. 


The allowable stress will be found as in Problem 40, ~ * 0.15; (n — l)p * 0.0715; 

fa = 836 lb. per sq. in. By Diagram 21, D « 5.82. By Diagram 22, for ~ » 0.209 

f 0 

De f 

and — « 0.977, ^ «= 0.284; so/p « 1136 lb. per sq. in. It is not necessary to check 
* f 0 

Case I solutions for the maximum steel stress. In this case it amounts to 





7.5 X 1128 X 



7200 lb. per sq. in. 


Aa *“ 0.011 X 420 « 4.62 sq. 

' 'f 

Use six 1-in. round bars. The steel arrangement is shotinl in Figure 161a. Before 
the design is finally adopted the section at the top of th^|(blumn should be checked 
for its normal load N and bending moment M from th^bor above. The steel of 
Figure 161 ends at the section AB (Fig. 160) we have juildtosigned. It cannot rein- 
force that section, though it will those sections a short dptance above. Therefore, 
we must make sure that at least 4.62 sq. in. of steel comeithroiigh from the column 
below and is extended far enough into this column to r^mrce section AB, 

Deoiffn of Lower Column. Section CD (Fig. 160). 295,900 lb. and Af «■ 

944,000 im-lb.; - * •* 0.16. This is Case I and a ^ort column.'^ Assuming 

t 20 

the same xxux as in the column above of /o » 4000 lb. per sq. in., the steel ratio is 
finally found to be p 0.02. For this ratio k •-* 1.050 andl/f 1192 lb. per sq. in. 
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The allowable stress is obtained for values of (n l)p 



0.15, giving 


U - 5.69. 


D- ••0.91;/« 


922 lb. per sq. in.; and ^ 
Ja 


0.2306 gives f « 0.299, 

/ e 


eofp^a 1196 lb. per sq. in. 

At >■ 0.02 X 4^ » 8.40 sq. in. Use six 1^-in. square bars. The steel arrange- 
ment is shown in Figure 1615. It will be noticed that it has been possible to use the 


^•20^ 



lO^'rdJie&m'long^ 
6-rrd.x22'-0-Long 

■14-l'n/. Ties *3-6''Long 
Khi'rd.TiesxS'-XT'Long. 


t: 




t^20" 


i4-^"rd. Ties x6-2"Long 
(«) 


Pia. 161 


e-lisq.x20*-6”Long 

% 


same section as the roof column with the same strength of mix and a reduction of 
the steel ratio. The increase of load has been balanced by the decrease in eccen- 
tricity. 


ILLUSTRATIVB PROBLEM 42 

250. Case I. Solution 1^ Plots. Solve Problem 41 for maximum concrete stress 
/« by means of Diagrams 11 to 15. 

Upper Column. 6 « 21 in.; < « 20 in.; iV « 267,000 lb.; e « 3.36 in.; - = 0.168; 

t 

d* 

and y “ 0.15. If the same mix /c «= 4000 lb. per sq. in. and the final steel ratio 

p « 0.011 are adopted (Diagram 13), for j « 0.168 and (n ~ l)p » 0.0715, the value 
of Cl » 1.84. 

N 257 000 

fa — 7oir“ ^ ** P®** ®<1* 

Ot 420 

. This checks the computation in Problem 41. 

Lower Column. 6 * 21 in.; / « 20 in.; N « 295,900 lb.; e « 3.19 in.; - « 0.1595; 

t 

and ** 0.16. The mix/' « 4000 lb. per sq. in. and the final steel ratio p « 0.02, 
t 

so (n — l)p « 0,13. From Diagram 13, Ci « 1.696, 

295,900 

' - X 1.695 - 1192 lb. per sq. in. 

This also dieeks the computed/^ in Problem 41. The allowable stress /j^ was obtained 
in that problem by means of Diagrams 21 and 22. 
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251* Criticfil S6ctio&« These designs h&ve been noiAde for cert&in se- 
lected sections. Each stoiy should be designed for the section of greatest 
stresses. Figure 162 shows the original exterior column stack in full 
lines. The dashed lines show its probable deformation when the floors 
are loaded. Each column has a 
point of inflection near its center. 

Since the columns are loaded at 
their ends only, the bending moment 
in the column will vary uniformly 
from the value of Ml at its top to 
Mu of the floor below at its bottom. 

The designer can usually tell by 
inspection which is the section of 
greatest stress. At the bottom sec- 
tion the steel in this story ends and 
cannot, therefore, take any stress. 

The steel from below which runs 
into this column must act at this 
section and should not be less than 
the computed area. For example, 
the computed area for section AB 
(Fig. 160) is 4.62 sq. in. Six 1-in. 
round bars are used in the upper 
colunm and they end at this section. The steel from below consists of 
six 1 J-in. square bars with an area of 9.38 sq. in., which is satisfactory. 
Care should be used to check this steel when the column below is 
greatly increased in size or its mix is increased in litrength. 

252. Economical Design of Columns in Bending. Comparative de- 
signs for the same loading using different values pi /'« and p can be 
made with a tabulation similar to that in Table O (Art. 237) for axial 
loads. The results usually show that a minimum steel ratio p is cheap- 
est for columns in bending. This leads to the ge||aral statement that 
longitudinal steel in a column is not an efficient teinforcement. 

The effect of the mix is less marked than with i|idal loads. Medium 
to high-strength mixes give the cheapest designs. | 

263. Eccentric Loads. Circular Section. Case l| Compression on En- 
tire Section. Neutral Axis Outside Section (Fig, 163||. As^me a circular 
section of radius R whose longitudinal steel is uniformly spaced on a 
perimeter of radius r. The neutral axis lies outlfeie the section at a 
distance of k(2R) from the particle with the maximum compressive 
stress fc» The values of k must be greater than unity for Case I. The 

A 

steel area equals A,, and the steel ratio p » . 
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The transformed area can be constructed by removing the steel and 
filling the holes with concrete. The remaining area (n — l)pirB^ is sup- 
plied as an annular ring superposed on the section. The transformed 
area equals 

- irB* -f (» - l)pir22= 

A = -f- (n - l)p] (212) 


j ■ 2^ + [(n - l)pTie®] + 2(n - l)pr“l 


This is, of course, the same result as that for axial loads. The moment 
of inertia of the transformed area about a diameter ‘quals 

4 

The maximum stress equals 

N ^ My N ANeR 

tR\1 + (» l)p] rRS^lR^ + 2(n - l)pr®] 

_ 1 4Ke 1 

II + (» - l)p] [i?* + 2{» - l)pr*]J 

N 


A^ I 


N 

rR^ 


or 


iri2* 


(T + S) 


( 213 ) 

( 214 ) 
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The Tninimirm stress f"e equals 




C 


N My 
A~~ 


N 


(T-S) 


(216) 


If /« aaif'c are known the neutral axis distance k(2B) can be computed. 
Diagram 23 (in the Appendix) gives the values of T for given values 
of n and p. 

Equation 213 can best be used by an assumption of mix, size, and 
steel ratio and by a computation of the fiber stress /«. If Case I holds, 
the term T must be greater than term S in equation 214. 

264. Eccentric Loads. Circular Section. Case II. Tension on Part 
of Section. NeiUral Axis wilhin Section (Fig. 164). If the neutral axis 




Fio. 164 


lies within the section, only the concrete on tiie o^feapresEdon side is con- 
sidmed in stress computations. In constructing the transformed sec- 
tion the steel is removed and the holes on the compression side are filled 
with concrete. An arc of an annuhn: ring of ccmcretei whose area is 
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(n — 1) times the area of the steel on the compression side, is super- 
posed. On the tension side there is only the arc of an annular ring of 
concrete whose area is n times the area of steel on the tension side. It 
is not necessary for acctiracy to keep this difference in ring width. There- 
fore a complete ring of can be used without much error, as has been 
done with Case II for rectangular sections. 

The transformed area now consists of a circular segment subtending 
an angle of 2ai, and an annular ring whose area is 

tiA, »= nprR^ 

The resultant compression force Nc of the uniformly varying stresses 
on the segment equals 


-P 


where / « intensity of stress on the area d-4, which is a distance x from 
the OY axis, where x ^ R cos a. From Figures 1646 and 164c, 

/ a: — /2 cos ax 

/cR(cos a — cos ai) /c(cos a — cos ai) 


Ifx — B cos afdx^R sin a da (numerically), and 

a 

dA — ydx — sin^ a da 

then^ 

f... fcR^ /'“• % • 2 J 

Nc ^ I f dA ^ I (cos a — cos ai) sin^ a da 

/eft® r siu® « /« sin a cos «M“‘ 

''•-iri— — ^)J-, 


2k L3 


sin^ ax + sin ax cos^ ai — ax cos ax j 


The annular ring substituted for the steel has an area equal to 

nAt « nprR^ » 27rrt 


where t » thickness of ring. 
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The intensily q of tiie uniformly varying stresses acting on the ring 
can be foimd by the relation 


or 


q rcoaa — Rcosai 
_= _ 


5 = 


(r cos a — JB cos ai) 

2kR 


For values of « from 0 to as the ring is in compression, from as to fl- 
it is in tension. The intensity g acts on an area dA = tr da. The re- 
sultant force equals: 


N, 

N, 

N. 

N, 


/ qdA = (r cos a — R cos ai) da 

2kR J-. 

fcTt 


2kR 

fcTt 


[r sin a — Ra cos ai]' 
(2'jri2 cos ai) 


2kR 

mpR^fe cos ai 
2A 


The minus sign signifies that the resultant is a tensile force if A: < 0.5, 
or ai < 90°. 

The total normal force N equals 
f 

N ^ Nc + Ng — [2sin^ ai + 3 cos ai (sin ai cos ai — * ai -- mp)] (217) 

6A; 

Combining the terms that deal with oti only, 

N ■ [V - 3mp cos ai] f (218) 

6k 

where F = 2 sin® ai -|- 3 cos ai(8in ai cos ai — ai)i 
The moment M of the external force N about the diameter OF of 
the column section equals M « Ne. The sum of the moment of the 
internal stresses must balance this moment. The moment M, of the 
stresses in the circular segment equals 
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/ fx dA ■« f (cos a — cos «i) cos a sin® a da 

2A/ J — 

/o2J® r /a sin 4a\ sin® al^ 


2k LV8 32 


x\ sin® a> 

_j_C08«x— J_ 


, ^ \cti sin 4ai cos ai sin® ai 1 

iw <j * I 

k 18 32 3 J 

The moment M, of the ring about the diameter OY equals 

,, r r. 


ilf , =» f gxdA ^ C (r cos a — 
»/ 2kR -_,r 

fer^t r /ra r sin a cos a\ 

jU SB - 11 1 — R 

2kRl\2 2 / 

* “ 2fti2 L 2 J 4*22 


R cos ai) cos oL da 


cos ai sm I 


Substituting, 2rrt = impR^, 


TTipRr^fc 


The total moment of resistance M about OY equals 
M ^ Me + M^ 

fcR^ r / ^ 1 

» 12ai — 3 sin 4ai — 32 sin® ai cos ai + 247mp ( — j (219) 

9bik L \R/ _ 

Combining the terms dealing in ai only, 

mJ-^[w + 24«,pQ‘] ( 220 ) 

M 

From equations 217 and 219, the eccentricity e =• — , or 

N 


e M 


1 


sin 4oi —32 cos ai sin® ai+24imp 


m 


R NB 16 2sin®oi+3cosai(sinai cosai— ai— imp) 

This can also be written ^ 

fTF + 24,mp(^)l 


B 16(F —Simp cos ai) 
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Diagram 24 (in thn Appendix) gives the values of the terms V and W 
for values of oti from 0^ to 180®. A problem is attacked by assuming 
Case I to hold. If k comes out less than unity, the designer knows that 
the equations for Case II are necessary. The equations do not use the 
term k but it can always be found since 2kR * — jB cos ai or 



(223) 


In general, values of ^ greater than 0.37 require a Case II solution. 

Solutions for Case II are made by the assumption of size, mix, and 
steel ratio and the computation of the stress fe. 


ILLUSTRATIVE PROBLEM 43 

266. Design of Axially Loaded Column of Circular Section (Fig. 165). Design a 
column to support the interior panel of the flat slab of Problem 36 (Chapter 10). 
Assume that the height equals 20 ft. from floor to floor. 



Eu\/ation Section 


(a) (W 

Fia. 166 ; 

SiM. Each interior column supports a floor area of 29 fiupy 29 ft. If the column 
in question supports one floor only, the load at its base eqfi|Mb 

Floor load (Art. 218) 

Column capita] (Fig. 165a) 

Column weight for 16 ft 


Assuming a short column with concrete strength /e « 506)9^ lb. per sq. in., by equa> 
tion 188 (Art. 233), 

227,000 - A(900 + 16,000p) ; 

If p m 0.01: A « 214 sq. in., and diameter D 16.5 in. 

If p 0.04: A » 148 sq. in., and diameter D *» 13.7 in. 
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Let us Adopt A column 16 in. in diameter. The unsupported length h is the distance 
from the top of the floor to the bottom of the oapitali wU ch is 16 ft. (A.C.l. Art. 1102a, 

in the Appendix). The ratio ^ » 12, so this is a long colunrn. The load increase 

factor of A.C.I. Article 1107 becomes 1.3 - 0.03 X 12 « 0.94. Solving for the 
necessary steel ratio, 

227,000 - 0.94 X 201(900 + 16,000p) 

p « 0.019 and A, - 0.019 X 201 « 3.82 sq. in. 

These bars are spaced evenly around a perimeter and there is no need for multiples 
of two or four for symmetry. Either four 1-in. squares or five 1-in. roimds are 
satisfactory. 

The 1-in., square bars will be used as it is easier to provide ties for 4 bars than 5, 
and there will be fewer bars to handle. The steel arrangement is shown in Figure 1666. 

The column has been designed for an axial load due to the live and dead loads. 
Analysis of the slab and columns as an elastic frame may give bending moments in 
interior columns for certain live load arrangements. In such a case this column 
design should be checked for these moments and the corresponding axial loads. 


ILLUSTRATIVE PROBLEM 44 

266. Design of Column of Circular Section in Bending. Case IL Assume that 
several interior panels of the flat slab floor of Problem 36 have been left open for a 



crane well, and the 16-in.-diameter column designed in the previous problem is to 
be checked for use at the panel edges (Fig. 166). Complete its design for mix and 
steeL 

Loads. Each column supports a half panel load. 

Half panel load 108,000 lb. 

Marginal beam and cantilever slab 9,000 lb. 

Capital 6,0(X) lb. 

Load at base of capital N — 123,000 lb. 

Wl 

The 1928 A.C.I. Article 11066 recommends a bending moment of — as the moment 

o5 

Kmii ght by the slab to the marginal column. The load W is the load on the whole 
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panel. Our problem is a similar case^ and this moment will be adopted. We shall 
neglect the balancing weight of the slab which overhangs into the crane well. 


Wl 216,000 X 29 X 12 
”36 ” 36 


2,160,000 m.-lb. 


e 



2,150,000 

123,000 


= 17.5 in. 


and 


e ^ 17.5 
JK ” 8 


2.19 


In general, values of ~ greater than 0.37 give Case II solutions; values below ~ 0.25 

it R 

give Case I. This is Case II. Equation 221 enables the designer to locate the neutral 
axis by successive assumptions of ai. It makes fur speed if he assumes oi » ISO"* 

and decreases ai by using the multiples of 30® and 45®. A plot of soon suggests 

R 

the true aj. 

For this problem assume a 5000-lb. concrete and the maximum steel ratio p « 0.04. 




II 

l-R - c„ 

B NB 16 Cn 


Cm 

c„ 


180® 

44.8 

11.68 

0.24 

90® 

25.9 

2.00 

0.81 

85® 

23.0 

1.42 

1.01 

80® 

21.14 

0.88 

1.60 

78® 

19.45 

0.69 

1.76 

77° 

18.92 

0.578 

2.05 

76® 

18.44 

0.483 

2.38 


€ 1 — cos <*1 

Useai = 77®astlie approximate angle for— « 2.19. Then A; r = 0.39. 

li 2 

By equation 220, 


mu 


96 X 0.39 X 2,160,000 
18.92 X (8)* 


- 83001b. per sq. in. 


The solution of Problem 43 showed that a column in diameter is a long 

column. In the present design the load N = 123,000 should be increased but 
assumed to act with the same eccentricity c. We have delict with equations involving 

~ and the external bending moment Af, so that the redt«|don of stress due to **long 

column” dimensions does not appear. This reduction wili|)e applied to the allowable 
stress* 

Allowable Stress, Using the method of A.C.I. Article 1110 (see Appendix), the 
radius of gyration p is computed by using the complete conerete area. By Article 253, 


/ ^ 4- 2(n ~ l)pr^ ^ 64 4- 2 X 5 X 0>04 X 25 

A ” 411 + (n ~ Dpi ” 4(1 4 6 X 0.04) 


> 16.4 
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4fi* 

The term D in A.C.L Article 1110 can be used bbD ^ where the ecoentnoity 

ratio equab . Note that Diagram 21 (in the Appendix) applies only to rectangu- 
2/c 


lar sections. 


D 


256 


8.3 and 


2 X 15.4 

0.18 X 5000 4" 16,000 X 0.04 

1.20 


2B 


2,19 

8.3 X 


1280 lb. per sq. in. 


lor ^ * 0.256 and D — ■ 9.1, Diagram 22 gives a ratio ~ « 0.419. The allow- 

f c 2it / c 

able stress fp » 2095 lb. per sq. in. for a “short column.” In Problem 43 it was 
found that the load-increase factor, or stress-reduction factor, was 0.94. For a 
“long column” the allowable stress fp » 0.94 X 2095 « 1970 lb. per sq. in. Of 
course, in this case, it is not necessary to compute the allowable stress, as the stress 
fe 8300 lb. per sq. in. exceeds the compressive strength of the concrete. The 
section is much too small. 

Revised Section, After several trials a section 24 in. in diameter with/'c « 6000 lb. 
per sq. in. and p « 0.035 is selected. This is a short column. 


jp , 


The necessary ratio -r 
R 


17.5 

12 


1.457 


An angle ai ■■ 79® and h *» 0.404 gives closely this value of -- . The computed 

R 

stress /e « 2380 lb. per sq. in. and the allowable stress /p « 2390 lb. per sq. in. The 
neutral axis is located at 2kR » 9.7 in. from the greatest concrete stress. The max- 
imum steel stress equals 


This design is satisfactoiy. 


d - 2kR\ 11.3 

- ) « 5 X 2380 X — « 13,900 lb. per sq. in. 

2kR / 9.7 


A, » 0.035 X IT X (12)2 « 15.8 sq. in. 

Use sixteen 1-in. square bars with a center-to-center spacing of approximately 
3^ in., as compared to the minimum spacing of 3 in. (Fig. 167). The requirement 

S-rsg, Ki9'-IO*'Long 

t 

/2-frd.<>^Tiesx5’-9”U>hg 
'4$ef$ of /2-§nf. Ttes xS-O** Long 

Fig. 167 



of A.C.L Article 11045 in regard to ties necessitates many additional ties which im- 
pede the efficient deposition of the concrete. The labor of installing steel and pouring 
concrete is ^eatly increased, so that the A.C.I. requirement puts a premium on the 
use of low stei^ ratios. 
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Far comparison a second design is shown in Figure 168 using a section 28 in. 
in diameter with p 0.012 with fe ** 6000 lb. per sq. in. The computed concrete 
stress /c “ 2180 lb. per sq. in. and the allowable /p » 2230 lb. per sq. in,, while the 
maximum f$ ** 18,000 lb. per sq. in. 



The tie arrangement is much simpler and it will be easier to install the steel and 
pour the concrete. The volume of concrete is somewhat greater but the cost is 
probably less. 

ILLUSTRATIVE PROBLEM 45 


257. Design of Column of Circular Section in Bending. Cose /. Assume that the 
design of the column stack of Problem 44 is continued. A few floors down, the load 
from above equals 600,000 lb. and the floor loads of Problem 44 are again brought in. 
Assume both columns to be 28 in. in diameter (Fig. 169). The upper story is 20 ft. 
from floor to floor, so the column has an unsupported height from floor to base of 
capital of 16 ft. 6^ in. The lower column has an unsuppcnled height of 14 ft. 6 J in. 



£l£\4C(T/ON 

Fia. 169 


soaoaolb. 



JaNT 


( 6 ) 


Figure 1696 shows the forces acting at the column capln^ The floor moment of 
2,150,000 in.-lb. will be divided between the upper and k§rer columns in proportion 

to their stiffness ratios ~ . The moment of inertia 1 of tj^ columns will be taken as 
h 

that of the plain concrete section. In this problem Ixj • J'l,. 


Mp lii? X 

Ml’" “ 18.46 “ 1.14 


also 


Af p + ilfp - if - 2,180,000 
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^ - 1,006,000 in.-lb. and Mx, - 1,146,000 in.-lb. 

Design of Section AA of Upper Column. This is a short ooluixm. 

N « 600,000 lb. and M ^ 1,005,000 in.-lb. 


This is Case 1. 


M 1,005,000 
N 600,000 

Try/'c » 4000 lb. 


2.01 in. and 
per sq. in. with p 


^-0.144 

0.04. By equation 213, 


500,000 


1 


4 X 14 X 2.01 





289 


Abt, 259] PLASTIC THEORY OF COLUMNS 

868. Design of Section BB of Lower Column. (Figure 169.) 

AT - 623,000 lb. and M « 1,145,000 in..lb. 

^ e 1.84 

e » — « 1.84 in. and - « — « 0.131 

Assume this to be Case I. Try/ « *» 5000 lb. per sq. in. and p =* 0.01. The maximum 
concrete stress /« « 1460 lb. per sq. in. and the allowable /p » 1185 lb. per sq. in. 

Several trials of additional steel result in p » 0.024 with fe » 1367 lb. per sq. in. 
and fp « 1376 lb. per sq. in. 

At » 0.024 X 616 14.79 sq. in. 

Use twelve IJ-in. square bars, 20 ft. 3 in. long. This also gives more than the re- 
quired area at section AA of the upper column. The section at the bottom of thic 
lower column should be investigated before the design is adopted. It may require 
a larger steel ratio. The steel arrangement is shown in Figure 1705. 

PLASTIC THEORY OF COLUMNS 

269. The empirical column equations recommended by the A.C.I. and 
Joint Committee Codes are based on studies of test data for loads at 
failure. There has been previously given in this text 
under the heading of plastic theory analytical equa- 
tions for the breaking loads of beams. The same 
analysis can be applied to columns and the derived 
equations should check with the A.C.I. results, as 
both are based on test data. The case immediately 
considered is that of a rectangular section subjected 
to a normal force on an axis of symmetry which is 
eccentric in regard to the perpendicular center litte of 
the section. Assuming, as before, that a uniform 
concrete stress intensity of 0.85/'c can be substituted 
for the stress conditions at failure and that the fteel 
areas on the two opposite faces are equal (A, =» iA'*), the forces acting 
on a short portion of the column are shown in I|pire 171. The steel is 
assumed to be stressed to its yield point fy, 

Failure on, Compression Side. If the steel are#’ on the two faces are 
equal, this is not a probable case. Take momei|ts about the center of 
the tension steel and note that the ultimate moa|ent for the concrete is 
given by equation 20 (Art. 25) : 

iNr'(c - ^ + d) = jixi® - d') 

+ 3/^',(d - d')] 

3(2e + 2d - 0 



(Caae II) 


(224) 
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This equation applies if the eccentricity is great enou^ so that thie 
compression stress occurs on only part of the area of the section. For 
an axial load e <» 0, then, substituting At At + A', 2A', and d — 


d' » 2d - i 


N' 


2rjbd^ 

3(2d - 1) 


+/i4« 


(225) 


It is known that a plain concrete column, loaded axially, has an average 
stress at failure of 0.85/e &nd fails at a load N » OMfJA. The concrete 
term of equation 225 can be written 


or 


2f'el>d® 
8(2d - 1) 


f'M 


3 /2d - 

2 ! d» r 


■ OMf'M 


2\ d* / 0.85 


1.178 


{AxUa Load) N' = 0.8^’ Jbt + fyA , 


(226) 


This is the equation determined by the Illinois-Lehigh tests for failure 
of axially loaded coluixms. Mr. Whitney recommends a factor of safety 

2.5 

of 2.5 for spiral-steel columns and a factor of — * 3.13 for tied col- 

O.o 

umns. When the A.C.I. equations 188 and 237 are multiplied by these 
factors, the ultimate load N' based on the A.C.I. equations becomes 


N' « Omf'M + fyAt (226a) 


In other words, the A.C.I. Code uses a greater factor of safety for the 
concrete than for the steel. 

For moderate eccentricities (Case I), with compression over the whole 
area, equation 224 can then be rearranged to read 


(Case I) 


fcU VMd - d) 

Zei 2« + 2d - t 

— -H.178 


(227) 


Failure on Tension Side. This is the more probable case, as the com- 
pression side has an equal steel area and the concrece is in compression; 
but the tension sted luis agreater moment arm about the applied force N. 
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Assuming the compresdve force in the concrete to act d' in from the 
edge, take moments about the center of the compression force. 


AT' (c - ^ = fyA,{d - d’) 

2(d - df) 


N' - UA. 


2e + 2d' -t 


(228) 


If the resultant of the concrete stresses of 0.8^'e acts other than d' 
from the edge the equilibrium of forces gives 


If 


N' +fyA, = 0.85/'eofe +f»A't 
N' 


A, = A' 


a — 


OMf'J) 

Taking moments about the center of the tension steel, 

AT' (c - ^ + d) = 0.85/'ca6 (d - +fyA',(d - d') 
p A, A', 

Substituting ^ ~ ~ values of a given above and m 


, this reduces to 

0.85/'e 
(Case 11) 

N' == 0.85/'c6< 




For small eccentricities, there is no tension in ^ steel, and no failure 
can occur on the tension side, 

When the eccentricity ratio ~ is large, the twc^ierms of equation 229 

within the bracket are nearly equal and it is difSiult to get an accurate 
result with slide-rule computations. An aJtematil derivation covers this 
case. Refer to Figure 172; the load N' may bft conceived as divided 
into two parts, N'l resisted by all the compresIsSon steel and some of 
the tension steel Ai, and N '2 resisted by the odaorete in compression 
and the remainder of the tension steel A 2 . Then A, « + A 2 . 
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No Compression Steei No Concrete Stresses 

(o) (t) 

Fig. 172 

In Figure 1726 take moments about N\y noting tliat Ci « then 

Ti = fyAi = fyA\ and Ai = A*g = A\ f 1 — ( ^1 

ex Cl L \ Cl / J 


Taking moments about Ci, 


,,, Txid^d') 

JY J . fyA t 

C3 Cl 

In Figure 172a take moments about C 2 


N'2 « T2- 


Cl — C2 


N^2^1 ~ fyA2 ■ 


Cl — C2 


Taking moments about T 2 , noting that - ~ d — c^: 

2 


O.S5f'cabc2 « N' 2^1 ~ fv^2 


Cl — C2 


fv A2 Cl 

o » 2(d - C 2 ) - — — X X 

0.85/'c 6 Cl — ca 


This can be expanded to 

4(c2)^ — 4c2(ci + d) + [(ci + d)^] 


2metA2 


- 4 cid + [(ei + d)®] 
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Taking square root, 


203 




'2ineiA2 


- 4eid + (ei + df + (ei + d) 


Now, 

At « A\, and A 2 *= A 
Then 


1 


C2 ~ - j (ei + d) 

Ji 


r ((i-d')l (d- 

,-A, = A,-A\\l-- -\=A. 

L Cl J €1 

4 


2mA s(d — d') 


+ (Cl - d)= 


(231) 


Also, 


cs 


T, = - Ti = fuA. - - = f,A, 

ei 

Finally 


/ci csN ^ fyA.i(d d') 

\ ei J ei 


SyA'.{d-d') . _ {d-d') C2 

N' = N'l + N’z = 

^1 ^2 


(Case //) 

ei L ei — C2J 


C2 1 / yA.(d - d') 
(ei - C 2 ) 


(232) 


260. Columns with Roimd Cores. Mr. Whitney ‘ has also proposed 
equations for the load at failure of square columns reinforced with longi- 
tudinal steel placed on a circular perimeter and for round columns with 
circular placement of the steel. In view of the ad(|ed assumptions based 
on test data these equations seem to be strictly enapirical. 

Square Columns with Circular Core. Diameter of steel ring equals d. 

Compression Failure. 


N' • 

Tension Failure. 

N' = 0.85/'cf* 


0.85/'cA 


10.2e< 


{t + 0.67d)= 


3 ^ 

+ 1.51 -|+- 1 


(233) 




• Tron*. A.S.CjB., VoL 68, p. 251, 1942, “Plastic Thewy of Ranforoed Concrete 
Deeign,’’ by Charles S. Whitney. 
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Round Column. With diameter D and steel rmg diameter of d. 
Compression Failure. 


0.m'eAc 

8.162>e 

(0.8D + 0.67d)“ 


3e 

+ 1.61 - + 1 

a 


Tension Failure. 


* 0.85/'c2)^ 



(236) 


nXUSTRATIVS PROBLEM 46 

261* Checkiiig Cohunn Designs by Plastic Theory. Avtal Load, Rectangular 
Section, In Problem 38 jV *- 310,500 lb. (Table C, Art. 237), 5 «* t « 16 in., At » 
6.24 sq. in., fo “ 6000 lb. per sq. in., fy « 50,000 lb. per sq. in. For tied columns 
the reduction factor of 0.8 recommended by Mr. Whitney and A.O.I. Article 1104a 
will be used. By equation 226 the ultimate load equals 

W « 0.810.85 X 5000 X 256 + 50,000 X 6.24] « 1,120,000 lb. 

By equation 226a the ultimate load 

W - [0.563 X 5000 X 256 + 50,000 X 6.24] » 1,032,600 lb. 

Since this is a ^long column," both loads are multiplied by the reduction factor, 
0.94. Then, the respective factors of safety are 3.40 and 3.13. Equation 226a 
automatically gives the factor of safety of 3.13, which is based on the A.C.I. 
formula. 

Azud Load, Circular Section, In Problem 43 Z> « 16 in., d «« 10 in., and At 
4.00 sq. in. By the methods of Problem 43 the total safe load equals 

- 0.94 X 201 (ooo + 16,000 X - 230,000 lb. 

By equation 226, the ultimate load for a tied column equals 

JV' « 0.8 X 0.94(0.85 X 5000 X 201 + 50,000 X 4.00) « 792,800 lb. 

The factor of safety is 8.45. 

From these two examples it appears that the A.C.I. formula has a factor of safety 
of about 3.4 on the ultimate load determined by the plastic theory. 

Eecentnc Load, Case I, Rectangular Section, In Problem 41, for the upper 
column, ft ** 4000 lb. per sq. in., fy « 50,000 lb. per sq. in., 5 21 in., < » 20 in., 

At -* A*t w 2.86 sq. in., d *«• 17 in., d' » 3 in., « 3.36 in. By the methods of 

P^blem 41 the maximum safe load with an eccentricity of 8.36 in. is found to be 
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i\r ^ 0.973 X 261,600 *■ 264,000 lb. for a ‘‘long oolunm.^' By equation 227 the 
ultimate load for failure equals 


N' « 0.973 X 0.8 
N' « 822,000 lb. 


4000 X 21 X 20 2 X 60,000 X 2.36 X 14 

3 X 3.36 X 20 "^2 X 3.36 + 2 X 17 -- 20 

( 17)2 + 1*178 


The factor of safety of the A.C.I. solution equals 3.24. 

The Unoer column data gives /c “ 4000 lb. per sq. in., fy « 60,000 lb. per sq. in., 
6 « 21 in., < « 20 in., A, « A', » 4.69 sq. in., d ** 17 in., d' « 3 in., e « 3.19 in. 
The maximum safe load N » 312,000 lb. By equation 227 the ultimate load for 
failure equals 

AT' qqF 4000 X 420 2 X 50,000 X 4.69 X 14 ^ 

“ 3 X 3.19 X 20 2 X 3.19 + 2 X 17 - 20 

( 17)2 + 1*178 


AT' - 988,000 lb. 


The factor of safety of the A.C.I. solution equals 3.17. Mr. Whitney recommends 
a factor of safety of 3.13 for tied columns; thus, the factors of safety by present 
methods of design are slightly greater. 

Eccentric Load. Case /. Circular Section. Upper Column. In Problem 46 the 
essential data are /« « 4000 lb. per sq. in., fy =» 50,000 lb. per sq. in., D =* 28 in., 
d “ 22 in., At « 14.04 sq. in., e = 2.01 in. By the methods of Problem 46 the max- 
imum safe load N = 607,000 lb. By equation 236 the ultimate load for failure equals 


0.86 X 4000 X 602 60,000 X 14.04 

8.16 X 28 X 2.01 . 1 51 3 X 2.01 

(0.8 X 28 + 0.67 X 22)2"^ ' 22 ^ 


1,663,000 lb. 


The factor of safety of the A.C.I. solution equals 3.28, which slightly exceeds the 
factor of 3.13 recommended by Mr. Whitney for tied columns. 

Lower Column. The section considered in this columip^ had dimensions of D 
28 in., d * 22 in.. At » 15.24 sq. in., e » 1.84 in., fc lb. per sq. in., and 

fy « ^,000 lb. per sq. in. The maximum safe load N « 63|^000 lb. By equation 235 
the ultimate load equals 


AT' 


0.86 X 6000 X 601 


8.16 X 28 X 1.84 
(0.8 X 28 + 0.67 X 22)2 


+ 1.51 


60,000 X ^ 24 
■ 3 X 1.84 


* 2,014,000 lb. 


22 


^1 




The factor of safety of the A.C.I. solution equals 3.19. 

Eccentric Loads. Case II. Rectangular Section. In l||roblem 39, /« <« 4000 lb. 
per sq. in., fy « 60,000 lb. per sq. in., 6 « 21 in., < » 20 i^^ A« » A'* « 6.06 sq. in., 
d » 17 in., d' » 3 in., e » 38.8 in. By the design method of Problem 39 the maxi- 
mum safe load with an eccentricity of 38.8 in. is found to^^ N » 46,400 lb. 

If failure on the compression side is assumed the ultimEAe load N* by equation 224 
equals 


AT' 


2(4000 X 21 X 289 +3 X 60,000 X 6.06 X 14) 
8(2 X 88.8 + 2 X 17 - 20) 


254,000 lb. 
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If failure is assumed ou the tension side with compression steel taking all the com* 
pression stressesi the ultimate load by equation 228 equals 


50,000 X 6.06 X 2 X 14 
2X38.8 + 2X3-20 


111,300 lb. 


It is, therefore, probable that the concrete takes some stress. For tied columns with 
large eccentricities, Mr. Whitney recommends that equations 224, 229, 231, and 232 
be used without the multiplier of 0.8. Using equation 229, 


N' 


0.86 X 4000 X 
21 X20 


4 


fl4.7 X 0.0241 X 14 


20 


+ (1.94 - 0.60)* - (1.94 - 0.60) j 


AT' = 0.86 X 4000 X 21 X 20(1.627 - 1.44) = 124,000 lb. 


Comparing the value with the result of equations 231 and 232, where 


ei = 45.8 in. 


1 /2 X 14.7 X 6.06 X 14 . ^ 

C 2 « - (46.8 + 17) - ^ h (45.8 - 17)* [ « 16.16 m. 

2 [ \ 21 




60,000 X 5.06 X 14 
(46.8 - 16.16) 


119,300 lb. 


This result is more accurate by slide rule than the result of equation 229, as the 
latter contains the term (1.627 — 1.44) whose difference is small. 

Surveying those results one concludes that the critical case is failure on the ten- 
sion side with the concrete taking stress, the ultimate load being 0.973 X 119,300 = 

116,000 lb. The factor of safety of the A.C.I. design based on this load is 2.60. 

Eccentric Loads, Case IL Circular Section, In Problem 44 / c * 6000 lb. per 
sq. in., /y •* 50,000 lb. per sq. in., Z) « 24 in., d « 18 in., and At = 16.00 sq. in. 
By the methods of Problem 44 the maximum safe loads with an eccentricity e » 
17.6 in. is JV « 124,000 lb. 

Assuming failure on the compression side by equation 236, 


N' 


0.85 X 6000 X 436 
8.16 X 24 X 17.5 


60,000 X 16 


(0.8 X 24 + 0.67 X 18)* 


+ 1.61 


3 X 17.5 
18 


649,000 lb. 


+ 1 


If a tension failure is assumed equation 236 gives 


AT. - X «« X - »■“)’ - 


N' « 396,000 lb. 


The ultimate load equals 396,000 lb. and the factor of safety of the A.C.I. design 
equals 3.19. A gmeral comparison of the present A.C.I. designs with the ultimate 
kmds by the plaatio theory is given below. 
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Type 

of 

Loading 

Eccentricity 
Ratio 
e e 

A.C.I. 
Safe Load 
lb. 

Plastic 

Theory 

Ultimate 

Load 

lb. 

Factor 

of 

Safety 

Rectangular 

Axial 

0 


1,062,000 

8.40 

section 

Eccentric, Case I 

0.168 


822,000 

3.24 


tt tt It 



988,000 

3.17 

1 

** Case II 

1.94 


116,000 

2.60 

Circular 

Axial 

0 

230,000 

792,800 

3.45 

section 

Eccentric, Case I 

0.144 

607,000 

1,663,000 

3.28 

1 

it tt tt 

0.131 

632,000 

2,014,000 

3.19 


“ Case II 

1.46 

124,000 

396,000 

3.19 


Mr. Whitney recommends a factor of safety of 3.13 for tied columns with axial 
loads or small eccentricities of loading, and a factor of 2.5 for beams; for tied columns 
with large eccentricities the factor of safety should range from 3.13 to 2.5. Columns 
with spiral steel may be designed for a factor of safety of 2.5. 


COLUMNS WITH SPIRAL STEEL 

262. Spiral Steel Columns. The column with closely spaced spiral 
steel is almost invariably reinforced with longitudinal bars, which add 
to the column’s resistance to bending and to shrinkage. The spiral steel 
restrains the concrete core from bulging as the column is loaded but does 
not take much stress until the lateral deformation is considerable. The 
lateral deformation, dependent on Poisson’s ratio^ is not great at work- 
ing loads and therefore there is little stress in th^, spiral steel at work- 
ing loads. This steel does reduce excessive conol^te deformations and 
increases the ultimate load carried by the colui^. When the spiral 
steel becomes stressed, the longitudinal steel has jj^iBsed its elastic limit, 
and the concrete is highly stressed. At failure th^'longitudinal steel has 
reached its yield point stress. Any analysis that A»umes the spiral steel 
to be stressed must be made for conditions beyoni| the yield point of the 
column and does not lend itself to a simple ai:i^}rtic treatment. For 
this reason spiral column design formulae are ei^irical. 

263. Axial Loads. (A.C.I. Art. 1103.) The spiml steel column loaded 
with an axial load is designed by the empirical equation 


N « A(0.225A + 0.4fyp) 


(237) 
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Equation 188 (Art. 233} for tbe design of tied columns is 0.8 of this 
equation. The spiral column of tlie same dimensions as a tied column 
will, therefore, cany an axial load 25 per cent greater. In addition, 
however, it is permissible to use longitudinal steel up to 8 per cent, 
though it is frequently difficult to place as much steel as this and com- 
ply with the minimum spacings. 

Formerly the amoimt of spiral steel was in direct proportion to the 
amount of longitudinal steel, its volume being one fourth the volume 
of the longitudinal steel. Although it is always permissible to use as 
much spiral steel, the Illinois-Lehigh tests justify a different procedure. 
The strength added by the i^iral steel at loads near failure should equal 
the loss of strength due to spalling off of the concrete outside the spirals. 
The mimmum amount of spiral steel equals 

where Ag « gross area of column 

Ae ** area of the core, measured to the outside diameter of the 
spiral 

fv “ point of the spiral steel, but limited to 60,000 lb. per 
sq. in. 


nXUSTRATIVB PROBLEM 47 

264. Design of Axially Loaded Spiral Ck>lumn. Design the circular interior col- 
umn for the flat slab floor of Problem 36 (Chapter 10), using a spiral steel column. 
Assume that the design is made several floors down the stack for a load at the base 
of the capital of 1,100,000 lb. The story height is 20 ft., and the unsupported length 
is 16 ft. 

Size* Assume fc ^ 6000 lb. per sq. in. and that the column weighs 10,000 lb. 
The load at the l^ttom of the column equals 


1,110,000 « A(1360 ■+• 20,000p) 

If p n 0,01, A •> 717 sq. in., outside diameter D » 30.2 in. 

If p 0.08, A "• 377 sq. in., outside diameter D » 21.9 in. 


Diameter of column, D in. 

30 

22 

Waght of 16-ft. len^h, lb. 

12,000 

7000 

Steel ratio, p 

0.011 

0.078 

Sted area Am, sq. in. 

7.86 

29.7 

Use 

8~-r' sq. 

19— ij" sq. 

Spiral ratio 

0.0178 

0.0265 

(Outside of spiral 2 in. from outside of column, fy » 50,000 lb. per sq. in.) 

Volume of core, per ft hei^t, cu. in. 

6300 

3060 

Volume of spirals, cu. in. 

Volume Ot X vd X no. of turns per ft 


81 

Of X no., sq. in. 

1.48 

1.48 

Use 

f-in. rd. @ 2| in. 

f -4n* rd. ® 2| in 



Am. 267] 


COMPOSITE COLUMNS 


Tlie spiials chosen have a dear spadng exceeding if in. and less than 3 in. The 
center-to-center spadng does not exceed one sixth the core diameter. The column 
sections are shown in Figure 173. It will be noticed that it is difficult to place the 
sted and pour the concrete in a column containing a steel ratio approaching p •• 0.08. 
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266. Economy. It is evident that for a given axial load many designs 
may be made which use different sizes, steel ratios, or mixes. At a given 
floor only one of these designs is the cheapest. This cheapest colunm 
is dependent somewhat on the sizes above and below, upon the possi- 
bility of using the column forms for more than one floor, and the neces- 
sity of placing extra steel dowels at certain column junctions. In gen- 
eral, however, a comparative analysis, like that made in Article 237 for 
tied columns, shows that the cheapest column with spiral steel is that 
Avith a rich mix and high percentage of steel. The fact that the spiral 
steel is in tension so increases the ultimate load that it becomes econom- 
ical to use high steel ratios for longitudinal steel.. 

266. Columns with Spiral Steel in Bending. Since the spiral steel 
does not take stress imtil failure approaches, colunins in bending can be 
designed for working conditions by the equations ^d for tied columns 
of circular section. The allowable stress is deta|mined by the same 
method, except that in place of equation 206 thq.|kxial stress 


0.226/'e + 0.4/„p 
1 -I- (n — l)p 


(239) 


267. Composite Columns. Composite columns|ve defined as steel or 
cast-iron columns encased in concrete reinforced longitudinal bars 
and spiral steel. The area of the metal column lyall not exceed 20 per 
cent of the gross column area. If a hollow cast iron or steel coltimu is 
used, its core shall be fiiUed with concrete. The longitudinal steel ratio 
and the spiral steel ratio shall conform with the requirements for rein- 
forced spiral columns. 
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XXXUSTRATIVE PROBLEM 46 

268* Design of a Composite Colninn. Design a composite column to carry an 
axial load of 2^000,000 lb. at its base. After several trials a 14 158 sted section 

is adopted with cross-sectional area of 46.5 sq. in. This section is shown in Figure 174. 



If a 2-in. fireproofing clearance beyond the spiral steel is allowed, the smallest square 
section has an outside dimension of 27 in. Thus, the metal section is only 6.4 per 
cent of the gross area of the column. Assume / c « 6000 lb. per sq. in. and /y 
50,000 lb. per sq. in. for the reinforcing steel. Equation 22 in A.C.L Article 1105 
can be set up as 

2,000,000 « 1350(729 - 46.5 - A,) -f 20,000A, + 16,000 X 46.5 
A, » 17.92 sq. in. Use twelve 1 J-in. square bars. 


In the computation of the spiral steel Ag « 729 — 46.5 — 18.7 663.8 sq. in 

and Ac - t( 11.5)2 - 65.2 « 349.8 sq. in. 


p' « 0.45 


/ 663.8 _ \ 
\349.8 7 


6000 

50,000 


= 0.0485 


Spiral volume « 0.0485 X 349.8 X 12 « 204 cu. in. per ft. height 


204 - X 22.13) X and - - 0.246 

P 


Use }-in. round bars spaced at 2|.in. pitch. 

269. Combinatioii Columns. The last step in the progression from a 
plain concrete column to a plain structural steel column is the steel 
column encased in concrete. There are no restrictions on the area of 
the steel column, the only requirement being that the concrete shall 
cover all metal parts, except rivet heads, by at least 2.6 in. The only 
conoete reinforcement is welded wire mesh encircling the steel coliuun. 

The column stadr in a high building usually starts with tied columns 
supporting the upper stories, followed by spiral steel columns and com- 
posite or combination columns as the load increases at the lower stories. 
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ILLUSTRATIVE PROBLEM 49 

270. Design of a Combination Column. Design a combination column to carry 
the same axial load of 2,000,000 lb. at its base as in Problem 48. The unsupported 
length is 16 ft. After several trials a 14-in. plate and angle column weighing 414 lb. 



per ft. (1937 A.LS,C* Handbook) is adopted. The column is encased in a concrete 
covering 24 in. by 22 in. outside dimensions (Fig. 176). The load that can be carried 
by equation 23 of A.C.I. Article 1106 is 

N = 121.7 X 16,100 [l + = 2,025,000 lb. 

I 192 

The ratio - = 7— =» 43.3 and the allowable steel stress /V - 16,100 lb. per sq. in. 
r 4,44 


CHAPTER 12 


FOOTINGS AND RETAINING WALLS 

The loads that are applied on a roof or floor system are brou^t to 
the columns and carried down the column stacks for transference to the 
soil or rock. Columns, piers, or caissons can occasionally transfer their 
load to bedrock without change of size, but usually there must be an 
expansion of the column base in order to prevent excessive settlement. 
This expanded portion is called the column footing. Foundations vary 
in complexity from the simple footing supporting one column to a raft 
foundation which acts as an inverted floor and supports the entire build- 
ing. In some recent buildings the basement and the floor above, with 
the connecting columns and walls, form trusses stiffening the foundation 
in perpendicular directions to produce uniform settlement. 

271. Allowable Soil Pressure. The designer of the foundations should 
not consider exclusively any mdividual footing. He has the problem of 
floating his structure on a yielding medium without the advantage en- 
joyed by the naval architect, whose yielding medium is water with con- 
stant elastic properties. The foimdation engineer deals with sands, 
gravels, and clays whose elastic properties vary with their previous geo- 
logical history. Even though the soil may consist wholly of sand or of 
clay, its homogeneity and its compressibility may vary throughout the 
building site. It is usually imeconomical to make enough bearing tests 
to be sure of the proper allowable unit pressure at the base of each foot- 
ing to give a uniform settlement for the whole building. Often average 
values for the locality are all that are available for the designer. Un- 
equal settlement with unsightly cracks in the finished structure and un- 
foreseen overloading of some part is not at all unusual. It is not the 
function of this text to develop the science of soil mechanics, and in this 
discussion it wiU be assumed for the footings examined that the proper 
allowable bearing pressure has been adopted so that all the footings in 
the structure will settle uniformly. 

Maximum allowable soil pressiues can be determined approximately 
from the 1907 Building Code of Boston; 

“In the absence of satisfactory tests of their sustaining power, the 
maximum allowable bearing values of the above materials shall be lim- 
ited by the foDowing unit pressures: 

802 
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DISTRIBUTION OF SOIL PRESSURE 


Tons per 
Square Foot 


Solid ledge rock 100 

Shale and hardpan 10 

Gravel, compact sand and hard yellow clay 6 

Dry or wet sand of coarse or medium-sized grains, hard blue 
clay mixed or unmixed with sand, disintegrated ledge rock . . 5 

Medium stiff or plastic clay mixed or unmixed with sand, or 

fine grained dry sand 4 

Fine grained wet sand (confined) 3 

Soft clay protected against lateral displacement 2 


272, Distribution of Soil Pressure. The experimental data on variar 
tion of soil pressures on the bases of footings are not yet extensive enough 
to give the actual distributions. For wall footings which project as canti- 
levers, it is probable that the actual pressure varies as shown by the 
dash lines of Figure 1766, because the portion of the footing remote from 
the wall will deflect readily when acted on by a smaller pressure than 
the center values. The total pressure on the soil must support the wall 
load, the weight of the footing, and the weight of the soil and the base- 
ment floor loads immediately above the footing. While the soil is still 
unconsolidated, there can be little of the arching action that occurs 
through a compact soil to transfer the basement loads outside of the 
footing area. It is customary, however, to design footings neglecting 
the basement load and the soil weight, which is an assumption that 
arching action does occur by the time the full live load is on the floors. 

In the case of the stepped footing of Figure 176o, the weights of the 
footing will vary as shown, and the assumption that the net pressure 
due to the wall load is uniform is reasonable. Such an assumption is 
probably not correct for the reinforced footing of Figure 1766. Never- 
theless, the net pressure is commonly taken as an average or uniform 
pressure. The weight of the footing, apil, and the basement load imme- 
diately above a unit area of soil cauip pressure on the soil but do not 
cause shear forces or bending momenta in the footing, since the support- 
ing soil is in line with the loads. It Is the building loads, or net presh 
sures, which cause bending and she£^ in the footing sections. 

Simple footings for columns shown In Figure 177 tend to take a bowl 
shape as they deflect. The pressure distribution is complicated, and the 
analysis involves slope and deflection solutions for a slab supported by 
the column and subjected to variable pressures. As with flat slabs, these 
complicated derivations, not yet justified by tests, are not used for com- 
mercial designs. The net pressure is again assumed to be uniform. This 
assumption gives bending moments and shear forces which are some- 
what too large, and the design is on the safe side. 
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(a) Plain Concrete Footing 

Fig. 176 


273. Piles. A footing which is supported by piles, rather than by the 
soil pressure on its base, is considered to be loaded with a concentrated 
load at each pile equal to the net load carried by that pile. The footing 
design follows the methods described below except for this substitution 
of concentrated for distributed loads. 


WALL FOOTINGS 

274, Wall Footings. Wall footings are continuous and can be de- 
signed as cantilever beams 1 ft. wide, if the wall loads are constant. The 
footing may be a stepped footing of plain concrete of considerable depth, 
or the footing may be expanded at once to its full area and reinforced. 
The type adopted depends on the relative cost and particularly on the 
difficulty of excavating for the greater depth of the stepped footing. 

ILLUSTRATIVE PROBLEM 60 

276. Design of a Stepped Footing. Design a plain concrete footing to support a 
wall 16 m. thick loaded with 60,000 pounds per linear foot. The top of the footing 
is 2 ft. below ground level. Neglect basement floor load and weight of soil. Allow- 
able soil pressure « 3 tons per square foot. 

Use 2000-lb. concrete and assume the net pressure to be uniform. The total 
load on the soil per foot length of wall equals 
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Wall load = 50>000 lb. per ft. 

Estimated footing weight = 6,000 lb. per ft. 

Total « 66,000 lb. per ft. 

, , , . 56,000 

Area of footing * — « 9.33 sq. ft. per ft. length. 

DUOO 

Bending Moment. The footing is 9 ft. 4 in. long and projects 48 in. on each side of 
the wall, forming cantilever beams. 

60,000 

Net pressure p ~ — ■ = 6360 lb. per sq. ft. 

9.00 

The bending moment at any section x inches from the end equals (Fig. 176o): 


M = 


px^ 

12 


536ar^ 

24 


- 223^2 in..lb. 


Each section is rectangular, b inches wide and t inches thick. If the allowable tension 
/ is taken as/ - 0.03/'© ~ 60 lb. per sq. in., 

a j 1 M 

Section modulus = — « “• 

6 / 

bf 12 X 60 
t = 1.36a: 


At the section CC of maximum bending moment, a: = 48 in. and i =» 66 in. 

Shear. The shear force V at any section x feet from the end of the footing equals 


V 


px 

12 


= 447a: 


Maximum shear stress Vc 


VQ 

bl 


2bt 


0.02fc 


At section CC, 



1.5 X 447a: 


40 X 12 


^ ~ 67 in. 


The shear stress governs, and we adopt a to|al depth of 67 in. 

Steps. The side of each step must have foirms, and their heights should be dimen- 
sioned to avoid the necessity of ripping planl^ to give the form height. If we assume 
three steps for this design with successive ^^risers” of 23 in., 22 in., and 22 in., the 
corresponding “treads'' determined by fiber stress equal 


t 

X 

Tread 

in. 

in. 

in. 

23 

16.6 

16 

46 

32.4 

16 

67 

48 

16 
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Costa, In Table D this same footing is designed for richer mixes and the com^ 
parative costs computed: 

2000-lb. concrete costs 85 cents per cubic foot 
2500 “ “ ** 37 “ ** 

8000 ** ** ** 39 '' “ 

4000 “ 42 “ ** “ “ 

Forms cost 10 cents per sq. ft. of riser 
Excavation costs 4 cents per cu. ft. 

The excavation extends 1 ft. beyond the footing end. 

It will be noticed, if the costs are plotted for these data, that the richest mix con- 
sidered is the cheapest, there being as yet no minimum. 

Table D. Stepped Footing 


Mix,/'. 

2000 

2500 

3000 

4000 

Weight, lb. 

6000 

5000 



Length, ft. 

9.33 

9.17 



Projection, in. 

48 

47 

47 

46 

Net pressure, p 

5360 

5450 


5555 

By fiber stress, t, in. 

1.36a; 

1.23x 

1.12a; 

0.982X 

By shear stress, in. 

1.39a; 

1 .14a; 

0.946a; 

0.723X 

Thickness at wall, in. 

67 

58 

53 

46 

First riser, in. 

23 

20 

18 

16 

First tread, in. 

16 

16 

16 

16 

Second riser, in. 

22 

19 

18 

15 

Second tread, in. 

16 

15 


15 

Third riser, in. 

22 

19 

17 

15 

Third tread, in. 

16 

16 

15 

15 

Cost per Foot 
Concrete 

$13.11 

$11.80 

$11.28 

$10.38 

Forms 

1.12 

0.97 



Excavation 

3.44 

3.06 

2.87 

2.67 

Total 

$17.67 

$15.83 

$15.04 

$13.72 


ILLUSTRATIVE PROBLEM 51 


276. Design of Reinforced Wall Footing. Given the wall load of Problem 50, de- 
sign a reinforced concrete footing. Use a 2000-lb. concrete and assume the net 
pressure uniform. The total load on soil per foot length of wall equals 


Wall load 50,000 lb. per ft. 

Estimated footing weight 3,000 lb. per ft. 


53,000 


53,000 lb. per ft. 
8.83 sq. ft. 


Area of footing 


6000 
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Bending MomerU* The footing is 8 ft. 10 in. long and projects 45 in. on each side 
of the wall as a cantilever beam. 

50,000 

Net pressure p = ■ * 5670 lb. per sq. ft. 

8.83 

Take a width of 1 ft. of this footing as a unit beam. 

li/r • ^ 5670(45)2 

Maxunum moment « — « 479,000 m.-lb. 

2 12 X 2 


/ 479,000 
[157 X 12 


= 16.0 in. 


The steel is at the bottom of the footing. Assume that projecting stones, clay, 
muck puddles, etc., may spoil 2 in. of concrete. Using in addition 3 in. of damp- 
prooling (A.C.I. Art. 507a), the minimum depth equals h ~ d + 5 « 21.0 in. 

Diagonal Tension. The portion of the footing immediately under the wall acts 
as an extension of the wall and is in compression. Diagonal tension cracks will not 
continue to spread in this portion of the footing. The first crack to extend completely 
through the footing and, hence, the failure crack is AC of Figine 1766. If it is as- 
sumed to be at an angle of 45°, diagonal tension will be checked at section CD at a 
distance d from the face of the wall. The shear is due to the net soil pressure on the 
extension of the footing beyond this section. The allowable stress Ve ** 0.03/® (A.C.I. 
Art. 808), as it is not desirable to use diagonal tension steel. 

^ V 5670(45 - d) 
vbj 60 X 12 X 0.87 X 12 

Solving, d = 19.3 in. The diagonal tension stresses determine the footing depth. 
Use 6 = 25 in. and d * 20 in. 

The A.C.I. Regulations do not require a determination of the maximum shear 
stress on section AB of Figure 1766. The allowable stresses and fabrication of the 
steel permit only special anchorage designs. If the shear stress is figured, 


- 5670 X 45 

” bjd “ 12 X 0.87 X 20 X 12 


102 lb. per sq. in. 


The allowable shear stress equals v « 0.0Qf% « 120 lb. per sq. in. 

Weight. The footing weighs X 8.83 X 150 == 2800 lb. Estimate of 3000 lb. is 
safe. 


479,000 

20,000 X 0.87 X 20 


= 1.37 sq. in. 


The bond stress is often high, so the necessiury perimeters to keep within the allow- 
able u * 0.075/ will be computed. 


150 X 0.87 X 20 


- 8.14 in. 


The area and perimeter requirement can be satisfied by using |-in. round bars at 
4-in. spacings. It will be noticed that the depth and steel areas of these cantilever 
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footings with shoHrspan and heavy loads are often determined by the diagonal ten- 
sion and bond requirements rather than by the fiber stress requirement that usually 
governs for the beams supported at each end. The application of A.C.I. Article 906 
gives a bar length of 10 ft. 6 in., if a 90"" hook is used at each end. 

If the mix has a strength /'<, « 2500 lb. per sq. in., the footing length is 8.76 ft., 
its depth h — 22 in., d « 17 in. For steel, 1-in. round bars at 4.6 in. spacing are 
satisfactory. With the costs of Problem 60 and a steel cost of 4 cents per pound, the 
2000-lb. concrete design costs $11.12 per ft. length and the 2600-lb. concrete $11.00. 
There is no advantage In using richer mixes as the diagonal tension stress is limited 
to 75 lb. per sq. in., which is the maximum for fc ~ 2500 lb. per sq. in. 


COLUMN FOOTINGS 

277. Assumptions for Design Practice. American design practice for 
the footings for single columns and for wall footings was formerly based 
on the classical series of tests by Professor Talbot ^ at the University of 
Illinois. Car springs were used to give distributed loads on the footing 
base. In addition to the test report Professor Talbot made recommen- 
dations for footing design which employed the rectangular beam equa- 
tions and the usual allowable stresses. These recommendations, based 
upon tests, were empirical, and the complicated stress analyses for this 
indeterminate structure were not used for commercial design. 

After many years of use engineers concluded that the Talbot method 
gave footing depths which were greater than needed. The present 
A.C.I. recommendations are also empirical but somewhat simpler to 
apply. The depth is usually determined by the diagonal tension re- 
quirement, whereas the depth by the Talbot method was usually fixed 
by the maximum fiber stress. Chapter 12 of the A.C.I. Regulations 
states that the soil pressure shall be assumed to be uniform or that the 
force exerted by a pile on the footing may be assumed a concentrated 
force. Moments and shear forces are determined by passing a plane 
across the footing and dealing with the forces acting on the footing to 
one side of this plane. 

278. Pedestals. Column footings are sometimes sloped to save con- 
crete. The design should allow a 6-in. shelf adjacent to the column face 
upon which to place the column forms. The minimum thickness at the 
edge of the footing is 12 in. The maximum slope, between these two 
points, should give the necessary thickness for diagonal tension at the 
section d inches out. A sloped footing requires forms for the slope, and 
a carpenter must be in attendance during the pouring to fill in the pour- 
ing holes left in the sloped forms. The added form costs cancel some of 
the concrete saving. 

^ Bulletin 67, University of Illinois. 
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Concrete can also be saved by using a pedestal between the column 
and footing. This pedestal may be reinforced, forming an additional 
short column; or it may be merely an enlargement of the footing as are 
the stepped wall footings. A.C.I. Article 1207 gives recommendations 
for pedestal design. 


ILLUSTRATIVE PROBLEM 62 

279. Design of Exterior Column Footing. Design an exterior footing for the ex- 
terior column stack of Problem 41 (Chapter 1 1 ) with an allowable soil pressure of 
3 tons per square foot. The basement column is 6 =« 21 in. and t « 24 in. and it has 
six ij-in. square bars and a concrete strength /c ~ GOOD lb. per sq. in. This column 
has a load N =» 600,000 lb. at its base and a moment Mi = 1,000,000 in.4b. at its 
upper section under the first floor. Assume that the footing fixes the lower end; 

Ml 

therefore the moment at the bottom section is Af = — — 500,000 in.-lb. (Art. 372). 




Column t 


Column 


fi'rsi floor 


first floor 


N\ 


Colt 


r 



LI 

footi 

^0 

m 

1 dosemenf 




(a) 


ib) 


fo&finff 

(C) 




'Ml 


Fia. 177 


M 600,000 

The resultant of the force N and couple M (Fig. 177tt) acts at e ~ 

0.83 in. from the column center line (Fig. 1776). If the force N passes through the 
center of gravity of the footing base, or center line, the assumption of uniform net 
pressure on the base of the footing is justified. If the footing is centered on the col- 
umn center line, the net soil pressure varies uniformly with the maximum intensity 
on the outer edge, and the footing will tend to tip outward. 

In this problem the force N is less than 1 im from the column center line. If the 
live load on the first floor is reduced and the moment in the column decreases, the 
force N approaches the column center line. In order to avoid any chance of the 
footing tipping outward owing to a resultant force N to the right of the footing 
center, the exterior footing will be centered 1 in. outside the column center (approx- 
imation for 0.83 in.), and will be designed for a uniform soil pressure. The footings 
for interior columns are centered on the column axis, as the most severe loading for 
interior columns is an axial load. 

280. Depth for Diagonal Tension. The shear stress v, used as a measure of diag- 
onal tension, shall not exceed 0.03/ c, nor 75 lb. per sq. in. Since the depth is usually 
determined by this requirement, there is no incentive to use concrete stronger than 
/ 2600 lb. ner so. in. Adoot this stremrth. 
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A rectangular footing will be used with the rectangular column. Taylor, Thomp- 
son, and Smulski ^ state that the cheapest proportions are given if the rectangular 
base projects the same distance beyond each column face, because these proportions 
require the minimum amount of materials. This criterion will be adopted for this 
design* 



Fig. 178 



A.C.I. Article 1205a states that the critical sections for diagonal tension shall be 
assumed at a distance of d from the faces of the column. The shear force on these 
sections is due to the net pressure on the cross-hatched area outside (Fig. 178). 
Since d is not known, the computation is somewhat intricate. 


Net pressure p 


600,000 

107.8 


5670 lb. per sq. ft. 


* Concrete^ Plain and Reinforced^ Vol. 1, p. 510. 
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^ 5570 [107.8 + 

tmm ' » & 144 _ 

> 76 = - I I — lll■■l■■ ■I K .-IIII m ffr 

bjd 2[(24 -f 2d) + (21 + 2d)] X O.B7d 
161.64 -f 13.484^ = 16,019 - 904 - 442 

4 - 23.2 in. Use 4-24 in. 


Use A *= 4 + 6 =* 29 in. Weight of footing — 39, OCX) lb. 


281. Depth, by Bending Moment. In Figure 178 the bending moments at sec* 
tions AA and BB are 

126 X (51)2 

Ma » “TT 5570 X - 7 : — ~~ = 6,350,000 in.-lb. 

2 2 X 144 


Mb 


5570 X 


12 3 X (51)2 
2 'x 144 


6,190,000 in.-lb. 


The sections are rectangular; therefore 

^ 3 / ^ 50 , 000 ^ ^ / 6 , 190,000 

““ A '6 \ 1% X 126 “ \ 196 X 123 


16.1 in. 


This depth is much less than the diagonal tension requirement. Use 4 *= 24 in.; 
h « 29 in. 

282. Steel. I^et us assume 4 = 24 in. as an av(»rage for the two levels of steel. 
Place the steel crossing section A A low(»rmost with an assumed 4 24.6 in.; its 

area equals 


M 


6,350,000 X 0.85 


12.7 sq. in. 


fsjd 20,000 X 0.87 X 24.5 
For 4 « 23.5 in., the steel crossing section BB equals 

^ 6,190,000 X 0.85 . 

Bond is checked at the face of the column. For the steel crossing section A A, 


5570 X X 0.85 

V 144 

^ * 140 X 0.87 X 24.5 


« 71.0 in. 


For the steel crossing section BB, So *= 72.3 
The bond requirement is more severe. U|e thirty-one |-in. round bars in each 
direction. This easily satisfies the fiber streii requirement. The steel crossing sec- 
tion BB is spaced uniformly over the 123 im A.C.I. Article 1204p states that the 
steel crossing section AA shall be spaced ur^ormly over a band width of 123 in. 


This steel amounts to 


2 


- ^33 — 0.99 of the total area. The remainder is spaced 

tI 8 + 1 

uniformly over the two equal end strips of 1.6 in. In other words, our footing is so 
nearly square that a uniform spacing can be used over the entire width of 126 in. 
Use a standard semicircular hook at each end and 3 in. of concrete protection 
at the footing sides; then the long bars will be 11 ft. 8 in. long and the short bars 
11 ft. 4 in. long (A.C.I. Art. 906). 
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283. Dowels. Short bars, or dowels, are placed at the column-footing junction 
to transfer the column load to the footing. They must have at least the area of the 
column steel in the column, in this case 9.36 sq. in. (six l|-in. square bars). A.C.I. 
Article 1103c states that these dowels must extend 32 diameters into the footing for 
a concrete strength / « » 2500 lb. per sq. in. In order to preserve dampproofing 
clearances at the base of the footing, it will be necessary to use f -in. bars. Use 
twenty-two |-in. round bars 48 in. long. 


ILLUSTRATIVE PROBLEM 68 


284. Design of Footing for Interior Column. Design a footing for the interior 
column of Problem 47 (Chapter 11). This basement colunm is of 6000-lb. concrete, 
30 in. in diameter, and has an axial load of 1,112,000 lb. at its base. Use 2600-lb. 
concrete for the footing and an allowable soil pressure of 3 tons per square foot. 

Use a square footing weighing 100,000 lb. The colunm section is assumed to be 
27 in. square, of the same area as the 3Q-in. circle. By the methods of Problem 52 
the following results are obtained, 


Minimum area of footing 
Depth for diagonal tension, d 
Depth for bending, d 
Actual weight 
A, 


s= 202 sq. ft. Use 14 ft. 3 in. square 
= 33 in. and li =* 38 in. 

= 23 in. Use d — 33 in. 

« 96,600 lb. 

= 25.1 sq. in. and So « 99.2 in. 


Use twenty-six 1-in. square bars in each direction, 16 ft. long, hooked. 

286. Footing with Pedestal. The footing depths are quite shallow compared with 
those of former methods of design, so the saving of concrete by the use of pedestals 
is not so great as formerly. Let us investigate the possibility of using an unreinforced 
pedestal for this design. 

A.C.I. Article 1207a states that the compressive stress on the gross area of a 
pedestal shall not exceed /« =* 0.25/'c = 626 lb. per sq. in. 

1 112 000 

Pedestal area = — 1780 sq. in. 


Use a pedestal 43 in. square, projecting 8 in. beyond the equivalent square column. 
Depth for diagonal tension at section Z), d *= 33 in. (Fig. 179) 

Depth for diagonal tension at section A, d =» 29 in. 


Cj2i 


27 " 


-'Equivalent Sqm 
Column 


\8ft.^96in.Spuore ^ 


05 C 

14 ft.* 168 in. Square 




•IS'lkSguors 

l5'‘d‘'Long 


Fig. 179 
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In this case the saving of 4 in. of concrete over an area of 190 sq. ft. is probably 
not balanced in cost by the necessity of extra forms for the pedestal. This pedestal 
is unreinforced and it is not desirable here to use a smaller one reinforced as a column. 

Let us also consider the possibility of using a larger pedestal to form the equiva- 
lent of a stepped footing. The footing depth at the edge of the column will have the 
values d = 33 in. and h = ZS in. computed above. Let us arbitrarily assume steps 
of 20 in. and 18 in., and estimate the weight as 64,000 lb. (Fig. 179). 

1 1 76 000 

Area of base *= ^ ~ 196 sq. ft. Use 14-ft. square. 


1,112,000 

Net pressure == — — — = 5680 lb. per sq. ft. 

196 

Depth for diagonal tension at critical section A, with d = 15 in. and h as shown 
on Figure 179. 

5680 196 — \ 

= = 75 L 

" bjd ill X 0.87 X 16 

h — 126 in.; therefore width of upper step =» 126 — 2 X d = 96 in. 


At section BB, 


At section CC, 


M 


Weight of footing — 63,500 lb 
5680 X 14 X (36)2 


As = - 


2 X 12 
4,280,000 X 0.85 




M 


20,000 X 0.87 X 15 

y _ 5680 X 14 X 3 X 0.85 
ujd 


140 X 0.87 X 15 
5680 X 14 X (70.5)2 


4,280,000 in.-lb. 
= 13.9 sq. in. 

Ill in 


2 X 12 


16,500,0(X) in.-li). 


As 


J^500,000 X_0.8^ 
^KIO X (l87 ~ ><“33 


24.4 sq. ill. 


5680 X 14 X 70.5 X 0.85 ^ . 

140 X 0.87 X 33 x: 12 ” ' ^ 

To satisfy the area and piirimetor requirenients use twenty-fiight 1-in. sijuarc bars, 
spaced approximately 6 in. on centers. These bars will be hooked; they are 15 ft. 
8 in. long. 

A comparison of these results with constant-depth footing of Article 284 gives 


Constant-Depth Stepped Footing 


Artm of footing, sq. ft. 

203 

196 

Weight, lb. 

96,500 

63,500 

Total depth, in. 

38 

38 

Volume of concrete, cu. ft. 

643 

423 

Weight of steel, lb. 

2,835 

2,990 
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A cost comparison for the stepped footing will compare the saving in concrete 
with the increase in steel and form costs. The necessary dowels must be i>laoed in 
the top of the footing to lap up into the circular column. 


ILLUSTRATIVE PROBLEM 64 


286. Footing with Piles. Design the interior footing of Problem 53 if the load is 
supported on piles. Assume the piles to be 12 in. in diameter at the top and spaced 
3 ft. apart, each pile carrying safely a load of 20 tons. Use fo ^ 2500 lb. per sq. in. 

Column load 1,112,000 lb. 

Estimated footing weight » 168,000 lb. 

Total on piles ~ 1,280,000 lb. 

1,280.000 

Number of piles “ 

. .. . j 1,112,000 „„ ,, 

Net pile load = rr “ 34,760 lb. 

32 


The piles will be arranged as shown in Figure 180. 

Diagonal Tension. Assume the critical section to come somewhere near perimeter 
d 

ABCD <tt - from edge of column. 

« JL « 34>750 X 28 

" “ hjd 4(27 + 2d) X 0.87 X d 

2d* + 27d = 3728 and d = 36.9 in. 

Use d = 37 in. and A = 37 + 3 4- 6 = 46 in. 

Fiber Stress, Taking moments about section EE, 


Me “ 34,750(4 X 76.5 + 6 X 40.5 + 6 X 4.5) = 20,000,000 in.-lb. 


[M _ [ 20,000,000 

/a'6 “ \196 X 18 X 12 ■ 

Use d « 37 in. and A ~ 46 in. 

Actual Weight, Let us use the footing base shown in Figure 180, assuming that 
the concrete saved justifies the extra form cost of cutting off the comers. 


Weight 




169,000 lb. 


This is almost exactly the weight assumed. 

Sted, 

20,000,000 X 0.85 
‘ “ 20,000 X 0.87 X 37 


26.4 sq. in. 


Bond will be checked at section EE, 


V 34,750 X 16 X 0.85 
ujd * 140 X 0.87 X 37 


105 in. 
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Use twenty-seven 1-in. square bars in each direction. Most of these bars will be 
19 ft. 8 in. long; but those in the outer 3^ feet will be made varying lengths. 



SecHon Through FooHng 


Fig. 180 

COMBINED fOOTINGS 

287. Combined Footings. In con|eeted districts a building is fre- 
quently carried to the property line with the exterior columns at or near 
the line. It is not possible to centeaf a simple footing on the exterior 
colunm axis. A combined footing carrying the exterior column and an 
interior column is often substituted. If the building fronts on two 
streets, the comer column is often carried on a combined footing with 
two exterior columns and at least one interior column. In certain cases 
the allowable soil pressures may be low enough so that the footings 
overlap and a continuous slab results. The ultimate expansion is a raft 
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foundation which is an inverted floor i^stem. Footings carrying more 
than two columns are statically indeterminate. 

288. Two-Column Footings. The footing carrying one exterior and one 
interior column should be designed to meet the following requirements: 

1. An area great enough to give the safe allowable soil pressure. 

2. A shape such that a uniform net soil pressure is given. 

In other words, the resultant of the loads must act through the center 
of gravity of the base. If the footing is of constant depth, the footing 
weight acts at the center of gravity of the base whatever shape is 
adopted. The resultant of the column loads must act there also. 

Rectangular Base. If the only restriction is the projection of the foot- 
ing beyond the exterior column, the footing base can be rectangular. 

Trapezoidal Base. If the rectangular base overlaps the opposite foot- 
ing, or if there is a restriction to the projection beyond the interior 
column, a footing base trapezoidal in shape will be necessary to fulfill 
the two requirements listed above. 

Connected Footings. Occasionally it is advantageous to use separate 
footings connected by a beam. The eccentric loading of the exterior 
footing is balanced by a pressure of the interior column on the connect- 
ing beam. 

If this beam, or strap, rests on undisturbed soil at the level of the 
footing bottoms, it may be considered part of the combined footing 
area. If reliance is placed on piles, or caissons, to carry the column 
loads, because of low allowable soil pressures, the strap may be regarded 
as a cantilever beam loaded at its end by the interior column. In such 
a case the strap often tapers in depth, and effort is made to have only 
loose fill under it. 

ILLUSTRATIVE PROBLEM 55 

289. Design of Rectangular Combined Footing. Design a combined footing to 
carry the exterior column stack of Problem 52 and the interior column stack of Prob- 
lem 63. These columns are 29 ft. apart on centers. Assume that the outside of the 
footing cannot project more than 18 in. beyond the outer face of the exterior column. 
The allowable soil pressure is 3 tons per square foot. Use 2500-lb. concrete. 

290. Dimension of Base. 

Exterior oolunrn load =* 600,000 lb. 

Interior column load =» 1,112,000 lb. 

Estimated footing weight — 200,000 lb. 

1,912,000 lb. 

Area of base « — — - — = 319 sq. ft. 

6000 

Resultant of column loads - 1,712,000 lb. 
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M « 1,112,000 X 29 = l,712,000a:r 
av = 18.85 ft. 

The resultant acts 18.85 + 2.5 = 21.35 ft. from the outer edge of the footing. 
This point is the center of gravity of the rectangular base. 

Length of footing = 21.35 X 2 == 42.7 ft. Use 42 ft. 9 in. 

319 

Width of footing ~ 7-— 7.46 ft. Use 7 ft. 6 in. 

42.75 

291. Depth by Bending Moment. Bending and shear will be caused in the footing 
by the net soil pressure and the column loads. The design of the longitudinal beam 





~29ft- 


Exterior Columt 
y—IS’/j s q X 35 ft € long 


\^6‘-7^L^24\ 
dff. e'^tongA^ 




X 44H 9'*lona 7 




/lift 

Substitute 
_ Square 
Interior Column 


’-I5^i'‘sq X 44 ft 9" long 

•42in 


Fia. 181 


z 


^14-1** rd, X 
15 ft Belong 


36-fsqX 
8ft 4long 




will be made for the assumption of a uniforin load over the width of 7 ft. 6 in. The 
column loads must later be spread transversely to justify this assumption. 


Net pressure p = 
Longitudinal beam load w 


1 , 712,000 


5340 lb. per sq. ft. 


320.6 

5340 X 7.5 40,100 lb. per It. length 


The loading, shear force, and bending moment diagrams for the longitudinal beam 
are given in Figure 181. The assumption is made that the column loads are uniformly 
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distributed over the column width. The essential shear force and bending moment 
values for the longitudinal beam are listed below. 


Distance from 
Exterior End 

Shear Force 

Bending Moment 

ft. 

kips (1000 lb.) 

ft.-kips 

1.5 

60.2 

45.2 

1.73 

0 

52.1 

2.37 


0 

3.5 

-460.0 

-354.0 

6.56 


-1577.0 

14.97 

0 

-2982.0 

23.39 


-1577.0 

27.21 

490.0 

0 

30.38 

618.0 

1775.0 

31.54 

0 

2240.0 

32.63 

-403.7 

2020.0 

33.9 

-355.0 

1577.0 

35.0 


1200.0 


Solving for the depth of the rectangular section to satisfy the maximum numerical 
moment, 


d « 



4 


2,982,000 X 12 
196 X 7.5 X 12 


= 45 in. 


Use depth = d -f 5 = 50 in. 

292. Shear. The maximum numerical shear force Y » 618,000 lb. 


JT 

hjd 


618,000 

90 X 0.87 X 45 


= 175 lb. per sq. in. 


This exceeds the allowable stress v « O.O 6/0 « 150 lb. per sq. in. for ordinary anch- 
orage and is less than the allowable v = 0.12/c 300 lb. per sq. in. for special 

anchorage. Use special anchorage. 

The concrete can withstand a ''shear equivalent of diagonal tension'' v « 0.03/c = 
75 lb. per sq. in. The combined footing is not a cantilever between columns, and 
diagonal tension cracks may occur close to a column. The critical section will be 
taken at the column face. The maximum shear equivalent v =» 175 lb. per sq. in. 
necessitates the use of web reinforcement. 

Use a total footing depth h ^ 50 in. The weight of the footing equals 

W « fS- X 320.6 X 150 =» 200,000 lb., as estimated. 


293. Steel. Negative Steels 
the columns. 



This steel is placed in the top of the footing between 


2,982,000 X 12 
20,000 X 0.87 X 45 


45.7 sq. in. 


This steel is spread over a width of 7 ft. 6 in. The concrete must be potired through 
it; therefore space it about 6 in. on centers. These bars will be in two rows. 
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Bond is checked at the sections of maximum rate of change of negative bending 
At the exterior end this occurs at the inside face of the column 


moment 


(f-)' 


at 3.5 ft.; in the interior direction it occurs at the point of inflection, 27.2 ft. The 
perimeters needed at these two sections to satisfy an allowable bond stress u «= 
0.075/ c = 187.5 lb, per sq. in. are 


(2)o)ert. 


-L 460,000 

ujd 187.5 X 0.87 X 45 


(So)int. 


490,000 

187.5 X 0.87 X 45 


66.7 in. 


Use thirty l|-in. square bars in two rows with A, = 46.8 sq. in. with a spacing 
of 6 in. Bond is satisfied by 14 of these bars, so the lower row may be bent down 
according to fiber stress requirements. If the upper row of 15 bars remains, the 
moment that may be safely carried is 

Af =* 15 X 1.56 X 20,000 X 0.87 X 46.5 X tV = 1,577,000 ft.-lb. 

From the bending moment diagram, the lower row may be bent down at sections 
6.56 ft. and 23.39 ft. from the exterior end. The upper row will run by the points 
of inflection and be carried under the columns. 

Positive Steel under interior column. 


2,240,000 X 12 

20,000 X 0.87 X 45 


34.3 sq. in. 


Bond will be checked at the section having the greatest rate of change of bending 
moment [V — 618,000 lb.). This is two-way steel, as the transverse steel is also 
in the bottom, and the allowable u = 0.056/ c ~ 140 lb. per sq. in. 




618,000 

140 X 0.87 X 45 


112.5 in. 


Part of this steel can be supplied by the fifteen l|-in. square bars bent down from 
the lower row of the negative steel. Add fourteen 1-in. round bars as an upper row 
to satisfy both area and perimeter requirements. The fifteen ij-in, square bars 
can carry a moment of 1,577,000 ft.-lb. safdy, so the 1-in. bars can be bent up at 
33.9 ft., the bond stresses being also safe. 

Exterior Column. The maximum bending moment is only 52,100 ft.-lb., so the 
concrete can undoubtedly carry the tensile itresses. Assume a depth of plain con- 
crete A 48 in. ; the maximxun tensile streaf in the concrete will equal 


El 52400 X 12 X6 
“ 90 X(48)* 


18 lb. per sq. in. 


The allowable tension ft « 0.03/'c *= 75 lb. per sq. in. No tension steel is needed. 

294. Diagonal Tension. The shear stress diagram is plotted in Figure 181. Above 
the value v « 0.03/« « 75 lb. per sq. in.^ diagonal tension steel must be provided. 
Since the column does not extend completely across the width of the footing, it will 
be assumed that diagonal tension cracks may start at the section at the face of the 
column. Diagonal tension steel will be provided by bent bars, where available, 
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and by stirrups. At each section seven 2-rod stirrups of f-in. round bars will be 
hung on 14 of the 16 bars in the upper row of negative steel (Fig. 182). 


Maximum spacing s 
8 

Bent bars s 

8 


: ^ sa 12 in., where v > 160 lb. per sq. in. 
: 24 in. where v < 160 lb. per sq. in. 

24 in., where v > 160 lb. per sq. in. 

48 in., where v < 160 lb. per sq. in. 


m 6Jn. 



The shear stress varies from v * 130 lb. per 
sq. in. to zero for sections from 3.6 ft. to 14.97 
ft. It varies from 0 to 176 lb. per sq. in. from 
14.97 ft. to 30.38 ft. Beyond the interior 
column the shear stress varies from 114 lb. per 
sq. in. to zero from 32.63 ft. to 42.76 ft. The 
shear stress exceeds 76 lb. per sq. in. from 3.6 
to 8.36 ft.; 21.66 ft. to 30.38 ft; and from 
32.63 ft. to 36.16 ft. Use 


V •= 


14 X 0.307 X 20,000 

75 H 

90 X 5 X 1 



The stirrup spacings can now be figured. The bent bars consist of fifteen ij-in. 
square bars, or, beyond the interior colunrn, of fourteen 1-in. round bars. If either 
set is used at the maximum spacing of 48 in., the maximum shear stress each grotip 
can witlistand is 

. 15 X 1.56 X 20,000 , 

t( = 75 + -- - "-g ^ Q yqy 228 lb. per sq. in. for the It-m. bars 

V « 147 lb. per sq. in. for the 1-in. round bars. 

In other words, these bent bars can be used in any part of the span at a spacing of 
48 in., provided the shear stress is less than 150 lb. per sq. in. 

The cracks tend to appear at the top of the footing between the columns. Fifteen 
1 J-in. bars can be bent down at 6.56 ft., or 37 in. from the inner face of the exterior 
column. No stirrups are needed in this length. Diagonal tension reinforcement 
must be used for 8.36 — 3,5 =* 4.86 ft. « 59 in. Beyond 6.66 ft. one set of stirrups 
at 24 in. will suffice. 

These fifteen 1 J-in. bars can also be bent down at 23.39 ft., which is 84 in. from 
the exterior face of the interior column. The shear stress reduces to 160 lb. per sq. in. 
at 27 in. from this face. For this distance use 3 stirrup sets at 9-in. spacing, then 
1 spacing at 12-in. (39 in. out). We are now 45 in. from the bent bars and they can 
reinforce this length. From 21.66 ft. to 23.39 ft. (22 in.) use 1 stirrup set at 24 in. 

Beyond the interior column the cracks will occur at the bottom of the footing. 
The fourteen 1-in. round bars can be bent up at 33.9 ft., or 16 in. from the colunrn. 
Use 1 stirrup set close to the column face, then bend these bars up 16 in. out. They 
care for all cracks for 48 in., or 63 in. out. The steel arrangement is shown in Fig- 
ure 181. 

296. Transverse Beams. The column loads reach the footing on the narrow 
column area. The design of the longitudinal beam has assinned that these column 
loads are spread the full width of the footing. The design should justify this as- 
siunption. In some cases this is done by providing transverse steel the whole length 
of the footing. It seems desirable, however, to spread the load laterally at once. The 
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1940 Joint Committee Specifications require that the transverse steel shall *‘be placed 
uniformly within a band having a width not greater than the width of the column 
plus twice the effective depth of the footing.” 

This lateral transference of load might be accomplished by resting the column 
on an I-beam grillage. Such beams would be designed for a uniformly distributed 
(average) load, whose value would be the column load divided by the area of bearing 
between the I beams and the footing. In the same way a transverse concrete beam 
might be placed on the footing instead of the I beams. The transverse beam loading 
is not so evident if the concrete beam is placed within the footing. It is designed, 
however, as though it rested on and loaded the longitudinal beam. Now that the 
beam is within the footing it is difficult to justify its existence as an independent 
beam with no shear forces or bending couples on its sides. The design as an inde- 
pendent beam is on the safe side and should provide adequate strength and stiffness 
for the lateral transfer of the column loads. 

296. Transverse Beam. Exterior Column. In order to place this beam symmet- 
rically under the column it will be made 5 ft. wide. The net load w per foot of trans- 
verse length equals 

ntni inni 

80,000 lb. per ft. 


w 


600,000 


7.5 


The transverse beam comprises two cantilevers, each projecting 34.5 in. beyond 
the column faces. The maximum moment occurs at the column face and equals 


wl- 80,000 X (34.5)2 

— iini — 


- 3,970,000 in.-lb. 


A, - 


3,970,000 


20,000 X 0.87 X 45 
V 80,000 X 34.5 


5.07 sq. in. 


= 31.4 in. 


ujd 187.5 X 0.87 X 45 X 12 

There is no longitudinal steel on the bottom of the footing at the exterior column, 
so this transverse steel is one-way steel with the allowable u — 0.076/'c. Fourteen 
f-in. round bars in one row satisfy both fiber stress and bond and give a spacing 
about 4.5 in. on centers for the 60-in. width. 

Interior Column. 

1,112,000 

= 148,500 lb. per ft. 


M 


A. 


So 


7.5 

148,500 X (31.5)^ 

2 X 12 

6,140,000 

20,000 X 0.87 X 45 

148,500 X 31.5 
140 X 0.87 X 46 X 12 


6,140,000 in.-lb. 
=» 7.84 sq. in. 

71 in. 


This steel is two-way steel with an allowable u = 140 lb. per sq. in. The perim- 
eter requirement is high compared to the area, and thirty-six ^-in. square bars 
in two rows will be used which have a spacing of 6.5 in. on centers in the width of 
2 X 45 4- 27 SB 117 in. Figure 181 shows this steel which is also hooked at its ends. 
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XLLUSTRATIVB PROBLEM 66 

897. Design of Trapezoidal Footing. In Problem 55 let us assume in addition 
that the projection beyond the center line of the interior column cannot be more 
than 7 ft. Let the total length of the footing Z « 38 ft. 6 in. Assuming again a 
weight of the footing of 200,000 lb., the area of the base equals 319 sq. ft. and its 
center of gravity again must be 21.35 ft. from the exterior edge. 



600,000 ib. 


IJl2i000M>. 


exterior Cohmm 


interior Coiu/m 


Fia. 183 


By Figure 183, 


Area = 319 = ^ ® 


Center of gravity Xo — 


I \ 12 

aZ + (5 — a) ” 


l(a+2b) 

VI7 

2(a + &) 


From equation 240, a + & “ 16.58. 

00.5 

Substituting in equation 241, 


21.35 X 16.58 X 3 

h « • - 16.58 « 11.0 

38.5 

a « 16.58 - 11.0 » 5.58 


Use a « 5 ft. 7 in. and 5 11 ft. 
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The width c at a distance x from the small end equals 

h a 

c « a H ^ — X « 5.58 4- 0.141® 

1 712 000 

Net pressure p 6370 lb. per sq. ft 

The net pressure per foot length is uniformly varying and equals 
pc 5370(5.58 + 0.141®) lb. per ft. 

The shear force and bending moment diagrams can be plotted as in the previous 
problem and the same procedure used for design. The longitudinal steel will be 
spread fanwise over the trapezoid and alternate bars will be cut off as allowed by 
moment or bond as the small end is approached. The diagonal tension stirrups will 
require a separate detail for each set as the supporting bars vary in spacing. The 
span of the transverse beams is approximated by using the center-line dimension. 


ILLUSTRATIVE PROBLEM 57 

298. Design of a Connected Footing. Design a connected footing to support the 
exterior and interior columns of Problem 55, using a 2500-lb. concrete and an al- 
lowable soil pressure of 3 tons per square foot. Assume that the strap beam bears 
on undisturbed soil. 



Follow the procedure of Problem 55; t|a necessary area is 319 sq. ft. and its 
center of gravity should be 21.35 ft. from outer edge of the footing. Assume the 
connecting beam to be 4 ft. wide, the int^ior footing to be e feet square and the 
exterior footing to be the same width c (Big. 184). 

Area = 319 « + 4(31 5 

-f e/ - 2e - 4/ « 193 
Moments about AA give 

18.86X319=29e*+e/^^ -2.5^ +4(31.6 -/-0.6e) ^/-2.5+ 

4344 -29.6e*+0.6^-2.6e/+lQf-68e-^ 
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Solving, 


6 < 


13.166 ft. 
6.06 ft. 


Use 13 ft. 2 in. 
Use 6 ft. 1 in. 


It is possible, of course, to obtain other dimensions by making the width of the 
exterior footing different from that of the interior. 


Net pressure p 


1,712,000 

319 


6370 lb. per sq. ft. 


290. Design of the Connecting Beam. If the exterior footing and beam are taken 
as a unit, the loads are those shown in Figure 186 to the edge of the interior footing 



b 


I 


Fig. 186 


(24.92 ft. from outside of exterior footing). This system is not in equilibrium, and 
the tendency of the exterior column to tip the footing-beam unit is balanced by the 
186,4(X)-lb. load applied by the interior column. This 185,400 lb. is the difference 
between the column load and the net upward pressure of the interior footing. The 
beam is assumed to penetrate the interior footing until under the interior column. 
The loads, shear force, and bending moment diagrams are plotted in Figure 186. 
Certain essential values are tabulated below. 


Distance from 
Exterior End 

Shear Force 

Bending Mon 

ft. 

kips (10001b.) 

ft.-kips 

1.6 

106.06 

79.5 

1.96 

0 

104.0 

3.6 

-352.63 

-166.7 

6.08 

-240.6 

-636.2 

16.28 

0 

-1982.6 

24.92 

186.4 

-1181.2 

31.6 

185.4 

0 
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Depth by Bending Moment. 


\_M ^ /l, 982, 6 00 X 12 

iC6 “ "V 196 X 48 


= 50.3 in. 


Use d ~ 51 in. and — 51 -j- 6 = 56 in. 

Shear, Between footings, the beam is rectangular and the maximum shear force 
V « 240,600 lb. Within the exterior footing-beam combination the cross section 
will probably be shaped as in Figure 186. In this case the maximum shear stress 


xSSffsin.Long'^ 

sTIZZ 


^3 Pairs 4‘RodVrd. 
Stirrups X 18 ft Sin. L 


’-tO-rsq.^S* 

xl4ft.9in.Lcng 


9-//sQ.KS5ff.Sin.Leng 

9-/isq.xS2rtJh.Long 

3 Pairs 4Rodit'rd. 
Stirrups X IBft. Sin. Long 



Fig. 186 


will occur between the tension steel and the neutral axis (Art. 51). If the neutral 
axis lies in the projecting beam, the width h is 48 in., as in the connecting beam. 
Maximum shear occurs at the interior face of the exterior column (3.5 ft. in.). 


352,530 

Maximum stress v = — . ^ « = 166 lb. per sq. in. 

hjd 48 X 0.87 X 61 


Use special anchorage. Allowable stress v *= 0.12/c ~ 300 lb. per sq. in. Safe. 
Steel, 

M 1,982,600 X 12 ^ . 


For bond, 


« — = , « 26.8 sq. in. 

• fsjd 20,000 X0.87X51 ^ 


^ V 352,530 

2o — == ' =» 42.4 in. 

ujd 187.5 X 0.87 X 51 


Use eighteen l^-in. square bars in two rows. The top row will be run from the 
outer end of the exterior footing through the interior oolumn. The second row may 
be bent down when bending moment and bond requirements permit. The top row 
can carry a moment of M »= 20,000 X 9 X 1.66 X 0.87 X 62 « 12,680,000 in.-lb. * 
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1,057,000 This occurs at 7 ft. and 25.7 ft. from the exterior end. The top 

row is safe for bond wherever the shear force is less than 


V « u(Zo)Jd - 187.5 X 9 X 5 X 0.87 X 52 » 382,000 lb. 

These 9 bars fulfill bond requirements anywhere in the span. 

At the exterior column there is a positive bending moment of 104,000 ft.-lb. 
Assuming a plain concrete section 53 in. deep the concrete tensile stress equals 


^ 104,000 X 12 X 6 

' / ” 48 X (53)2 


56 lb. per sq. in. 


Allowable tension equals 0.03/'<. =* 75 lb. per sq. in. No tensile steel is needed. 

DiagoTud Tension. From the shear stress diagram of Figure 185 the following 
data are listed: 


Distance from 

Shear 

Distance from 

Shear 

Exterior End 

Stress 

Exterior End 

Stress 

ft. 

V 

ft. 

V 

1.5 

50 

8.83 

75 

3.5 

166 

23.72 

75 

4.0 

150 

24.92 

87 

5.08 

113 

31.5 

87 


Diagonal tension reinforcement will be needed from 3.5 ft. to 8.83 ft., and from 
23.72 ft. to 31.5 ft. 

Maximum spacing of stirrups » 27 in. (t; < 150) 

Maximum spacing of stirrups « 13.5 in. between 3.5 ft. and 4.0 ft. 
Maximum spacing of bent bars « 54 in, (t> < 150) 


The bent bars can be used at their maximum spacing wherever the shear stress is 
less than 


V 




bs (sin a) 


9 X 1-56 X 20,000 
48 X 54 X 0.707 


225 lb. per sq. in. 


However, when the stress v is greater than 150 lb. per sq. in., these bars can only 
be spaced at 27 in. The diagonal tension cracks will tend to occur at the top of the 
beam. The lower row of 1 J-in. bars can be bent down at 7 ft. This section is 36 in. 
from the section where v « 150 lb. per sq. in. From 3.5 ft. to 4 ft. stirrups must be 
used; also from 7 ft. to 8.83 ft. Try two four-rod |-in. roimd stirrups hung upon 8 
of the 9 bars in the upper row. Their closest spacing will be 


166 


75 4- 


8 X 0.196 X 20,000 
48Xs X 1 


or 


s « 7.2 in. 
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Possible spacings are tabulated below. 

Distance from 

Spacing 

Shear Stress 

Interior Face of 

B 

V 

Exterior Column 

in. 

lb. per sq. in. 

in. 

6 

• • • 


9 

147 

7 

27 

99 

36 

. , 

75 

64 


Use one spacing of 6 in., then the bent bare care for 36 in. (42 in. beyond column), 
then one spacing of 27 in. 

Between 23.72 ft. and 31.5 ft. stirrups and bent bars will be used as diagonal ten- 
sion steel. The bars can be bent down at 25.7 ft. and they prevent cracks for 54 in. 
(30.2 ft.) The exterior face of the interior column is located at 30.38 ft., so bend down 
the bars at 25.92 ft., which is 54 in. away, and use no stirrups. From 25.92 ft. to 
23.72 ft. use one 27-in. stirrup spacing to pass the v « 75 section. The steel arrange- 
ment is shown in Figure 186. 

800. Design of Exterior Footing. This footing will be a cantilever extending out 
55 in. from each side of the beam. For a strip 1 ft. wide the critical section for 
diagonal tension will be d in. from the face of the beam. 


« 5370 X (55 - d) 

vbj “ 75 X 12 X 0.87 X 12 


Solving, d » 20 in. 


The maximum bending moment at the face of the beam equals 


Af 


2 


5370 X (55)^ 
2 X 12 


- 677,000 in.-lb. 


17 in. 


Use d « 20 in. and A = 20 -f- 5 = 25 in. 
SteeL 


A, 


677,000 

20,000 X 0.87 X 20 


1.95 in. 


So 


5370 X 55 

187.8 X 0.87 X 20 X 12 


7.65 in. 


Use 1-in. square bars spaced at 6 in. on centers. These bars are hooked at 
the ends. 

801. Design of Interior Footing. This footing is designed as a simple footing with 
a net soil pressure of 5370 lb. per sq. ft. This corresponds to the column load of 
1,112,000 — 185,400 — 926,600 lb. The computations follow the procedure of 
i^blem 53 and give results of 
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Size « 13 ft. 2 in. square 

Depth for diagonal tension d = 29.4 in. 

Depth for bending moment d - 20.2 in. 

Use d — 30 in. and h ^ 35 in. 

As =* 20.6 sq. in. and So *= 89.8 in. 

Use twenty-three 1-in. square bars (hooked) in each direction, 14 ft. 9 in. long. 

The total weight of the footing 169,000 lb. The weight was originally assumed 
to be 200, OCX) lb. The design may be corrected for the reduced actual weight with 
some slight decrease in the dimensions of the two footings. 


ILLUSTRATIVE PROBLEM 58 

802. Design of a Strap Footing Connecting Caissons. Assume that the exterior 
and interior columns of Problem 65 are to be supported by caissons. This is neces- 
sary because the soil immediately below the basement has a low allowable bearing. 
Thirty feet below the base of the columns is a hardpan whose allowable bearing is 
10 tons per square foot. The exterior column is so close to the property line that a 
caisson cannot be placed axially with it. Its center will be located 1 ft. inside the 
exterior column center line, this being also closely the middle point of the exterior 
footing of Problem 67. To offset the eccentricity of the exterior caisson a strap 
will be carried to the interior column. In this case it will be assumed that the strap 
does not bear on consolidated soil and it will be sloped with provision made to have 
loosened fill under it. After a preliminary survey it is decided to make the exterior 
caisson shaft 3 ft. in diameter and the interior one 4 ft. in diameter, with the strap 
3 ft. wide. This strap will also extend under the projecting part of the exterior 
column. 

The forces acting on the strap are shown in Figure 1876 (final dimensions are used). 
Taking moments about the center line of the exterior caisson, 

-600,000 X 1 - (fj X 3 X 3.6 X 160) X i + 450 X 26.6 X 14.76 + -2-^ X 

26.6 X 10.33 + 28^2 - 0 

F2 = 10,600 lb. 

This force F 2 is the net force at the interior column to produce equilibrium of the 
strap. It includes the supporting force for the strap and the portion of the column 
load diverted to the strap. The force Fi exerted by the exterior caisson equals 

Fi = 600,000 + 10,600 + 29,200 » 639,800 lb. 

Exterior Caisson. The load at the base of this caisson equals 

From above Fi = 639,8(X) lb. 

Weight of caisson shaft (22.6 ft.) « 24,000 

Weight of caisson base (4.33 ft.) = 12,200 

Total « 676,000 lb. 

676,000 

m; 6 oo 33.88q.ft. 
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The maximum width of this expanded base cannot exceed 2 X 2.6 ** 6 ft. Use 
the oval shape of Figure 187c, which has a longitudinal axis of 7.83 ft. and width of 
6 ft. On the longitudinal axis the slope of the base to shaft will be approximately 60 
(Fig. 187d). 



The caisson shaft is loaded with a maximum force of 663,800 lb. Designed as a 
tied column (/« « 2600 lb. per sq. in.), it requires a steel ratio p =* 0-0127 and 
area A, = 12.9 sq. in. Use thirteen 1-in. square bars with suitable ties. The ratio 
h ^ 22.6 X 12 
36 


t 


7.6, so this is a short column. 
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Interior Caieaon* The load at the column base equab 


Interior column *» 1,112,000 lb. 

Weight of caisson shaft (24|- ft.) * 46,600 

Weight of caisson base (4.33 ft.) == 21,400 

1,179,900 lb. 

Fi « 10,600 

Total « 1,169,300 lb. 


^ 1,169,300 ^ 

Use base 8 ft. 8 in. diameter 


The caisson shaft is designed as a tied column for a maximum load of 1,148,000 lb. 
Iff'e ** 2500 lb. per sq. in., p =» 0.0114, and A, « 20.7 sq. in. Use twenty-one 1 -in. 
square bars with suitable ties. 

Strap, At the interior end the strap beam has a shear force V =* 10,600 lb. Allow- 
ing t; s 60 lb. per sq. in. for diagonal tension in concrete with no web steel (ordinary 
anchorage), 

. V 10,600 _ 

“ “ 60 X 36 X 0.87 ' 

Use ft = 7 + 6 - 12 in. 

At the center of the exterior caisson the moment in the strap by the previous 
moment equation, equals M « 601,200 ft.-lb. 

^ , /601,200 X 12 

Depth a ^ X / — — — « 32 m. 

^ yj 196 X 36 


At the inner edge of the caisson the shear force V ~ 34,940 lb. 

34,940 

Depth for diagonal tension, d = 50 ^ 36 "x 6 T 7 “ 

Use d “ 32 in. and A » 32 + 3 = 37 in. 

The exterior column overhangs the exterior caisson shaft as shown in Figure 187a. 
Assume the column load to be uniformly distributed; then the force on the blackened 
area outside the caisson equals 175,000 lb. This force tends to shear the strap along 
the line ABODE (22.4 -f 2 X 7.5 « 37.4 in.). The allowable shear stress equals 
V 0.06/ c ~ 150 lb, per sq. in. The necessary depth d equals 


Use /i * 36 -f 3 
Strap Steel. 


For bond, 


or 




176,000 


vbj 150 X 37.4 X 0.87 


35.8 in. 


39 in. 


601,200 X 12 . 

« 13.0 sq. m. 


So 


20,000 X 0.87 X 32 
175,000 

126 X 0.87 X 36 
34,940 

126 X 0.87 X 32 


44.7 in. 


2 o 


10.1 in. 



Abt. 3031 LATERAL SOIL PRESSURE 


331 


Use fourteen 1-in. square bars in two rows. This steel is placed in the top of the 
strap. 

At the center of the straps 14 ft. from the interior columui the moment equals 
208,000 ft.-lb., which requires a depth h « 23.8 in. for concrete fiber stress; the actual 
depth is 24.6 in. With one row of steel, d = 21 in. and the necessary steel area 
A% ** 6.83 sq. in. The shear force at this section equals V = 20,140 lb., which gives 
a shear stress v » 31 lb. per sq. in. and steel perimeters So = 8.8 in. The lower row 
of the steel can be cut off at tUs section. 

When the live load varies on the floors above, the value of (Fig. 1876) will 
vary* If the loose fill under the strap consolidates, the case may arise where the strap 
is supported by the two caissons and tends to sag under its own weight. Using the 
average weight of 920 lb. per ft. as uniformly distributed, 



920 X (28)^ 
8 


X 12 = 1,080,000 in.-lb. 


To avoid cracks at the bottom of the strap, use a steel area approximating 


« 1>Q80,000 

• ” 20,000 X 0.87 X 21 
Use five ^-in. round bars. 


2.96 sq. in. 


RETAINING WALLS 

303. Lateral Soil Pressure. Retaining walls serve to hold back earth 
banks or slopes which would otherwise tend to slide. The thrusts on 
such walls are computed by theories developed in the texts on soil me- 
chanics. Tests checking these theories are as yet few in number owing 
to the cost and difficulty of testing full-sized walls. The Rankine theory 
has been generally used by American engineers for design, but recent 
tests seem to indicate that the Coulomb theory is nearer actual condi- 
tions. The Coulomb theory will be used in this text. 

The Rankine theory assumes that, if a small prism of earth is taken, 
bounded by planes parallel to the surface of the earth and planes par- 
allel to the plane of contact of waB and earth, the pressure w on the 
upper plane (Fig. 188a) is equal to tjie weight of earth above the plane, 
and that the pressure p on the side |?lane is a conjugate stress, and par- 
allel to the surface of the earth. It is assumed that the presence of the 
wall does not affect this analysis. 'Bierefore, the pressure on the wall is 
uniformly varying. 

In the Coulomb theory, the wall restrains the sliding of some mass of 
earth such as ABC (Fig. 1886). This mass weighs W pounds. On the 
plane of sliding AC the pressure F is inclined from the normal so that 
the maximum soil friction is used, the angle of internal friction being 
Similarly the pressure E between the wall and earth develops the maxi- 
mum friction on plane AB, and E is inclined the angle of friction z. 
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The mass must be in equilibrium under the three forces W, F, and E. 
Some plane AC produces the maximum pressure ^ <hi tbe wall, and it is 
for this case that the wall should be designed. The wall pressure equals 

E 


where w 
h 
5 

e 



Fio. 188 


Equation 242 is complicated in form, but has the advantage of being 
general. It may be used for any of the earth pressure theories that 
assume uniformly varying pressures if appropriate values of the angles 
^ and z are substituted. 

The discussion above refers to the case known as actwe pressure of 
the wall and the bank. This implies that the wall moves away from the 
bank as it deforms. When an abutment is pushed into the soil by the 
thrust of an arch, or when a slope creeps or tends to landslip, passive 
pressure exists and the lateral soil pressure is greatly increased. Passive 
pressure implies that the wall and bank approach each other. In Figure 
1886 the wall pressure E' for passive pressure will act on the other side 
of the normal to plane AB, and the force on any sliding plane AC will 
act at F'. Equation 242 no longer holds for the value of E'. Most 
walls are designed for active pressure, and many wall failures are caused 
by the application of passive pressures to these designs. In this text 
active pressures will be assumed. 


' sin® {e 

sin® 0 sin (^ + 2 ) 1 + '\i 


Isin — 6) sin (<(!) + 2 ) V 

'sin {d — S) sin {fi + z)/ 


= unit weight of soil 
= vertical height of wall 
= angle of the slope with the horizontal 
= angle of the inner face with the horizontal. 
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The Coulomb lateral pressures are unifonnly varying. Texts on soil 
mechanics should be consulted for pressure distributions if the wall 
changes its slope, or if there is a surcharge load on the bank near the 
wall. 

304. Gravity Walls. Many walls are built of plain concrete. Such 
walls are designed to be in equilibrium under the action of 

W = weight of wall 
E = earth pressure on a side face 
P = resultant pressure on the wall base 

Figure 188a shows such a case. The weight W acts at the center of 
gravity of the cross section. Either the Coulomb or Rankine theory 
gives a uniformly distributed lateral pressure E, The force P is also 
assumed to be uniformly varying, because the concrete base AD remains 
a plane surface and will produce uniformly varying deformations in the 
soil as the wall tends to tip. If the soil is elastic, the soil pressures will 
also be uniformly varying. 

Applying the conditions of equilibrium, the magnitude and position 
of the pressure P can be determined. For safety it is necessary that 

1. The maximum intensity of the normal soil pressure pv on the base 
be within the allowable soil pressure. 

2. The base be wholly in compression, and the neutral axis (zero 
pressure) be outside the base. The limiting case occurs when the neu- 

AD 

tral axis is at A. The resultant force P then acts — from point D. 

o 

For the case shown in Figure 188a, P acts nearer the center. This re- 
quirement is summed up in the statement that the force P must act 
within the middle third of the base. If the neutral axis is within the 
base, say at (?, the portion AG of ^e base will be lifted off the soil. 

3. The force P does not make aut angle with the normal to the base 
greater than the angle of friction z. 

Gravity footings safely proportioned may or may not be more eco- 
nomical than reinforced cantilever footings, depending on concrete and 
excavation costs. Comparative dedgns should be made. 


JLLUSTBATIVB PROBLEM 69 

306. Design of a Gravity Wall. Design a trapezoidal gravity wall with vertical 
outer face to restrain a bank 22 ft. high. The surface slopes at 10®. The base of 
the footing is to be 4 ft. below the lower level (Fig. 189). The soil weighs 100 lb. 
per cu. ft.; its coefficient of internal friction ^ =« 36®; and the coefficient of friction 
of concrete on earth z « 30®. The maximum allowable soil pressure equals 3 tons 
per square foot. 
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The maximum pressures occur during construction before the earth consolidates. 
At that time the most severe conditions occur if the back fiU is placed and the front 
fill is not. There will be a soil pressure E on the face CB but none on AE, After 
several trials the section shown is adopted. 



Fig. 189 


Taking a foot length of the wall, by equation 242^ ^ «» 36% z » 30% B « 98 J®, 
d « 10 ®; 

Bin^62j® 

•‘2 / 
cos^ 8f ® cos 38f ® f 1 4- 

E « 33,800 X 0.353 * 11,900 lb. per ft. length 

Vertical component Ev — E sin 38|® « 7500 lb. per ft. 

Horizontal component Eu ^ E cob 38f ® » 9300 lb. per ft. 

Taking moments about A, „ . 

Force Moment 



Weight of wall 11.5 X 26 X 1 X 150 = 44,900 X 5.75 
4 X 26 X I X 150 - 7,800 X 12.83 
E^^ 7,500 X 14.17 
Pv “ 27 « 60,20ij 

Eh - 9,300 X 8.67 


M 383,000 

Pp 60,200 


IM 
6.37 ft. 


258.000 ft.4b. 

100.000 
106,000 

+464,000 

-81,00 0 

+■388,000 ft.-lb. 
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15.5 

This is well within the third point — — = 6.17 ft., and the base him compression 

O 

over the full width. However, the maximum soil pressure controls the length of the 
base* Assuming the soil pressure on the rectangular base to be uniformly varying, 
the distance from the neutral axis to the center of pressure being xi and to the 
center of gravity being Xoi 


XI — Xo 


A. 

Axo 


or 


1 X (15.5)^* 

12 X 1 X 15.6xo 


(15.5)^ 
1.38 X 12 


14.45 ft. 


The neutral axis is 6.7 ft. beyond point B of the base. If a is the intensity of pres- 
sure 1 ft. from the neutral axis, the resultant force equals Pv « axoA or 


60,200 

14.46 X 1 X 15.5 


= 269 lb. per cu. ft. 


Maximum pressure pv 
Maximum allowable p« 
The friction Ph 


= 269(15.5 + 6.7) « 5980 lb. per sq. ft. 
= 6000 lb. per sq. ft. Safe. 

= 9300 lb. between base and soil 


Maximum available friction F =* Pv tan z 

F =» 60,200 X 0.677 » 34,700 lb. Safe. 


When the front fill is placed and consolidation takes place the design will have an 
additional factor of safety. 


306. Reinforced Cantilever Walls. Such walls consist of a reinforced 
footing upon which is placed a reinforced wall. The wall may be placed 
at any point on the footing consistent with economy or the peculiarities 
of the particular design (Fig. 190). In the usual retaining wall (Fig. 


\^Counf^f0rf 

\ 

V 

\ 


Buif/fss 7 ^ 




-'gjNIr- 

a) 

Fig. 190 


(c> 


(190a) the wall is designed as a cantilever fixed at the footing and loaded 
by the lateral soil pressure. The inner footing is designed as a second 
cantilever supported at the wall-footing junction and loaded with earth 
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pressure above and below, while the exterior footing is designed as a 
third cantilever. The order of design procedure can be 

1. Design of wall. 

2. Selection of footing base by checking whole wall footing for 
a. Compression over whole base. 

&. Maximum soil pressure, 
c. Maximum friction on base. 

3. Design of interior and exterior footing cantilevers. 

Occasionally additional frictional resistance is provided by a projection 
at the bottom of the footing which assists by direct bearing on the soil 
(Fig. 190a). Experience has shown that mixes richer than 2600-lb. con- 
crete show in the exposed surfaces more cracks due to shrinkage and 
frost deterioration. 

307. Retaining Walls with Counterforts or Buttresses. Walls re- 
straining banks of considerable height are often more economically de- 
signed if the wall is braced or supported. Supports placed within thp 
earth bank are called counterforts; those on the outside are buttresses. 
Both wall and inner footing are designed as continuous slabs with longi- 
tudinal steel. The bending moments for continuous slabs are so much 
less than cantilever moments that thinner slabs and less steel can be 
used. There is, however, the additional cost of the counterfort or but- 
tress to be considered. 


aLUSTRATIVE PROBLEM 60 


308. Design of Cantilever Retaining Wall. Design a cantilever retaining wall to 
restrain the bank given in Problem 59. Use 2600-lb. concrete and assume the back 
fill is placed but the front fill is not. 

309. Wall Design. Thickness. Assume a vertical inner face for the wall and a 
footing thickness not less than 20 in. The lateral earth pressure for a length of wall 
of 1 ft. and a depth of 24 ft. 4 in. equals 


100(24.33)2 


sin2 ^40 


sin^ 90® cos 30' 


/ /sin 26® sin 66® V 

V sin 80® cos 30®/ 


E = 29,560 X 0.266 « 7860 lb. per ft. length 


jK» « 3925 lb. per ft. 

Eh = 6800 lb. per ft. 

Maxmmm moment at the base of wall (thicaness i)\ 


24.33 t 

M » 6800 X X 12 - 3926 X 
o 2 


3 


661,000 - 1963« 
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Neglecting the minus term, the necessary thickness is figured approximately and 
then assumed t » 20 in. 

M « 661,000 ~ 39,250 = 621,750 in.-lb. 

16.3 in. 


With a minimum covering of 3 in. (A.C.I. Art. 507a), 

Minimum t - 16.3 + 3.5 *= 19.8 in. 

Use ^ = 20 in. and d = 16.5 in. 

310. Shear and Diagonal Tension. At any section the shear force V equals the 
earth pressure En above this section. At the biise, 


Maximum shear v — — 
bjd 


6800 

12 X 0.87 X 16.5 


40 lb. per sq. in. 


Allowable shear v 0.06/'<, = 150 lb. per sq. in. 


Diagonal tension for a cantilever can be checked at a section d inches above the 
support (base). The designer does not wish to use diagonal tension steel in a con- 
tinuous wall. The allowable stress for concrete is t; = 0.02/ c = 50 lb. per sq. in. 
The section at the base is safe, and therefore the critical section above it is safe. 
It will be noticed that the value of d varies with the depth A, while V - Eh varies 
with Therefore, if the base section is safe all other sections are also. 

311. Steel. The wall will taper from 20 in. at the base to 12 in. (without deccrar 
tive cornice) at the top. With four rows of steel in the wall a thickness less than 
12 in, is not justified. The batter will be given on the outside face. At any section, 

lOO^i^ 

E = - " - X 0.266 = 

Ji 

Eh = 0.866E = 11.62/i* 

E, = 0.5E = 6.66A* 

M = 11.62A*' - 

Also 

M « fsAsjd = 20,000 X 0.87 X A4 ^ 17,400A.d in.-lb. 

Therefore 

46.i;i* - 3.33^2^ 

17,400(i 

Assuming < « d -f 3.5, the values of the ste^ area A* are plotted in Figure 1916 
by assuming values of h in feet and substituting the corresponding values of d and 

g 

t in inches, it being true that < « 12 -f- h. At the base, 

24.0 


6.66fc* 


Q) 


> 46.1^» - ZMhH in.-lb. 


621,750 

20,000 X 0.87 X 16.5 


= 2.16 sq. in. 


Use 1-in. square bars spaced at 5.5 in, placed in the inner face of the wall. 
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Bond 


6800 

2.18 X 4 X 0.87 X 16.6 


56 lb. per sq. in. 


Allowable u = 0.05/'e « 126 lb. per sq. in. 

To Old OS Bats, The plot of steel areas shows that the neoessaiy area drops ofif 
veiy rapidly and it is economical to use bars of two or three lengths. 



Cut off 2 bars out of 3. The area remaining equals 0.73 sq. in. From 

o 

Figui'e 1916 this occurs at h » 16 ft. from the top. These bars will be anchored 
10 diameters » 10 in. and will end about 16 ft. 2 in. from the top. 


Cut off half of the remaining bars. 


2.18 

6 


0.36 sq. in. This area is satis- 


fied at h » 12 ft. 3 in. Anchorage of 10 in. ends the bar about 11 ft. 6 in. from the 
top. The remaining bars run to the top and are spaced 33 in. apart. Figure 191c 
shows this spacing for a longitudinal elevation. 

Temperature SieeL The outside of the wall is exposed to the full temperature 
variation whereas the inside is somewhat insulated. It is customary to place tempera- 
ture steel m the outer face equivalent to that for roof slabs (p « 0.0026) and half 
as much at the inner face. The outer face will be reinforced with both vertical and 
horisontal bars, but the inner face will have horisontal bars as temperature steel 
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wired to the vertical tension steel. In each set, using an average d « 12.6 in., there 
is an amount 

A^^pbd^ 0.00125 X 12 X 12.5 « 0.19 sq. in. 

Use ^-in. round bars spaced at 12 in. 

812. Location of Wall. Unless there are special restrictions at the site, the most 
economical retaining wall is the one with the least permissible width of the base 
footing. This least width is affected by the position of the wall upon the footing. 



One rule that has been proposed * assumes that ipreatest economy ensues when the 
weight of the wall plus the fill on the footing equsfa the weight of fill alone extending 
out to the point of application of the resultant pntssure on the base (point F in Fig. 
192). The least width of base is obtained when base pressure occurs at the edge 
of the footing (point C, Fig. 192). In this casd the resultant pressure acts at 
from point C, wWe I is the footing width. In applying this rule, a width 2 » 8 ft. 
is assumed after several trials. Using the average width of the wall, 

Weight of wall « 150 X 24.33 X * 4870 lb. 


• “A Helpful Rule for Use in Designing Retaining Walls, by D. B. Hall, CivU 
EngineerinQf Vol. 6, No. 3, March 1936, p. 203. 
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Aaniming the fill to extend out ciZ 8ci from point C, 


Weight of fill - 100 1^24.33 X 8ci + X 64c*i 
- 664.2c®i + 19,464ci 

WaU + fiU = 664.2(r*i + 19,464ci + 4870 (243) 

if fill alone extends out to f-Z « 5.33 ft., its weight equals 


100 r (24.33 -f 1.41C1 - 0.94)5.33 4* ^ X 5. 


5.33 


752ci + 12,725 (244) 


Equating equations 243 and 244, ci = 0.41 and cil = 40 in. This places the wall 
near the center of the footing. Practice varies with the job conditions and with the 


2 I 

judgment of the designer, but the wall is usually placed somewhere between ~ I and - 

3 2 


from point C, unless a property line or river bank necessitates its being placed near 
one end of the footing. 

313* Width of Footing Base. Check the assumed footing width of 8 ft. for 


1. Earth pressure (compressive) on full width. 

2. Maximum intensity of normal soil pressure on base. 

3. Adequate frictional resistance to sliding of the retaining wall. The retaining 

wall plus the fill resting on the base will be taken as a rigid body. 

The forces acting on this body are 


1. Weight of wall and footing. 

2. Weight of fill. 

3. Pressure on plane CG (Fig. 192) due to earth bank to right of CG, 

4. Pressure on the base. 


The pressure on the plane CG is computed by use of equation 242 with z 4>, 
since this is a case of undisturbed earth bearing on earth fill. 


E = 


100 X (26.59)2 


X 0.272 


9620 lb. 


Ev = 5660 lb. and Eh « 7790 lb. 
Taking moments about A at the toe of the footing (Fig. 192), 




Force 

Moment 



lb. in. 

in.-lb. 

Wall (average) 


4,870 X 48 « 

233,760 

Footing 


2,000 X 48 « 

96,000 

Soil (24.33 ft. deep) 


8,110 X 76 = 

616,360 

Soil (slope) 


98 X 82.7 « 

8,110 



5,660 X 96 « 

543,360 

Pv 

■SF ‘ 

20,738 lb. Sum - 

+1,497,690 

Eff 

■Ph ■ 

7,790 X 107 * 

^833,530 



SMx « 

664,060 

:^Ma 

664,060 

sa ^19 


p. 

20,738 

o« in. 
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The resultant P of the 


pressure on the base acts at ~ from point A. 


There is 


compression over the whole base and zero pressure occurs at point C. 

Maximum Soil Pressure, The base pressure is assumed to be uniformly varying 
and the maximum normal pressure p occurs at A. 


1 y Q 

20,738 ^ PA X 


PA “ 6185 lb. per sq. ft.; the allowable pressure equals 6000 lb. per sq. ft. 

Friction on Base, The maximum available friction equals 

P^ tan z « 20,738 X 0.577 « 11,960 lb. 

Actual friction = Eh “ 7790 lb. This gives a factor of safety of 1.53 against sliding. 
Some designers consider the choice of the angle z open to such an error that they 
provide a factor of safety of 2. They would probably provide a projection, or key, 
at the base of the footing to increase sliding resistance. Failure in such a case, with 
the front fill also in place, would mean rupture along some such line ABC (Fig. 191e) 
plus the friction on the surfaces CD and EF, It is apparent that this resistance is 
greater than that figured above. 

314. Design of Inner Cantilever Footing. The forces acting on the heel are 

1. Weight of earth on inner footing. 

2. Weight of footing. 

3. Horizontal and vertical components of the soil pressure on the base. 

The force P on the base makes an angle with the normal to the base: 

tan-i— tan- tan"* 0.376 

The normal soil pressure on the base at one foot from C (Fig. 192) equals pi « 
648 lb. per sq. ft. At D the normal pressure po = 2160 lb. per sq. ft. The horizontal 
component, or friction, varies from zero at C to = 2160 X 0.376 = 810 lb. per 
sq. ft. at D, The moment about the center of the footing section at D equals 



Force 

Moment 


lb. in. 

in.db. 

Earth (24.33 ft. deep) 

8,116 X 20 

162,200 

Earth (slope) 

98X26.7 

2,620 

Footing 

838 X 20 

16,670 

Downward shear 

+9,0t 

4-181,490 

Normal base pressure 

-3,6® X 13.3 

-48,000 

Resultant shear 

+5,4«l lb. 


Tangential base pressure 

1,3® X 10 

-13,600 



+120,000 


The required depth at section D for bending equals 

1 120,000 . 
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The minimum depth ^ « 8 + 5 « 13 in. Since the wall is 20 in. thick at its 
junction with the footing, we shall continue to use a 20-in. footing depth. The shear 
stress at section D equals 


5441 

12 X 0.87 X 15 


35 lb. per sq. in. 


The allowable shear equals v « 0.06/e » 150 lb. per sq. in. Diagonal tension is 
checked at a section d 15 in. from section D for cantilever footings. The allow- 
able diagonal tension equals v « 0.03/ c *= 75 lb. per sq. in., because all footing steel 
is hooked. This is safe since the shear stress at the critical section will be less than 
at section D. 

A 120,000 

^ ^ v; a Ve * ^.46 sq. m. per ft. 


20,000 X 0.87 X 15 


2)0 


5441 


187.5 X 0.87 X 15 


2.22 in. per ft. 


Use f-in. round bars at 8-in. spacing. 

816. Design of Outer Footing Cantilever. Before the outer fill is placed the forces 
acting on the outer part of the footing are 

1. Weight of footing. 

2. Horizontal and vertical components of the soil pressure on the base. 


The normal components of the soil pressure are px ” 6186 lb. per sq. ft. and pjj — 
3240 lb. per sq. ft. The tangential components are px * 1950 lb. per sq. ft. and 
p^ « 12^ lb, per sq. ft. The bending moment about the center of the section at E 
equals 



Force 

Moment 


lb. in. 

in.-lb. 

Normal pressure (uniform) 

9,720 X 18 « 

175,000 

(varying) 

2,920 X 24 - 

70,100 

Upward shear 

* 12,640 lb. 

-i-246,100 

Footing 

760 X 18 * 

-13,600 

Resultant shear 

= 11,890 lb. 


Tangential pressure 

= 4,755 X 10 - 

-47,560 



-hl84,060 


The necessary depth at section E to satisfy bending moment is 


d 




184,050 
196 X 12 


8.84 in. 


Minimum depth h « 9 + 6 « 14 in. but we continue to use h 
stress at section E equals 


11,890 

12 X 0.87 X 16 


77 lb. per sq. in. 


20 in. The shear 


This is safe. At a section 15 in. toward A the shear force equals 7640 lb. and the 
shear stress v » 49.5 lb. per sq. in. This is safe, since the footing steel is hooked 
(special anchorage). 
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A, 

So 


184,050 

20,000 X 0.87 X 15 ““ 
11,890 

187.5 X 0.87 X 15 ' 


The footing is poured first, then the wall, with a joint at their junction. This 
joint includes a key to add to the shear resistance. The wall steel is detailed in three 
lengths, of which the shortest extends 9 ft. above this junction. This is too great a 
distance to project above the footing oefore the wall forms are placed, so dowels 
will be used to supply the necessary 2.16 sq. in. of wall steel at the junction section, 
the wall steel being placed later n the torms and resting on the footing. These 
dowels run 40 diameters (40 in.) into the wall and must be anchored at least 40 in. 
in the footing. Let the dowels extend nto the outer footing on che bottom as rein- 
forcement. This gives A, =2.18 sq. in. and So = 8.72 in. It would save steel to 
use two thirds of the dowels in this shape and run one third into a footing key, but 
this arrangement would add to the difficulty of nstalling the steel and inspecting 
its placement. 

The steel is detailed in Fig. 191d. Provision should be made to drain the back 
of the wall, otherwise it would be necessary to provide for water pressure or ice 
pressure on the wall, in addition to soil pressure. 
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316. Design of Counterfort Retaining Wall. Design a coimterfort retaining wall 
to restrain the earth bank given in Problem 59. Use / c = 2500 lb. per sq. in. and 
assume the back fill to be placed and front fill not yet placed. 

317. Spacing of Counterforts. Assume a wall of minimum thickness of 12 in. and 
estimate the footing to be 20 in. thick. 

Wall. The lateral soil pressure on the wall is the same as in Problem 60. Refer- 
ring to Article 309 the intensity of inclined pressure equals 100 X 0.266 = 26.6 lb. 
per sq. ft. at a depth of 1 ft. The wall is now regarded as a continuous slab supported 
by the counterforts and also at the footing. 

It is customary to design using strips 1 ft. high as independent rectangular beams 
supported by the counterforts. This is an approximation, as the bottom of the wall 
stiffens the lower strips. Also, the different stri|» have varying loads and, hence, 
deflect unequally, producing shear forces and bciiding moments along the sides of 
the strips. These forces and couples on the beam tides are neglected for commercial 
design, and we shall deal with the horizontal prflSUures only. Vertical construction 
joints will probably occur every 60 to 80 ft., so slab will be designed for the end 
span of a continuous beam. The maximum niulierical bending moment will occur 
at the first interior support of the 1 ft. strip ju|4 above the footing. The average 
horizontal pressure ph on this strip equals 


Vh 

M 

M 


0.866 X 26.6 X 23.83 
^ ^ 550 X 12^^ 

10 10 

Kb(P 


5jEK) lb. per sq. ft. 
= 660? iii.-lb. 


196 X 12 X (8.5)* « 170,000 in.-lb. 


, /170,000 

Clear span I = yj 


16 ft. 
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Since it is not desirable to use diagonal tension steel in the wall, the shear stress 
will be kept within the allowable value for concrete of » « 0.02fe for ordinary anch- 
orage. At the first interior support the shear force V » 0.575p/iZ 


0.675 X 550 X I 
’ 12 X 0.87 X 8.5 


I « 14ft. 


If a » 76 lb. per sq. in., Z « 21 ft. 

Inner Foaling* Preliminary trials of footing dimensions must usually be made. 
Assuming that such trials result in the dimensions of Figure 193 and that the point 



of zero earth pressure on the base occurs at the inner edge of the footing, the load 
on a 1-ft* strip adjacent to this edge is approximately the weight of earth on the strip 
plus the weight of the concrete strip. Maximum shear on this strip equals 

7 - 0.575[100 X 25 -f 150 X f f ]Z « 1580Z lb. 

for diagonal tension. 

1580Z 

i; Bss — " ■ as 10.4Z 

12 X 0.87 X 14.5 

If II - 50, Z « 4.8 ft. If ti « 75, Z = 7.2 ft. 

CounUrfert. The stresses in the counterfort will also be affected by the counter- 
fort spacing; but, since the counterfort dimensions are dependent on computations 
yet to be made, no attempt will now be made to compute the minimum spacing. 
Let us adopt tentatively a counterfort width of 18 in. with a clear spacing of 



Art. 3191 


STABILITY OF WALL FOOTING 


346 


8.6 ft. And C0nter-to-c6iiter spacing of 10 ft. Use special anchorage, but it may be 
necessary to increase the footing depth. 

818. Location of Wall. Accepting again the criterion used in Problem 60 to locate 
the wall and assuming the footing to be 8.0 ft. wide with zero pressure at the inner 
edge, the weight of earth 10 ft. long and a width of f X 8.0 = 5^ ft. from the inner 
edge equals 

Wi = 100 1^5.33 X 10(24.33 + 0.1763x - 0.94) + 6.33 X 10 X 
= 127,200 + 940a: 

where x is the width of fill on the inner footing. 

For a 10-ft. length the weight of 


Wall 

Counterfort 


24.33 X 10 X 1 X 160 = 36,600 lb. 


24.33 X 1.5 X - X 160 = 2736x lb. 
2 


Earth between counterfort = 100 X 8.5 X I 


0.1763a:“> 


20,683x + 75a:* 


Earth over counterfort 100 X 1.5 X (24.33 + 0.1763a:) - = 1825x + 13.22x* 

2 

W 2 = 36,500 -h 25,243x + 88.22x2 

Equating Wi « = 3.65 ft. I^et the inner footing project 44 in. beyond the 

wall and the outer footing project 40 in. 

819. Stability of Wall Footing. Adopting these dimensions, take a 10-ft. length 
of the wall footing as a rigid body bounded by the plane AB in the earth bank. The 
earth pressure on this plane, for z ~ 0 =» 36®, 5 == 10®, 0 ^ 90®, is (see Art. 313, 
Problem 60): ™ 

£. X 0.272 X 10 = 96,600 lb. 


E, = 66,800 lb. 


Eh = 78,200 lb. 


Taking moments about point C (Fig. 193), 


Force 

Moment 




lb. in. 

in.-lb. 

Wall 



36,500 X 46 

1,679,000 

Footing 

= 150 X 8.0 X X 10 


20,000 X 48 

960,000 

Counterfort 

24.33 

150 X 3.67 X X 1.6 

== 

10,060 X 66l 

= 670,000 

Earth 

2,433 X 3.67 X 8.5 

= 

73,950 X 74 

5,620,000 


2,433 X ^ X 1.5 

ss 

i,700 X 8li 

545,100 


65 X ^ X 10 


i 

1,190 X 8li 

97,000 


E, 


56,800 X 96 

5,452,800 


P. - F 


207,190 lb. 

-1-16,023,900 in.-lb. 


Pg Eh 78,200 X 

Silf 6,687,800 
P, “ 207,190 


26.65 X 12 

O 

'EM 
32.3 in. 


=• -8,336,100 
+6,687,800 in.-lh 
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The resultant of the soil pressure on the base acts 0.3 in. within the xniddle third> 
so there is compression over the whole base. 

Maximum Soil Pressure* If the soil pressure on the base varies uniformly its 
resultant R » axoA, where 

a « intensity 1 ft. from neutral axis 
Xo » distance to center of gravity of base from neutral axis 
A « area of base 

This resultant acts at a distance (xr ~ Xo) from the center of gravity of the base 
equal to Xr Xq ^ » where lo is the moment of inertia of base area about its 

XoA 

center of gravity. For this problem, the distance from the point of application of 
the resultant to the center of gravity equals 48 — 32.3 = 15.7 in. Then 

15.7 10 X (8.0)^ 

12 12 X 10 X S.Oxo 

Xo 4.07 ft., or the neutral axis is 0.07 ft. beyond the inner edge of the footing. 
The maximum vertical intensity of pressure pmax. equals 

207,190 * o X 4.07 X 10 X 8 and o * 635 lb. per cu. ft. 

Pmax. = 8.07a * 5130 lb. per sq. ft. (whereas the allowable soil pressure is 6000 lb. 
per sq. ft.) 

Sliding, The horizontal earth pressure tending to slide the footing away from the 
bank equals En ^ 78,200 lb. The friction available, if s « SO"* for earth on concrete, 
equals tan z «■ 207,190 X 0.577 * 119,600 lb. This gives a factor of safety against 
sliding of 1.53, which is ample. Therefore adopt a footing 8 ft. wide, with the wall 
center placed 50 in. from the inner edge and 46 in. from the outer. 

820. Depth of Footing. Inner Footing, Figure 194 shows the vertical pressures 
acting on the inner footing. If a strip 1 in. wide is taken at the inner edge, the net 



Fig, 194 


downward pressure nearly equals It), per ft. length of the strip. The footing 
is a continuous beam spanning from counterfort to counterfort. 
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Sinc6 the moments and shears are numerically greater in the end span, design for 
this case. 

wl^ 12 

Afv * — - 225 X (8.6)2 X — 19,600 in.-lb. 


d =* 



4 : 


19,500 
196 X 1 


10 in. 


At the first interior support the maximum shear V * 0.576 X 225 X 8.5 « 1100 lb. 
Use special anchorage; then the necessary depth, if no web steel is used, equals 


JF 1100 

vhj 76 X 1 X 0.87 


16.8 in. 


The depth h =« 16.8 + 5 = 21.8 in. Use 22 in. 

The Older footing is not supported by a buttress, so it will be designed as a cantilever 
extending out from the wall-footing junction. The forces acting on a strip 1 ft. 
wide are 


1. Weight of footing (assumed 20 in.). 

2. Inclined earth pressure on the base. 

Taking moments about the center of the section at the wall junction. 


Vertical Pressure 


Uniform = (3,010 - 250) X M 
Varying = (5,130 - 3,010) X i X H == 


Horizontal Pressure 


78,200 

207,190 


(5130 + 3010) 


1 40 

^ 2^12 


V = 


For fiber stress: 


d 


4 


226,970 
196 X 12 


Force 

Moment 

lb. in. 

in.-lb. 

9,200 X 20 

184,000 

3,635 X 1 X 40 = 

94,270 

12,735 lb. 

+278,270 

8,130 X 10 

-61,300 

2ilf « 

226,970 


9.63 in. 


The inner footing will be 22 in. deep, with a valuAifpf d = 17.0 in. The outer-footing 
cantilever will be made the same and will be chicked for diagonal tension at a dis- 
tance of d from the wall, let us say 17.0 in. The |hiear force at this section equals 


V 





82001b. 


8200 

12 X 0.87 X 17 


47 lb, per sq. in. 


This is less than the allowable v « 76 lb. per sq. in., and the footing will be made a 
constant depth of 22 in. The previous computations will be only slightly changed 
if an extra 2 in. of footing concrete is substituted for earth. 
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321. Footing Steel. Ovier cantilever. 


_ 226,970 

20,000 X 0,87 X 17.0 


0.77 sq. in. 


So 


12,735 


187.5 X 0.87 X 17.0 


4.60 in. 


Use |-in. round bars at 6-in. spacing. These bars will be bent up into the wall to 
act as dowels, or shear reinforcement at the junction of wall and footing. If the 
resistance of the concrete in the keyway is disregarded, the shear force of 6800 lb. 

6800 

per ft. at this junction produces a shear stress in this steel of -- - ^ 7700 lb. 

per sq. in. This is a safe steel shear. 

Inner Fooling, Let p * net pressure on a 1-in. strip (lb. per ft. per in. width) 

. . ... . ^ (8-5)2 X 12 _ ^ . ,, 

Exterior span — positive moment = p -- ;; p = 61.9p in.-lb, 

14 14 


Interior span — positive moment F ‘ 64.2p in.-Ib. 


A. 


M 


M 


20,000 X 0.87 X 17.0 296,000 


sq. in. per in. width 


For the inch strip at the inner edge, exterior span: 

. 61,9 X 225 

296 000 ® 

Use -f-m. rounds at 6|-in. spacing. 

With the use of certain increments of spacing, there is tabulated below ohe looa^ 
tions where such spacing may be used, the net pressure being taken from Figure 194. 


Exterior Span — Positive Steel — 1-in. strip 





Distance 



Net 

from 

Spacing 

A. 

Pressure 

Inner Edge 

in. 

sq. in. 

lb. per ft. 


6.5 

0.0473 

220 

0 

8 

0.0383 

183 

9 

10 

0.0307 

147 

18 

12 

0.0256 

122 

23 


Interior Span- 

—Positive Steel 


7 

0.0441 

241 

0 

8 

0.0383 

209 

3.5 

9 

0.0341 

186 

9 

12 

0.0256 

139 

19 
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In the interior spans, the negative moment equals ^ and will require an area of 

ff- » 1.46 of the positive steel. This can be supplied by alternating bars A and B 
us shown in Figure 195. 

In the exterior span, the exterior support requires a negative area of ■J’f- « 0.583 
of the exterior positive steel; the interior support needs a negative area of =* 1.4 


£ncf Counter • 
fort 


Use §■ of Bars as C 
f of Bars as D 


First Inf erior 
Counterfort 



ej of Bars os A 
^ of Bars os 3/ 
i of Bars as Bz 

Fia. 195 


Interior 

Counterfort 



Clear Span 


Clear Span 

.1, l/i 


fxterior 

r* 

Ill 

Inferior 

171 


A > 




Bt y 

A 

J 

V 





In Other Interior 
Spans 62 Bars ore 
Reversed Bt Bars 


of the exterior positive steel. These areas can be supplied by using 2 bars C for 
each bar Z), if the negative steel from the interior spans is also included at the first 
interior support. 

For the inch strip at the inner edge the steel arrangement of Figure 195 gives a 
steel area of 0.0804 sq. in. per in. width at the first interior support. This is equiva- 
lent to 0.262 bar. The shear force at the exterior face of this support is 11001b. per 
in. width. 

V 1100 

Bond stress u *= — «= 7— -rr- 7z 145 lb. per sq. in. 

ojd 0.262 X 1.96 X 0.87 X 17 

The allowable bond stress for special anchorage ^uals 188 lb. per sq. in. If this is 
safe, the bond stress is satisfactory elsewhere in ^e inner footing. 

822. Wall Steel. End Span. Since the wall ia regarded as a continuous beam, 

pP 

the positive moment in the end span will be — ,|<rhere p is the horizontal component 

14 ^ 

of the lateral earth pressure. Tliis pressure on wall varies with the depth h, 

p « 0.86 X 26.6/1 = 2Sh lb. per sq. ft. =• X.92h lb. per ft. per in. height 

„ 1.92 X (8.6)2 X 12 ^ „ 

M : h = 119a m.-lb. 


20,000 X 0.87 X 8.76 1280 



360 FOOTINGS AND RETAINING WALLS [Chap, 12 

When 3 in. of dampproofing and ^*in. round bars are used, the spacing of the bare 
may vaiy as shown below. 


Spacing 

in. 

Area 
sq. in. 
per in. 

Maximum Depth 
htt. 

Exterior Span 

Interior Span 

10 

0.0196 

25.1 

28.7 

12 

0.0163 

20.9 

23.9 

16 

0.0130 

16.6 

19.0 

18 

0.0109 

14.0 

15.9 


0.0093 

11.9 

13.6 


0.0081 

10.4 

11.9 


0.0072 

9.2 

10.6 


0.0065 

8.3 

9.5 


The steel spacings for the interior spans can be figured also. An arrangement of 
bars similar to those of the inner footing will give the required steel for the negative 
bending at each support (Fig. 105). 

The maximum bond stress will occur at the first interior support. For the inch 
strip at greatest depth (24.25 ft.), the shear force V » 0.575 X 8.6p « 9.37h = 228 lb. 
The steel arrangement of Figure 195 shows a steel area of 0.0315 sq. in. per in. at 
this support, or 0.161 bars. The bond stress equals 


u 


228 

0.161 X 1.57 X 0.87 X 8.75 


« 118 lb. per sq. in. 


Safe. 


Since the steel area and perimeter vary with the depth 4, and the shear force V 
does also, the maximum bond stress is constant for all critical depths. 

Temperature Steel The wall contains horizontal steel as main reinforcement; 
therefore, the temperature steel will be placed vertically. The outer face is the more 
exposed to temperature changes and shrinkage. 

Outer face A, « 0.0025 X 12 X 8.76 « 0.26 sq. in. per ft height 

Use §-in. roimds spaced at 9 in. For the inner face use }-in. rounds spaced 
at 18 in. 

823. Counterfort The coimterfort tends to fail in tension since the wall is pushed 
outward and the inner footing downward (Fig. 196). The rotation tendency of the 
Vrall is usually greater than that of the footing, but this unbalanced couple must lift 
the whole rnaim of earth on the footing. The tension failure will occur on the sec- 
tion AB. Higher sections, such as CD, are not so heavily stressed, sinoe the moment 
of the forces acting on the wall varies with the square of the wall depth, whereas the 
thickness of section CD or AB varies with the wall depth. 
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By using the dimensions of the oounterfort from Figure 196^ the earth pressure 
on the counterfort can be found. 


E 


36®, * « 30®, a « 10®, 


100 X 1.5h^ 
2 


X0,Z5O 


26 . 26^2 


e « 98.6® 


This pressure maJces an angle of 38,6® with the horizontal. Point B of Figure 196 
is at a depth h «* 23.63 ft. The earth pressure on the counterfort above point B is 



E « 26.25(23.63)® « 14,660 lb. Its components equal Eh *» 11,470 lb. and Ey “ 
9160 lb. Taking moments about A (Fig. 196) for a 10-ft. length of the wall: 


Wall Bh ^ X 0.866 X (24.17)* X 8.5 = 67,000 X ^ 
2 3 


Counterfort 


Eh = 11,470 X + 0.64^ 


The neceaaaty depth of section AB equals 
d 


Ev = 9,H» X I X 3.68 
IM . 


[633,700 X 12 ^ 
\ 196 X 18 


in. 


469,000 

96,600 

-666,600 

+21,900 

-633,700 ft..lb. 


The section is 43.5 in. total depth. Allowing 3.6 in. to center of the steel, the 
actual d « 40 in. If the counterfort width is increased to 21 in., M « 634,000 ft.-lb., 
and d * 39.4 in., which is satisfactory. The change in width will only slightly affect 
the previous computations. 


A. 


634,^X12 
20,000 X 0.87 X 40 


9.20 sq. in. 
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Use six ij-in. square bars. Bond stresses are undoubtedly satisfactory. If it is 
desired to check them, it is best to return to the bond stress derivation (equation 27, 
Art. 64) to use 

_ , * - dilf , dM _ ,, 

Rate of change of bending moment — , and — »= vltojd 

ah dh 

The change of bending moment per inch of wall depth can be substituted satis- 
factorily. In this problem, M « 37.84/1® ft.-lb. HA* 24.17 ft., M « 634,000 
ft. -lb,; when h * 24.08 ft., M * 628,400 ft.-lb. The change of moment per inch 
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Center of Exterior Span At First Interior Support 


Fig. 197 


depth equals 6600 X 12 « 67,200 in.-lb. and u « 64 lb. per sq. in. 

The second row of steel can be cut off when the area required at some section CD 
is less than one half the area at section AB, Three 1 J-in. bars can care for a moment 
Af « 3 X 1.56 X 20,000 X 0.87d = 81,500d in.-lb., where d « 0.15 X 124 - 3.5. 
Equating the expressions for moment, h »» 16.9 ft. 

Ties, Since the wall and inner footing tend to pull away from their supporting 
counterfort, there must be tie bars to supply the tensile supporting forces. 

Wall Ties, In the design of the wall (Art. 322) the shear force at the first interior 
support for the exterior span equals 

V « 0.676Zp * 0.676 X 8.25 X 234 « 1094 lb. per ft. height 
whm the dear span is now I « 10.0 — 1.76 * 8.26 ft. 



Abt. 324] COST COMPARISON 363 

If f-in. round horizontal bars are hooked over the wall steel at the counterfort, 
the tensile stress in these tie bars is 


V ^ mh 
mat 0.1 Im 



where m « number of bars per foot height 
at ^ area of the bar. 

If the steel arrangement of Figure 196 and the corresponding maximum depth h 
are used, the greatest value of /, = 11,700 lb. per sq. in. These bars must run at 
least 24 diameters = 9 in. into the counterfort. These *|-in. ties will also serve at 
the other counterforts. 

Footing Ties, At the first interior support the shear force on an inch strip equals 

V « 0.575 X 8.25(225 ~ 4.53x) = 1078 - 21.5a; 

where x =* distance from inner edge (in.). 

If two f-in. ties are hooked over each bar, one in each face, 

V 

ft =* — =“ 11,600 lb. per sq. in. (maximum) 
nat 


where n =* number of ties per inch. 

The complete steel layout is shown in Figure 197. 

324. Cost Comparison. A comparative cost analysis is given in Table 
E for the three retaining walls just designed. It is assumed that the 
excavation charged to the wall is from outer face into the bank and that 
the excavation ends at the footing edge. The back fill is also charged 
to the wall but not the front fill. The gravity footing is assumed to be 
2500-lb. concrete in order to give a wall which will weather well. The 
unit costs are 

Excavation 4 cents per cubic foot 

Back fill 2 cents per cubic foot 

Concrete 

2500-lb., reinforced wall footings 37 cents per cubic foot 
Steel 4 cents per pound 

Forms 10 cents per square foot 

of side surface 

The costs include no estimate for waste fnd are not necessarily typical 
for any particular locality. They do show the value of estimating the 
costs of comparative designs. 

If the bank is higher, the counterfort wall is undoubtedly cheaper. 
If the depth is less, the cantilever wall will be cheaper. The designs 
are made for the end span. The interior spans will have less steel and 
be somewhat cheaper. 
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Table E. Cost Coupabuon or RETAuaNO Walls 



Gravity 

Exterior Span 

Cantilever 

Counterfort 

Quantity 
per ft. 

Cost 1 

Quantity 
per ft. 

Cost 

1 


Cost 

Excavation, cu. ft. 

406 

16.20 

132 

5.28 

1230 

49.20 

Fill, cu. ft. 

53 

1.06 

83 

1.64 

822 

16.44 

Concrete: Wall 



32.4 


242 


Footing 



13.3 


147 


Counterfort 





78 


Total, cu. ft. 

351 

129.87 

45.7 

16.91 

467 

172.79 

Forms: Wall 



49.0 


442 


Footing 



3.3 


37 


Counterfort 





132 


Total, sq. ft. 

63 

5.30 

52.3 

6.23 

611 

Cl.lO 

Steel: Wall 



139 


496 


Footing 



81 


360 


Counterfort 





635 


Total, lb. 



220 

8.80 

1491 

59.64 

Cost 






$359.17 

Cost per foot length 


$162.43 


$37.86 


$35.92 

















CHAPTER 13 


THE REINFORCED CONCRETE STRUCTURE 

The construction of a reinforced concrete structure involves the solu- 
tion of engineering problems other than those of its design. A site is 
selected in view of business and transportation requirements. Soil con- 
ditions for some distance underground must be ascertained to determine 
allowable soil pressures and the type of foundation best suited to reduce 
settlement and to result in uniform settlement. The choice of wood- 
brick, steel frame, or reinforced concrete structure will be made on basis 
of cost, fire protection, and proposed use of the budding. Column 
spacings and story heights will be influenced by necessary head room, 
machine clearances, and other pertinent considerations. Stairways, 
elevators, pipes, heating and ventilation all require space and often 
complicate the design. 

The construction force must plan their plant to operate efficiently 
whether the location is in a city lot completely covered by the structure 
or in the country with ample room on all sides. In the midst of these 
decisions the designer starts work, with necessary revisions due to 
changes by the owner or architect, and is often forced to turn out plans 
under pressure to keep ahead of the field force. 

In this chapter it is proposed to discuss some of the factors not yet 
mentioned, particularly those which affect the design of a structure as 
a whole. 

FORMS 

326. Forms. A requisite for proper ccuntruction of the design is that 
the members be made true to size witho^i^ warping or distortion while 
the concrete is placed and hardens. Thei^iorms must be strong enough 
to support the plastic mass of concrete asjwell as the weight of the men, 
runways, buggies, etc. This entails a dei^ of the forms for strength, 
and also for economy, since the form coik may be a quarter or a third 
of the total cost. The forms must be ti|g^t so that water and cement 
are not lost, and they must be so design^ that they can be easily re- 
moved without injury, especially if they are to be used again. Above 
ground concrete surfaces should be left smooth enough to satisfy the 
functional and architectural requirements of the structure. In many 

3 « 
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structures forms can be used again economically in the floors above, 
either unchanged in size or cut down. This implies a stout form, care- 
ful stripping after use, cleaning, and possible repairs. 

Forms are made of wood or steel. The steel form is usually limited 
to forms for circular columns and column capitals, and for slab and joist 
floors. Wood planks for slab and wall forms are usually tongued and 
grooved with a planed surface bearing against the concrete; often they 
are surfaced on all four sides. Square-edge planks are usually used for 
beam sides and column forms. Table F gives data for certain board 
and plank sizes. 


Table F.* Propbktibb op Boards and Planks, Dressed Four Sides (S4S) 


Nominal Size 
in. 

Dressed Size 
in. 

Area 
sq. in. 

Section Modulus 
on Edge 
cu. in. 

Section Modulus 
on Flat 
cu. in. 

1x4 

Mx3f 

2.83 

1.71 

0.37 

1x6 


4.39 

4.12 


1x8 

ff x7| 

5.86 

7.32 

0.76 

2x4 

ifxSf 

6.89 1 

3.66 

1.60 

2x6 

lfx6| 

9.14 

8.67 

2.48 

2x8 

ltx7i 

12.19 

15.23 

3.30 

2x10 

if X 9-2" 

15.44 

24.44 

4.18 

2x12 

• ifxnj 

18.69 

35.82 

6.06 

3x4 

2fx3| 

9.52 

5.75 

4.16 

3x6 

2fx6| 

14.77 

13.84 

6.46 

3x8 

2f x7j 

19.69 

24.61 

8.61 

3x10 

2fx9i 

24.94 

39.48 

10.91 

3x12 

2|xn| 

30.19 

67.86 

13.21 

4x4 

3fx3f 

13.14 

7.94 

7.94 

4x6 

3|x6f 

20.39 

19.12 

12.32 

4x8 

3fx7i 

27.19 

33.98 

16.43 

4x10 

3fx9| 

34.44 

64.63 

20.81 

4x12 

3|xlli 

41.69 

79.90 

25.19 


* Abstracted from ^'Wood Structural Design Data,” National Lumber Manu- 
facturer's Association. 


Plywood panels are in common use to form extensive flat surfaces, 
such as floor slabs and walls. Panels may be obtained in thickness from 
to in. ; 48 in. wide by 96 in. long is a common size, but widths 
in even feet up to 8 ft. and lengths up to 16 ft. can be obtained on special 
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order. The plywood panel gives smooth concrete surfaces and the joints 
are easily rubbed down when the formwork is well placed. In certain 
structures, where the added cost is justified, forms are faced on the inner 
side with special absorbent fiber boards. These remove some of the ex- 
cess surface water and result in a more durable and impervious surface 
concrete. Ordinary form surfaces are brushed with mineral oil to pre- 
vent the concrete from adhering to the wood. 


Tablb G.* Allowable Stresses for Wood Formwork 
(Pounds per Square Inch) 



Fiber 

Stress 

1 

Compression 

Longitudinal 

Shear 

Modulus of 
Elasticity 

II to 
grain 

J. to 
grain 

Spruce and pine 

1100 

1000 

250 

no 

1,100,000 

Southern pine or 






Douglas fir 

1900 

1400 

316 

120 

1,500,000 

Plyw-ood (Douglas 






fir) 

2000 

1500 

325 

120 

1,600,000 


* These allowable stresses are increased 20 per cent for wartime by the W.P.B. 
Specifications. 


After the concrete has been poured a suitable time must elapse before 
the form is removed. This time varies with the type of member, prob- 
able immediate loads upon it, and with the curing requirements and 
temperature range. Columns and wall forms should remain in place at 
least 2 days, in cold weather at least 4 days, provided the beams and 
girders are still supported by shores. Slab forms and beam sides remain 
in place from 7 days to 2 weeks, the longer interval applying to long 
spans. Slabs are often supported by posts or shores after the forms are 
removed. Beam and girder bottoms ara supported foi 10 days to 3 
weeks, depending on the load, span, anc| weather conditions. If test 
specimens of the concrete are taken as it is^oured, forms can be removed 
when the concrete of the member in question has a strength in excess 
of the stresses used in design, or a 50 p^ cent excess of the dead and 
construction loads. 

326. Wall Forms. The sheathing of wall forms (Fig. 198) is made of 
planks or plywood panels. These are held in place by vertical studs. 
Sometimes a sill is placed on the ground bearing against the lowest 
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plank and the studs rest on this sill. Low walls are plumbed and held 
in place by braces nailed to the studs. Higher walls must be kept true 
by bolts, or ties, to prevent the bulging out of the sheathing as the 
concrete is poured; there must also be spacers to keep the two forms 




the proper minimum distance apart. A combination of pipe sleeve and 
tie bolt is often used to perform both functions, and there are also many 
special types of ties in general use. 


ILLUSTRATIVE PROBLEM 62 


827. Desigii of a Wall Fonn. Design a wall form to resist a 5-ft. head of wet 
concrete exerting a lateral pressure of 140 lb. per sq. ft. 

Sheathing, Assume 1-in. spruce or pine planks as continuous beams supported 
by the studs. Taking 1 in. of height of this planking and checking the interior spans, 


M 


^ 140? n 

11 ” 6 “ ^ 12 ^11 


1100 


X 1 



I « 1.32 ft. 


Use l-in. r iank with studs spaced at 16 in. The studs are supported by the tie- 
bolts and wdes. Assuming the studs to be continuous beams of 2 x 4 section, 

(5 X 140 X if)? X H - 1100 X 3.66 

I » 1.96 ft. 


Use 2x4 studs with wales and bolts spaced at 22 in., except near the top of the 
wall where there cannot be a 6-ft. head of wet concrete. The wales are also continu- 
ous beams supported by the tie bolts on a stud span of 16 in., and spaced 22 in, 
apart. Assuming a 2 x 4 wale with an average pressure equal to the maximum of 
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5 X 140 “ 700 lb. per sq. ft., the force carried by the supporting ties equals -jH* X 
700 X if « 1715 lb. With a tenrile strength of 20,000 lb. per sq. in,, the necessary 
area is 0.09 sq. in. Use |-in. tie rods in a i^-in. hole. 

The wale is loaded only by the ties. As long as the level of the wet concrete is 
constant aU ties have the same force and elongate the same amount, thereby Aflnain g 
no bending in the wale. Let us assume that a buggy load of concrete is dropped in 
opposite stud 5 to increase the depth of wet cement to 5 ft. at this stud, although the 
general level in the wall is 18 in. less. The pull in the tie in stud 5 is 1715 lb. and 
in the adjacent ties is 1200 lb. for 3.5 ft. of wet concrete. There will be bending in 
the wale due to the difference of 515 lb. Assuming a span of 32 in. between studs 4 
and 6, we have a beam loaded with a concentrated force of 515 lb. on a span of 32 in. 

Wl 

with ends fixed, or nearly so. The fixed-end moment for such a loading is — ; let 

WZ 3TPZ 

let us assume an end moment of — with a corresponding positive moment of - — . 

10 20 

The tie-hole reduces the wale width at stud 5 to if — ^ « 1.19 in. The required 
3 X 615 X 32 

section modulus « ' "o?rC7 T ini r“ “ A 2 x 4 wale with a 

2\j X IIUU 

will give this section modulus. 

328. Slab and Beam Forms. The slab and beam forms are supported 
by a system of shores stout enough to support the whole weight of the 



Strip 


Joist Stab Form 

s=s^ 

"Joist Ledger 
Chat 

Chamfer 
Strip 

Tee Head 
Shore Brace 

IC^Shore 




Bevel Strip 


Joist 

Ledger 


Joist 


Bevel Strip 
of Column 


ocer Cleat 
Side Form 

Beam and Slab Forms 


I \^h ore Wedges 


Fi<3. 199 
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floor. They should be so installed that the beam sides and slab forms 
can be removed while the beam bottoms are still shored. Posts can be 
replaced under the slab, if necessary. Figure 199 shows a possible sys- 
tem of slab and beam forms with supporting shores. There are otW 
methods of supporting the beam sides by the use of bolts or clamps. 


ILLUSTRATIVE PROBLEM 68 


329. Design of Slab and Beam Forms. Slab, Design forms for the interior panels 
of the floor system of Figure 61 (Art. 121). The slab is 4 in. thick and the beam 
stem is 8 in. wide and 13 in. deep (Fig. 81, Art. 135). The beams are spaced 9 ft. 
8 in. on centers. The joists imder the slab form are supported by the joist ledger 
and can be nailed to the beam-side cleat. Their span can be taken aa 8 ft. 4 in. 
The load per square foot of slab surface is taken as 


Construction load of men and equipment 

4-in. slab 

Formwork 


,wf 


70 

60 

10 

130 lb. per sq. ft. 


With a maximum moment of — the spacing of 2 x 8 Douglas fir joists is 

8 

130 X 6 X = 1900 X 15.23 h = 2.14 ft. 

Use 24 in. At this spacing of 24 in. the maximum deflection of the joists is about 

I 

0.33 in., and the allowable deflection =* 0.28 in., but after the construction loads 

move on, the deflection will be well under 0.28 in. No intermediate shores will be 

3F 

used. Maximum longitudinal shear v = — = 132 lb. per sq. in., but this will again 

2bh 

be reduced by the removal of the construction loads. 

Using f-in. plywood panels for the slab form and a maximum moment ^ ? 

the flber stress figures 

130 X (2)* X if = i X 12 X (i)* X/ 

/ 1140 lb. per sq. in. This is safe. 

Beam Forms. The load coming to the beam shores equals 


Slab 9f X 130 
Beam stem (8 X 151) 
Forms 


1260 

no 

30 

1400 lb. per ft. of 
beam length 


The shore will be supported on a sill to spread its load on the slab below. It will 
be wedged in place on t^s sill. It will be braced in both directions by 1 x 4 or 1 x 6 
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planks placed high enough to allow passage underneath. This bracing is not sturdy 
enough to reduce the unsupported length. If the story height is 11 ft., the unsup- 
ported length equals 132 - 17 - 3 « 112 in. Assuming a 4 x 4 spruce post, the ratio 

^ *» 30.8. This is a long column and the allowable stress is given by the Euler 

formula: 


^ 0.274Ed2 

f To — 318 lb. per sq. in. 


The maximum load equals 318 X 13.14 * 4180 lb. and the load carried for a shore 
spacing I equals 14002 « 4180 or 2 » 3 ft. 

The beam bottom will be a Douglas fir plank supported by the shores and stiff- 
ened by nailing to the beam sides. If the assistance of the beam side is disregarded, 
the necessary section modulus Z will be 

1400 X (3)2 X if = 1900Z Z = 7.23 (in.)* 

A 3 X 8 plank is satisfactory. If the shore spacing is reduced to 2 ft., a 2 x 8 plank 
can be used. 

Note, The beam stem is only 7^ in, wide. Designers should cmtpiUe the concrete 
section by using the true width of the beam bottom. Those concerns that use the nominal 
8-in, width are reducing the factor of safety or assuming that the full live load is not 
applied until the concrete strength exceeds its 88-day value. 

The beam sides will be made of 1-in. stock. Assuming 2x4 cleats spaced at 2 ft., 
the pressure of wet concrete on the lowest inch of the stem will be 140 X ff “ 200 lb. 
per sq. ft. The maximum plank fiber stress in the lowest inch is 

200 12 1 / 25\2 ^ 

.^X(2)*X--gX(^-j/ / = 7161b.persq.m. 

It is not necessary to check the cleat dimensions. The joist ledger is supported by 
these cleats and is loaded by the joist which touches one side of the cleat. Assume 
a 2 X 4 ledger; the fiber stress will be very low and the shear stress v equals 


3 7^ 3 130 X 8.33 22.38 

2bh^2^ 2 X 5.89 ^ 24 


128 lb. per sq. in. 


where the supporting force of the joist equals R ^ 130 X 8.33 X i and the maximum 

22.38 

shear on the ledger equals R X . No allonlaiice has been made for reduction 

24 

of V by nailing the joist to the cleat. This loi|d acts between joist and ledger as 

' 542 

compression perpendicular to the grain. The con^j|)ressive strength equals — —I ® 

206 lb. per sq. in. This is safe, if the assistance g^ven by nailing the joist to the cleat 
is again disregarded. 


330. Column Forms. Rectangular column forms are made of wood. 
The forms on two opposite faces are made the exact width of the colunm 
(even plank widths) and the other two forms overlap for a tight fit. 
There are many systems of cleats, bolts, clamps, wedges, and the like 
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Cut for Qirder^ 
Form 


Bevef Sfnp 

•v / OjffbrBeQm 
\ j^Form 


in use. Figure 200 shows one using cleats^ bolts, and wedges. The 
fornis should be stout enough for use again on the floors above, if the 

story heights do not vary too much. 
The form can be cut down for width 
as the column width reduces. At the 
top of the form cuts are made big 
enough to admit the ends of the beam 
and girder forms. A cleanout opening 
should be left on two opposite faces at 
the bottoms to remove dirt, shavings, 
and loose ends after the steel is placed 
and before the concrete is poured. 

Steel forms are usually employed 
for circular columns and those with 
capitals. 

XLLUSTRATIVB PROBLEM 64 

881. Design of Column Forms. By assum- 
ing an average lateral pressure equaJ to 6 ft. 
of wet concrete at 140 lb. per sq. ft., and 
adopting 1 J-in. yellow pine planks, the spac- 
ing of cleats can be found. 

wP fht^ 


Chanout Hofe 



6X140 12 

12 * ^11 


1900 


X 1 X 


(s)’ 


Column Form 
Fig. 200 


1 » 2.17 ft. Use 26-in. 8p>acing. 


It is probable that a column may be filled 
more rapidly with wet concrete than a wall, 
so 6 ft. of wet concrete is used here, instead 
of the 5 ft. of Problem 62. This cleat spacing will be constant until within 6 ft. 
of the under side of the girder where column pouring will stop. Greater spacings 
can be used as the girder bottom is approached. Even the overlapping cleat, which 
is supported by the bolts, will be safe at this spacing for a column width up to 36 
in., if the cleat is made 2 in. wide by 4 in. deep. Some designers prefer a 4 x 4 
deat since the area at the support is reduced by the bolt hole. The column form 
should be plumbed and braced after the steel assembly is installed. 


PLARS ARD DETAILS 

832. Plans. The fromiz^ plan shows the location of columns, foot- 
ings, beams, girders, and walls for the load-bearing memb^ of a struo- 
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ture. If there are no unusual restrictions due to head room^ machine 
clearances^ or aisles^ several different framing plans may be possible. 
These may involve different schemes of column arrangement as well as 
different beam and girder floor systems, or a comparison between beam 
and girder with flat slab or ribbed floors. The most economical system 
should be the designer’s objective but this cannot be attained without 
comparative cost designs using approximate determinations of sizes plus 
costs and quantities from the estimating department* 

Once the framing plan has been adopted, each individual member is 
designed and detailed, showing an elevation with the steel arrangement 
for beams and columns, plus typical cross sections. A plan view is given 
also for slab steel distribution. Drawings of forms and form layouts are 
made with schedules of lumber needed. Schedules of steel are also 
needed with a detail of each type of bar, showing bends and lengths. 
Extra reinforcement around holes, under machinery, and so on, must 
have special detail drawings. 

Chairs, spacer bars, and collars are required to hold the steel in its 
proper position until the concrete is poured. These are not shown in 
the plans and the judgment of the steel foreman in the field usually 
determines where they shall be used. Splices of the column steel are 
shown for length on the elevations but the necessary offset to give clear- 
ance with the steel in the column above is left for the steel foreman. 

The detail elevations of individual members do not completely show 
the complexity of the steel placement at the junctions of several mem- 
bers. Thus, a junction of an upper and lower column with an east-west 
continuous girder and a north-south continuous beam gives a delicate 
problem in passing the various reinforcements through the junction 
without interference. Such junctions shoidd be studied carefully, even 
if special detail drawings are not supplied to the field force. 

333. Construction Joints. It is seldom possible to pour a floor in one 
operation. The work must be laid out to complete what can be done 
in one day. Also, long structures need provision for the absorption of 
the expansion and contraction of temp^ture changes. This is ac- 
complished by stopping the day’s work a1|a construction joint, which is 
a section through beams and slabs. The {i^rtion completed the previous 
day will undergo part of its shrinkage Ifefore the next day’s pouring 
starts. Compressive forces can be transihitted through a construction 
joint by the pressure on opposite sides* Tensile forces can only be 
carried by the steel passing through the joint, and vertical shear resist- 
ance is much reduced. For these reasons construction joints are usually 
made at sections of zero shear force, which is the section of maximum 
positive bending moment near mid-span. Elsewhere special joints with 
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keyweays shotild be used to increase the shear resistance. Sometimes 
special joints are inserted of metal or some plastic material to allow for 
the opening or closing due to temperature and shrinkage. 

Column and waU joints are made at the upper end immediately under 
the floor beams. For the most part compressive stresses are transmitted 
through the joint, but a horizontal joint should be carefully cleaned to 
remove the laitance scum that settles on the surface of wet concretes. 
These columns and walls are usually poured several days before the 
floor above and shrinkage will be largely completed before the floor 
is poured. 

334. Economy of Design. The choice of an economical concrete mix 
has been discussed for floor systems (Art. 66) and for columns (Table C, 
Art. 237), Sample cost comparisons have also been made for footings 
(Table D, Art. 275) and retaining walls (Table E, Art. 324). There are 
also certain general practices that tend to decrease costs. 

Members poured in wood forms should have such sectional dimen- 
sions that stock widths can be used. There is an extra charge for rip- 
ping out the proper plank width in the mill. 

Reinforcement is sold at a base price applying to |-in. round bars 
or larger. Bars smaller than -f in. are sold at an increasing price above 
the base; therefore J-in. round bars may cost 20 to 25 per cent more 
than the base price. 

It is often advantageous to use the same stem depth for aU beams on 
the same floor. The forms for beam sides and the supporting shores 
will be identical for all beams and it will be easier to run shafting and 
piping under the beams. If beams are supported by girders, the stem 
of the beam is usually shallower than that of the girder, but different 
depths also prevent interference of the bottom reinforcement. 


STAIRWAYS AND SPECIAL BEAM SECTIONS 


336. Angle Beams. Wall beams in a floor system frequently consist 
of a beam stem supporting a slab coming in on one side only. Beams 
at the outer edge of a balcony or those framing openings are also angle 
beams. A.C.I. Article 705 states that angle sections are designed simi- 
larly to tee beams, using a flange width 6 « (?>' -f 60, but not exceed- 


ing h 



Such a section violates the fundamental beam 


theory requirement that the section shall be symmetrical about the 
vertical plan of loading. It is also true that the external loads produce 
torsional as well as bending moments. In the past it has been customary 
to design wall beams for bending only, the torsional moments and the 
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non-^ymmetrical section being disregarded. A method of approximat- 
ing the torsional stresses has been given in Problems 25 and 26 
(Chapter 8). 

An endeavor is sometimes made to design the transformed section for 
bending so that the resultant tension and compression forces act in a 
plane more nearly vertical. This is accomplished by adding compres- 
sion steel which is offset to the outside edge of the wall beam. The 
tension steel is offset toward the inside face. The object is to have the 
resultant of the compression forces in the concrete flange and the com- 
pression steel act vertically above the resultant tensile force.^ The fol- 
lowing problem illustrates such an attempt. 

ILLUSTRATIVE PROBLEM 66 

336. Wall Girder. The wall girder of Problem 25 has the following dimensions: 
6' = 12 in., 6 = 36 in., h ~ 26 in., f = 4 in., depth to positive steel d *= 22 in., 
/ o = 2000 lb. per sq. in. The positive bending moment Mp - 880,800 in.-lb. A 
trial computation is made with one 1-in. round bar as compression steel and four 
1-in. round bars as tension steel, placed as shown in Figure 201. By A.C. I. Article 706 



2i 

8^ir 

Fig. 201 

the stress in the compression steel is taken as 2/^^ If the concrete is assumed to be 
in compression only over the flange depth, the <^ter of gravity of the transformed 
area can be formed by taking moments of the ar66s about the top of the flange. 

36 X 4 144 X ' 2 « 288 

2 X 14 X 0.786 22 X ' 2 = 44 

16 X 4 X 0.785 47 X 22 « ^ 

A « 213 sq. in, M « 1366 cu. in. 

Center of gravity « 6.42 in. from top 

' See Reinfcrced Concrete DesigUf Sutherland and Reese, p. 285. 
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The moment of inertia about the center of gravity eqtials 


m 

36 X 4 X (4.42)* - 2,817 
22 X (4.42)* - 430 

47 X (16.68)* - 11,438 


/ 


My 

I 


880,800 
14,877 ^ 


I - 14,877 (in.)* 
» 69.2y 


fo 69.2 X 6.42 « 380 lb. per sq. in. (maximum) 

fo = 69.2 X 2.42 « 143 lb. per sq. in. (minimum) 
2/'. « 69.2 X 16 X 4.42 X 2 « 7860 lb. per sq. in. 
ft * 69.2 X 16 X 15.58 =■ 13,900 lb. per sq. in. 


Compression force in concrete: 


Uniform * 143 X 36 X 4 « 20,670 lb., 2 in. down, 18 in. from outer face 
Uniformly varying *« X 36 X 4 * 17,0601b., 1.33 in. down, 18 in. from outerface 


Force in compression steel: 

0.786 X 7860 = 6,160 lb., 2 in. down, 3 in. from outer face 
Total compression force *« 43,800 lb., acting 1.74 in. down 
Force in tensile steel « 4 X 0.786 X 13,900 = 43,800 lb. 

Taking moments about the outer face, 

20,670 X 18 + 17,060 X 18 + 6160 X 3 - 43,800x0 

Xe = 15.9 in. 

The resultant compression force C acts 16.9 in. from the outer face while the re- 
sultant tensile force T acts 12 — 4.25 = 7.76 in. The plane of these two forces makes 

15.9 - 7.76 

an angle with the vertical whose tan « — — » 0.402, or an angle of 21.9®. 

22 — 1.74 

If no compression steel were used and the tension steel were spread uniformly over 

18 •— 6 

the stem width in one row, this tangent would be tan *■ t- 7 ~ 0.664, or an 

23 — 1.76 

angle of 29.4®. The compression stresses in the concrete are very low, as is to be 
expected with angle and beams under positive bending, so the compression steel 
is only used to help reduce the angle of inclination of the plane of the internal forces. 
By using the reinforcement of Figure 201 the moment of resistance at this section 
is found to have components of 

Veartical bending moment » 43,800 X 20.26 ■» 880,800 in.-lb. 
Horisontal bending moment «** 43,800 X 7.76 «« 340,000 im-lb. 
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887. Stairways. A reinforced concrete stairway is often supported by 
beams on each side of the stair. Each thin riser and tread may be con- 
sidered to be an angle beam supported by the side beams. The design 
of a single riser and tread as an angle beam requires the assumption 
that the adjacent units deflect the same amount as this one. 

Other stairs are designed as inclined slabs whose thickness is the 
minimum thickness of the sawtooth section, the projecting riser and 
tread being an added dead load. The live and dead loads are inclined 
to the axis of the slab and give direct and bending stresses. However, 
this exact procedure is usually not followed for design. The slab is 
designed as though it were a horizontal slab with a span equal to the 
horizontal projection between the supporting beams. The vertical load 
is used and the computed thickness must be equal to or greater than the 
minimum vertical section through the slab. In case the stairway is 
supported at the far end of the landing, this landing is included as part 
of the substitute horizontal slab. Short steel bars should be placed at 
the supports for negative bending moments, in addition to the continu- 
ous positive steel running from support to support. 

338. Holes and Openings. Openings of considerable size in a floor 
should be framed by beams, even in flat slab construction. Pipe holes, 
manholes, or small hatchways do not require such framing, if the hole 
does not interrupt much slab reinforcement. At the corners of rec- 
tangular holes local stress concentrations tend to produce cracks and it 
is advisable to place extra steel at these corners consisting of short bars 
placed at 45® with the axes of the rectangle. 

Pipe holes may also be necessary in the stems of beams. If possible 
these should be placed in the upper part of the stem in order not to 
reduce the compression area for either positive or negative bending. In 
the center of the span the hole can be lower as the compression area is 
in the slab. Even though the hole is circular, local concentrations of 
stress will give a TnRximiim shearing stress about three times the com- 
puted stress for a solid stem, so extra 48*^ and 135® steel is desirable, 
adjacent to the hole, 

339. Wartime Allowable Stresses, tlbe War Production Board's 
Emergency Specifications for Reinforced (Concrete Design were based on 
the 1941 A.C.I. Code in general. The object of these specifications is 
to reduce the amount of steel used as rrfnforcement. Therefore, it is 
recommended that plain concrete be used wherever possible, even though 
the plain concrete design does not give the most economical footing or 
retaining wall. The reinforced beam section should be large enough so 
that no compression steel is needed. For column design, it is recom- 
mended that tied columns be used instead of spiral, that the longi- 
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tudinal steel should not exceed 2 per cent, and that highnstrength con- 
crete be adopted. 

To force the use of larger sections the maximum fiber stress in beams 
is reduced to 0.35/'c, instead of 0.45/'c. Shear and diagonal tension 
stresses are not changed but bond stresses are increased 10 per cent. 

The tensile steel stress in the structural grade is increased 10 per cent 
to 20,000 lb. per sq. in., whereas for the other grades it is increased 20 
per cent to 24,000 lb. per sq. in. The reduction of fiber stress in the 
concrete and increase in the steel will give larger sections and, also, less 
steel for the section chosen. 



CHAPTER 14 


THE STRUCTURE AS A RIGID FRAME 


A principal advantage of reinforced concrete construction is the mono- 
lithic, continuous frame that is a result of good design. The previous 
chapters have considered the methods of design of the portions of such 
a frame that may be designated slabs, beams, columns, footings, and 
so on. Due regard has been given to the fact there is a certain restraint 
at the junction of slab wth beam, a beam with column, a column with 
footing. For the most part conventional restraining moments have been 
assumed to act, but there are also many cases where the frame should 
be considered as a whole in order to estimate these restraining moments. 
Unequal spans of a continuous member or marked difference in the sizes 
of the supporting members are two of many possible cases not covered 
by conventional moment coefficients. 

In the last 15 or 20 years great advances have been made in the 
analysis of statically indeterminate structural problems. These solu- 
tions may be divided into four general types, namely: 


1. Continuous beams by the three-moment equation. 

2. Slope-deflection method. 

3. Moment-distribution method. 

4. Strain-energy or work solutions. 


These methods are all covered fully in modem texts of applied me- 
chanics, or structures, and the basic equations will not be derived in 
this text. Their application to problems Of reinforced concrete design 
will be discussed in this chapter, 

340. Restraint of One-Span Beams. us first discuss a beam of a 
single span loaded with a uniformly distributed load of w pounds per 
foot (Fig. 202a). If the beam is supported at the ends, the bending 
moment diagram is a parabola with a maximum positive moment in the 

center of Mp = — and a moment of zero at the support. The shear 
8 

wl wl 

force diagram varies in a straight line from +'^ to — and is zero 

at the point of maximum positive bending moment. 

309 
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If the same beam has fixed ends, the bending moment diagram is the 
same parabola, but the maximum positive bending moment is only 
to? 

Mp and there is at the support a negative bending moment 

to? 

Mn “ ~ TT (Fig. 2026). The point of inflection (M = 0) occurs at 
0.215Z. It will be noticed that the sum of the maximum negative and 


Supported 

€ 




Part fatty Fixed 





Bendtng Moments 





Shear Force 
(&) 

Fiq. 202 


positive bending moments is - 


The parabola is identical with Figure 


202a except that its base line (ilf « 0) has been shifted up two-thirds 

wP 

the ordinate — . By fixing the ends the same load is carried with only 
o 

two-thirds the maximum numerical bending moment and hence two- 
thirds the fiber stress that the simply supported beam has; or, better 
still, a smaller beam will carry the same load. The shear force diagram 
is unchanged. 

The beam may also be partially fixed with a maxunum negative bend- 

wl^ 

ing moment somewhere between — and zero. Figure 202c has been 

12 

computed for the case where the partial restraint gives a negative mo- 
te? 

ment of — — . The maximum positive moment at the center will fig- 
lo 
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wl^ 

ure + — , and again the sum of the maximum positive and negative 
wl^ 

moments equals . The base line (M = 0) for the parabola has been 

o 


wJj‘ 


shifted up half the ordinate . The shear force diagram is unchanged. 

8 


The general statement can be made that, as long as the beam is sym- 
metrical for loading and restraint, the shear force diagram is unchanged 
and the bending moment diagram can be formed from a single curve 
by suitably shifting the base line for zero moment. This is utilized in 
Diagram 6 in the Appendix. The total height of 100 units is equivalent 
wP 

to M ^ — . The total length of 100 units equals the span L The base 
8 


lines (M = 0) have been located for the moments specified by the A.C.I. 
Code for uniformly distributed moments. 


CONTINUOUS BEAMS— THREE-MOMENT EQUATION 

341. Three-Moment Equation. The solution for the moments at the 
supports of a continuous beam by the three^moment equation neglects the 
stiffness of the supporting members. A concrete beam resting on a sup- 
port, such as a brick wail or steel column, fulfills this assumption but, 
if it is poured integrally with a concrete column or wall, the solution is 
an approximate one. The three-moment equation consists of the sum- 
mation of expressions for the slopes of the beam to the left and right 
of a given support (such as support 2 in Fig. 203). This summation 
must equal zero. In equation 245 subscript 1 refers to properties of the 
beam to the left of the chosen support (caBed B) and subscript 2 refers 
to properties of the beam to the right of support B. Support A is the 
support immediately to the left of support and support C is immedi- 
ately to the right. If the beam in span AS has a different moment of 
inertia than the beam in span HC, the thr^moment equation is 

1 \-%EhVA ^FAkXA' 

_ [— — + (ilfx + 2Ms)h + — _ + 

^ r + (2Mi, + kc)h + ^^^1 = 0 (246) 

QEI 2 1 h ^3-1 

where E modulus of elasticity of the material 
I moment of inertia of the beam 
I span of the beam 
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V = deflection of supports A or C relative to support B 
M = moment at the support designated by the subscript 
F » area of moment dia gram of beam denoted by the subscript 
X s= distance from far support (4 or C) to the center of gravity 
of this moment diagram. 

All interior spans are assumed to be simply supported. Table H lists 

Fx 

the moment area F and product — for certain common beam loads. 

V 

If the two spans have the same moment of inertia, equation 245 be- 
comes 


6EIva 

~ir 


QEIvc 

— h MaIi + 2Mb{Ii + h) + Mch + 

h 


^Fab^a , 


QFbc^c 


0 (246) 


Equation 245, or 246, is called the three-moment equation because the 
expression deals with the bending moments at three adjacent supports 
with the deflection and loading terms known. The deflections va and 
vq imply that the supporting columns at A and C shorten more than the 
column at B by the amounts va and vc* These shortenings can be esti- 
mated by determining the strains in each colunm and multiplying by 
the column length to get the total shortening. 


ILLUSTRATIVE PROBLEM 66 

842. Shear and Bending Moment Diagrams for a Continuous Beam. a 

continuous beam of three spans (Fig. 203), fixed at support 1 and hinged at support 4. 


fixed 


Fig. 203 

The modulus of elasticity of the concrete will be taken as 2,000,000 lb. per sq. in., 
and the moment of inertia of the cross section as 14,000 (in.)^ for each span* Column 
1 shortens 0.06 in.; column 2, 0.25 in.; column 3, 0.20 in.; and column 4, 0.10 in. 

Determine (a) the supporting forces; (6) the complete shear force diagram; (c) the 
complete bending moment diagram. 

Taking the origin B at support 1. The end support is assumed to be fixed. There- 
fore, the change of slope ii equals aero. The deflection 0% of support 2 relative to 


lOfiOOIb. 




5,0001b. lOOOib. 



-30ft.- 


O) 
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1 is Pa ■= —0.20 in. Using the expression for slope just to the right of support 1, 
which is the second parenthetical term of equation 245: 


-6X2, 000, 000X14, 000( -0.20) . ^ 6X10.000X10X20 X50 

® + (2M,+Ma)30 +- ^ ^ 


or 


0 « 2Af 1 4- Af 2 -f 132,700 (247) 

Origin B at support 2. There is a beam span each side of support 2. Relative 
to support 2, the deflection vi = 4-0.20 in, and == 4-0.05 in. Using the three- 
moment equation (246): 


^ -6 X 2,000,000 X 14,000 / . 0.20 0.05\ 

^ ( 12)3 + 

6 X 10,000 X 10 X 20 X 40 , 6 X 1000(20)3 


20Af 3 4 

0-3^14* IOJI /2 4 2 M 3 4- 377,500 


6 X30 


-f • 


24 


(248) 


Origin B at support 3. Relative to support 3 the deflection V 2 = —0.05 in. and 
va 4-0.10 in. Also note that Mi = 0. 


0 * 


-6 X 2,000,000 X 1 4,000 
(12)* 


( 


ao5 o.io\ 
20 14 / 


4- 20 M 2 4- 2M3(20 4* 14) 


+ 


6 X 1000(20)3 6 X 5000 X 6 X 8 X 22 ^ 3000 X 10 X 4 X 18 

24 6 X 14 6 X 14 


0 = 5Af2 4- 17Af3 + 520,000 


(249) 


Solving the three simultaneous equations 247, 248, and 249, 


Ml 

Mi 

Mg 


4-2 

+1 


- -132,700 

43 

+10 

42 

== -377,500 


+5 

4-17 

- -520,000 


Ml = -59,000 ft.-lb.; ilf 2 = -14,800 ft.-lb.; M 3 = -26,250 ft.-lb.; M 4 - 0 


343. Shear Force and Bending Moment Diagrams. The loads and supporting 
couples and forces for each individual span are shown in Figure 204. When the 
supporting forces are computed the results are 


Vi « 8,140 lb. 

7'2 = 1,860 lb. 

Span h2 


7"2 “ 9,430 lb. 
F's = 10,570 lb. 


F"3 * 5,590 lb. 
74 - 2,410 lb. 
s^om, 3.0001k 


M.-m OOrfJk Mj *-26,230 I 


'Vi 'Vi 'Vi 

Span Z~3 


% % 

span S-4 


Ftg. 204 



Table H. Benbinq Moment Abeas 
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The complete shear force and bending moment diagrams are assembled in Figure 
205. The supporting forces are 


Ri * 8,1401b. 

R2 « 1,860 + 9,430 « 11,2901b. 
Rs = 10,670 4- 6,690 « 16,1601b. 
124 » 2,410 1b. 

Total upward forces ** 38,000 lb. 
Total load = 38,0001b. 


V*^Bf40tb. 


9430tb 


^•29.$0OWb 

■ V -V^S$9 0/by'V»S9S/b 
^000/b 

t^*9700ffJb 



lRr^f40fb ^^•l\290/b 

/ 

/ 

/ 

VbftS^OOOffJb 

Fig. 206 


J^V,24tO/b 
\60fb R^24t0lb 


nSTOfb 


With the complete shear force and bending moment diagram, it is possible to 
design the different spans for size and reinforcing steel. If the design does not give 
a moment of inertia approximating I » 14,000 (in.)^, a corrected solution should be 
made. If the section varies in different spans, the solution should use equation 246 
instead of equation 246. 

344. Variation of Live Load. Most structures are designed for a max- 
imum live load. It may well happen, however, that the structure is 
not fully loaded, and it may chance for certain spans that this irregular 
distribution of the live load gives greater numerical values of shear and 
bending moment. The following problem illustrates the variation in 
shear and bending moment diagrams produced by partial loading. 


ILLUSTRATIVE PROBLEM 67 

346. Continuous Beam— Live Load Varies. Given a beam of three spans fixed at 
the end supports (Fig. 206). The uniformly distributed load consists of a dead 


Z/W Load* 2.000 /b. per ff. 
fixtd - t^ad LoadHSOOtbper ft 

-20 ft- -^40 ft 

(f) (2) (3) 

Fig. 206 


[fixed 

•30ft- 


(4) 


load of 1500 lb. per ft. and a live load of 2000 lb. per ft. Assume the beam section 
to be constant in all spans and that the columns all shorten the same amount 
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Determine the shear force and bending moment diagrams if the live load is added 
or omitted on complete spans. 

Case /. Live Load on All Spans. At supports 1 and 4 the change of slope is zero. 
Using second part of equation 245 for support 1 and the first part for support 4, 

0 = 2Af 1 + Ma + 350,000 (250a) 

0 « Afa 4* 2M4 -f 787,500 (2506) 

Taking the origin B at support 2, 

0 - 20«, + 2«.(20 + 40) + 40M. + 

24 24 

0 = Ml + 6M2 4- 2M8 4- 3,150,000 (251) 

Taking the origin B at support 3, 

0 - 40«, + 2«.(40 + 30) + 30M. + 

.u4 «4 

0 = 4Af2 4- I4M3 4- 3M4 4- 7,962,500 (252) 

Solving these equations simultaneously gives 

Ml = 18,700 ft.-lb. Ms = -418,900 ft.4b. 

M2 = -387,400 ft.-lb. M4 « -184,200 ft.-lb. 




) 




t- — 20ft-A. 

If Vi 

Span t-2 


M2^-3 8Z400H!b. 



^3 

A^lh.perV^. 


soft- 


V 

V 4 


span 2-3 
Fig. 207 


Span 3^4 


346. Shear Force and Bending Moment Diagrams. Referring to the loads on the 
individual spans shown in Figure 207, the supporting forces are 

Vi * 14,700 lb. F"2 « 69,200 lb. 7"3 = 60,300 lb. 

y'2 « 55,300 lb. 7'3 * 70,800 lb. F4 =» 44,700 lb. 

The supporting forces equal 

El « :14,7001b. 

E 2 = 55,300 4- 69,200 =« 124,500 
Rz = 70,800 4- 60,300 « 131,100 
44,700 

Total upward supports « 315,000 lb. 

Total load » 315,000 lb. 

The shear force and bending moment diagram is plotted on Figures 208 and 209. 
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847. Live-Load Vaiiatiotia. Similar solutionfl are made, assuming the live load to 
act as follows. 


Case 

Span 

Case 

Span 

I 

All 

V 

1-2 

II 

1-2 and 8-4 

VI 

2-3 

III 

2—3 and 3—4 

VII 

3-4 

IV 

1-2 and 2-3 




80000 

70000 

€0000 

50000 

40000 

30000 


20000 , 

I 10000\ 

I ; 



• 20000 \ - 3 . 

•^0000 
-50000 
-60000 


-70000 


. Case I 
U 



40 30 

Span-ft 

Fio. 208. Shear force diagrams. 


The results are given in Table I and plotted on Figures 208 and 209. All the 
above results can also be obtained by the use of influence lines. 

848. Discussion of Results. It is evident from Figures 208 and 209 that no one 
loading will give all the maximum values. In general, we may say for this problem 
that: 

Maximum ohear at end supports occurs when the end span has live load and the 
adjacent span does not. 

Maximum shear at interior supports occurs when the two spans at the support 
have the live load and the adjacent one does not. 

Maximum positive moment near center of end spans occurs when the end span 
carries the live load and the adjacent span does not 

Maximum positive moment near center of interior spam occurs when this span 
carries the live load and one adjacmrt span does also. The maximum is nearly 
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reached, however, when this span carries the live load and the adjacent spans are 
without live load. 

Maximum negative moment at an exterior support occurs when the end spans are 
loaded with live load and the adjacent interior span is not. 

Maximum negative moment at interior supports occurs when the two spans meeting 
at the support carry live load and the adjacent span does not. 

The bending moment diagrams overlap, and the positive moment diagrams for 
some of the lower curves have points of inflection near the support, thereby requiring 
some positive tension steel near the supi)ort. The accurate design of continuous 



hanmfl with variable live loads reqiiires a repeated solution of possible loadings 
aimiUr to the Computations of this problem. Trial indicates the load positions 
giving maximum values. 

349. Contintious Beams with Equal %ans. Uniformly Distributed 
Loads. The case of continuous beams oPequal spans loaded with uni- 
formly distributed loads has been carefully computed. The maximum 
positive and negative bending moments PBCommended in A.C.I. Article 
701 (see Appendbc) give the results, after modification for the proba- 
bility of occurrence of some of the loadings. In general, the maximum 
positive bending moment in an interior span occurs when that span and 
each alternate span is loaded with the live and dead loads, and the 


Tablb I. Vakiatiok of Live Load — ^P^ blem 67 
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adjacent spans and alternate spans are loaded with the dead load 
only. Similarly, the maximum negative moment at a support occurs 
when the two adjacent spans carry the live and dead loads; thereafter 
the alternate spans carry no live load. 

There is obtained an upper and lower limit to possible bending moment 
curves for probable variations of the live load. Table J gives the spread 
of possible bending moment diagrams for the moment coefficients rec- 
ommended by A.C.I. Article 701. 

For distributed loads the maximum shear force in any one span will 
be 0,5wl, if the negative moments at each support are equal. When the 
live load is removed from some spans this will not be tnie, and it is pos- 
sible to realize live-load arrangements which, coupled with the uniform 
dead loads, will give a maximum shear force at a support of about 
0.55wl This may occur in any span, but it has been commercial prac- 
tice to design all interior spans for a maximum shear force of 0.5wl and 
let the possibility of some unusual live-load arrangement be cared for 
by employing a somewhat smaller allowable shear stress. The shear 
force at the first interior column for the exterior span is increased to 
0.575wl. There are two discontinuous shear force diagrams for this span, 
one varying from 0.5wl to —0.5wl, the other varying from 0A2bwly at 
the exterior column to — 0.575iyJ at the first interior column. 

360. Continuous Beams of Equal Span. Concentrated Loads. Beam 
and slab floor systems are frequently planned so that the girders run- 
ning from column to column support beams which are intermediate 
between the columns. These intermediate beams are usually evenly 
spaced. The girder is designed for a small uniformly distributed load 
and the symmetrically placed concentrated loads brought to it by the 
intermediate beams. The concentrated loads will vary as the live load 
is shifted about on the floor, and analyses similar to those made for uni- 
formly distributed loads must be made for these loads. The A.C.I. 
Code makes no recommendations for bending moment coefficients for 
these cases. The author proposes limiting moments for design. 

Table J gives the limiting values of the bending moment for symmet- 
rically placed concentrated loads, coveri|ig the cases of one, two, and 
three intermediate beams. 

351. Moving Loads. The preceding c&cussion applies to structures 
whose load is static, but may be shifted about from time to time. Other 
structures, such as bridges, receive moving loads, whose position is only 
temporarily static. The position of the load to give the maximum shear 
forces and bending moments for moving loads can be found by the use 
of influence lines. Any standard text on structures covers the construc- 
tion of influence lines. 








Skids supported 
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THE SLOPE-DEFLECTION METHOD 

362. Solution by Slope-Deflection Methods. The discussion of the 
preceding articles has covered the solution of continuous beams. Ex- 
cept for the restraint of the end supports no consideration has been given 
to the rigidity of the supporting columns. There are methods of solu- 
tion of indeterminate problems which do take into account all the mem- 
bers meeting at a joint. Such methods include work solutions and fur- 
ther use of slope-deflection relations. The slope-deflection method is well 
adapted for the analysis of structural frames and will be discussed in 
this chapter. The least-work solution is used in Chapter 15 in develop- 
ing equations for the design of concrete arches. 

353. Assumptions of the Slope-Deflection Method. Solutions for the 
end moments in members of a rigid frame by the method of slope- 
deflection, or its derivative, the method of moment distributions, are 
expedited by assumptions in regard to the deformations of these mem- 
bers. The assumptions are: 

1. The members meeting at a joint all rotate through the same angle 
when an external couple is applied. 

2. The change in length of columns and beams is small enough to be 
neglected. 

3. Deformations due to shear forces may be neglected. 

4. If the members of the frame all lie in the same plane, their rela- 
tive stiffness can be measured by the ratios of - of each member, where 
/ is the moment of inertia and I the length. 

Center line dimensions are commonly used for the length of each 
member. In the discussion of deflection of beams (Art. 163) the mo- 
ment of inertia was taken as that of the concrete area for the depth d 
plus the moment of inertia of the positive tension steel. Rigid frame 
analyses are usually made before the reinforcement is computed. There- 
fore, it is customary to use the moment of inertia of the gross concrete 
section about its center of gravity, with no allowance for the steel. 
Since the solutions involve ratios of stiffnesses, this procedure is satis- 
factory when applied to all members. 

The basic slope-deflection equation is obtained from the beam theory 
by use of moment-area methods. The conventions in regard to moments, 
slopes, and deflections differ from those used in the usual beam theoiy 
by algebraic methods. These conventions are: 

1. Taking a member as a rigid body, the external end bending moment 
is positwe if the moment-couple is clockwise. 
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2. The slope is positive, if the center line of the member rotates clock- 
wise in regard to the unloaded position. 

3. Deflections are positive, if the center line of the member at the 
joint considered is displaced by clockwise rotation. 

Consider a beam whose left end is at 4 and right end at B. After 
loading the slope at A equals 0a and at B is fe. The external moment 
at A is denoted Mab and the moment at B by Mba- The basic slope- 
deflection equations take the form 


2/^ A n 

Mab = 2EK{^2$a + fe - ZR) {Zxb - t) 

P 

2Fab 


(253) 


Mb A = 2EKieA + 20b - 3fi) -|- (2Z - Zxb) (264) 

I V 

where K = - for the member and R = - . 

I I 

In equation 253 v is the deflection of end B relative to A, and in 
equation 254 v is the deflection of A relative to B, In both equations 
V will have the same sign. These equations state that the moment at 
any section depends on 

1. The modulus of elasticity of the material. 

2. The stifihiess y of the span. 

3. Certain terms which allow for the relative restraint and displace- 

ment of the sections A and B, For a beam fixed at the ends, whose 
supports settle the same amount, 6b> and R equal zero. 

4. A term which allows for the loads between sections A and B. This 
term is computed as though the span were simply supported at A and B, 

354. Load Term. If sections A and B be taken at the supports of a 
beam fixed at its ends, the terms Ba, fe , and R equal zero in equations 
253 and 254. Then the fixed-end moments at the supports equal 

— -2Fab 

Mab (?xb - 0 - Cab 

+2Fab 

Mba - (21 ~ 8xb) » Cba 


In other words, the load term of equations 253 and 254 is numerically 
equal to the fixed-end moment of a beam loaded as given. The sign of 
this term is determined by noting that the load tends to cause clock- 
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wise rotation about section A and is therefore balanced by an anti- 
clockwise or negative term Cab- The load tends to cause anti-clockwise 
rotation about section B, and the balancing moment Cba at the section 
is 'podiive. 

Examination of equations 253 and 254 in the light of this discussion 
permits a simplification to one statement. The bending moment at any 
section equals 

M =* 2EK(2dgQctuin + ^distant wction 322) dt Cgeotion (255) 

where C ** fixed-end moment at the given section and the sign is deter- 
mined by the statement above. 

Table H (Art. 341) gives the fixed-end moments for certain common 
beam loadings. 

ILLUSTRATIVE PROBLEM 68 

356. Slope-Deflection Solution of a Rigid Frame. Determine the bending moment 
diagram for the continuous beam ABCD of Figure 210 by the use of the slope-deflec- 



tion equation. This beam is Mentical with that in Figure 203 of Problem 66 and 
carries the same loads, but the other members meeting at each support are now 
considered. The far ends of all columns are assumed to be fixed, so ^ Of ^ ^ 

Mm wci $j ma Q. With the far ends of these columns fixed, any horizontal move- 
ment of joints A, B, C, D will be neglected. E » 2,000,000 lb. per sq. in. 

Equation 255 is used to express the moment at each end of a member in terms of 
the unknown joint rotations 0At ^b» ^Ct ^i^d 0d- The fixed-end moments can be ob- 
tained from Table H and are expressed in foot-pound units. Using the numerical 
value of E the deflection term ^EKB for the individual beam spans should also be 
expressed in foot-pound units. 

From Figures 203 and 210: 

Kam-Kbt^ - 82.7 (in.)* Kct - Kdj - 85.2 

Kab ■■ Ems 88.3 Eab ■■ 88.9 Kbo 58.3 Kcd •“ 88.3 
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By equation 255, 


Mab 

Mba 

Mbc 

Mcb 

Mod 

Mdc 


2E^B.9 

2^38.9 

2^58.3 

2£^58.3 

2E83.3 

2£^83.3 


20 


To. . . 3 X (0.20)1 10,000 X 10 X (20)* 

— 

L, + 2,^ _J_1 + 100002100^ 

L 7200J’^ (»)■ 

L 240 X I2J 12 

-f 2ec + — — 1 

^ 19,200j 


+ 2»c + 

2»c + 90- 


19, 
3(-0.10) 


+ 33,330 

5000 X 6 X (8)» 3000 X 10 X (4)» 


168 X 12 




(14)* 


(14)* 




6000(6)2 X 8 , 3000 X (10)2 X 4 


(14)2 


(14)2 


Mae * 2^32.7[20a1 
Mbf “ 2ES2.7[2eB] 
Mao “ 2JS^83.3[20a] 


Mbh - 2£?83.3[2^b] 
Mci = 2ES5,2l2dc] 
Mdj * 2EZh.2[2BD] 


Equilibrium equations can be written to evaluate the four unknown slopes. The 
end moments of each member act on the adjacent joint reversed in direction. Suc- 


cessively applying equilibrium to joints A, B, C, and D\ 

Joint A Mae + Mab + Maq ** 0 (256) 

Joint B Mba “h Mbf Mbc Mbh “ 0 (267) 

Joint C Mcb -h Mcd + Mci 0 (268) 

Joint D Mbc “h Mdj •* 0 (259) 


These four equations are tabulated below. 



E9b 

EBc 

EBb 


Equation 

■1 

77.8 



’ = 66,060 

266 


852.9 

116.6 i 


= 20,670 

267 

■m 

116.6 


166.6 

- -82,810 

258 

■ 


166.6 

474.1 

■= -63,060 

259 


Solving simultaneously, 

EBa - 103.04 EBb « 28.19 EBc « -98.66 EBd « -98.355 
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Substituting in the moment equations above, 


Mab - -47,800 

Mba *“ 

13,000 ft.-lb. 

Mas “ 13,600 ft.-lb. 

Mbc ** *" 

■26,100 ft.-lb. 

Mao - 34,300 ft.-lb. 

Mbf 

3,700 ft.-lb. 

Sum = 0 

Mbh “ 

9,400 ft.-lb. 


Sum = 0 


Mcb = 25,800 ft.-lb. 

Mdc “ 

13,900 ft.-lb. 

Mod = -11,900 ft.-lb. 

Mdj “= - 

13,900 ft.-lb. 

Mot = - 13,900 ft.-lb. 

Sum = 0 

Sum = 0 



The solution of Problem 66 by the three-moment equation is an approximation, 
as the stiffness of the supporting columns is neglected. In that problem, the support 
at 1 (or A) was assumed to be fixed and the other supports were assumed to be simply 
supported. Comparison of the results is given below. 



Slope-Deflection 

Three-Moment 

Mab 

-47,800 


-69,000 

Mba 

Mbc 

13,0001 

-26,1001 

1 

-14,800 

Mcb 

Mcd 

25,8001 

-11,900] 

1 

-26,260 

Mdc 

13,900 


0 


By the slope-defioction convention these end moments are all couples producing 
tension at the top of the beam and compression at the bottom. The signs of the 
moments of the three-moment solution also signify negative bending moments for 
all end moments. It is evident that the three-moment solution is a poor approxima- 
tion for the actual structure. 

When the complete moment and shear diagrams are computed as illustrated in 
Problem 66 the beam and column section can be checked for size. If changes seem 
advisable, the solution can be repeated for the new stiffness ratios. The dash lines 
of Figure 210 show, greatly exaggerated, the distortions of the frame due to the loads. 


ILLUSTRATIVE PROBLEM 69 

866* Statically Indeterminate Frame with Side-Sway. Given the frame shown in 
Figure 211. The beams AB and DE are loaded with a uniformly distributed load 
of 2000 lb. per ft., and beam CD has a load of 3000 lb. per ft. For this solution aU 
columns and beams will be assumed to have the same modulus of elasticity E* Often 

columns have richer mixes and different moduli may be required. The ratio K ^ - 

has been estimated by an approximate design for each beam and column, and this 
trial solution is made with the K values given in Figure 211. 

Determine the bending moment and shear force diagrams for all members of 
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the frame. The column footings are assumed to be large enough to fix the ends of 
the column stacks. Therefore: Bq^ and Bh equal zero. 

If the frame were symmetrical, the columns would remain in the present vertical 
lines, but the given frame will have lateral displacements of the upper and lower 



columns. Assuming that the beams do not change in length, the two upper columns 
will displace the same amount, as will the three lower columns. 


Mxb — 2E6O(20x + ^b) ““ 


Mba 

Mac 

Mca 

Mbd 

Mdb 


2EG0(Ba + 2Bb) + 


2000(28)^ 

12 

2000(28)^ 

12 


2EmC2BA +Bc - ZRi) 
2E80(<?a + 26c - 3i?i) 

: 2E80{2Bb + - SRi) 

2ES0{Bb + 2Bd - 2Ri) 

3000(28)2 


Mcd 2E200f2Bc “f" ^z>) — 


Mdc = 2E200(^c 4- 2Bd) + 


12 

3000(28)2 

12 


Mdb - 2E90(2az> + Be) - 

Med ** 2E90{Bd 4 20e) 4* 
Mcf = 2^100(2^c ~ 3«2) 
Mfc ~ 2 El(Xi(Bc 3J22) 


2000 ( 20)2 

12 

2000 ( 20)2 

12 


Mdo = 2iS;iOO(20i> - 3R2) 


Mod « 2 El 00 (Bi> - 3^2) 


Msb ^ 2E70{2Be - 3 R 2 ) 


Mbe ~ 2E70(Be 3 R 2 ) 


In the above equations there are seven unknowi^ terms. It is necessary to have 
at least seven equations for the solution. Applying conditions of moment equilibrium 
to each joint gives 


Joint A 

Mab 4 Mac = 0 

(260) 

Joint B 

Mba + Mbd 0 

(261) 

Joint C 

Mca 4* Mcd 4* Mcf “ 0 

(262) 

Joint D 

Mdb 4 Mdc 4 Mdb 4 Mdq “ 0 

(263) 

Joint E 

Med 4 Meh * 0 

(264) 
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Take the two columns AC and BD as the rigid body (Fig. 212). Take moments 
about joint Z). 

Mac + Me A 4- Mbi> -f Mnn 0 (266) 

Take the three lower columns CF^ DO^ and EH as the rigid body. Take moments 
about joint D, 

Mcf 4* Mfc 4- Mdg 4- Mqd 4- Msh + Mas — (Hfc 4- Hqd 4- Hse)16 « 0 

Note that, if the whole frame be taken as a rigid body, Hpc 4* Ben 4* H^s must 
equal sero. Then 

Mcf 4“ Mfc 4" Mdo 4“ Mod 4* Mbs 4* Mrs ■■ 0 (266) 

There are now seven equations with seven unknowns. Table K lists the equations 
and gives the results of a solution. It is a long process to eliminate the unknowns 


Table K 


Ed A 

EdB 

EBo 

EdD 

EdB 

3BBi 

SER 2 


Equation 

660 

120 

160 



-160 



+130,700 

260 

120 

660 

.... 

160 

... 

-160 


a 


261 

160 


1620 

400 

. . * 

-160 



R 

262 

• • ♦ 

160 

400 

1880 

180 

-160 


» 

IS 

263 

• • « 

. . . 

.... 

180 

640 


-140 



264 

480 

480 

480 

480 

. . . 

-640 


S3 

0 

265 

... 

... 

600 

600 

420 


-1080 

a 

0 

266 

Results 










268.0 

-268.4 

+122.3 

-69.76 

-87.24 


+0.789 





successively. In part of the solution it was necessary to use seven significant fig- 
ures. Substituting the values of Ed At Edst etc., in the moment equations, 

Mas “ 120(636.0 - 268.4) - 130,700 « -97,000 ft.-lb. 

Mba » 120(268.0 - 616.8) 4* 130,700 « +100,800 ft.4b. 

Mac « 160(636.0 + 122.3 - 64.0) « +97,000 ft.-lb. 

Mca - 160(268,0 + 244.6 - 64.0) « +73,600 ft.-lb. 

Mbd « 160( -616.8 - 69.8 - 64.0) » -100,800 ft.-lb. 

Mdb « 160( -268.4 - 119.6 - 64.0) « -69,100 ft.-lb. 

Mcd “ 400(244.6 - 69.8) - 196,000 « -122,100ft.-lb. 

Mdc « 400(122.3 - 119.6) + 196,000 - +197,100 ft.-lb. 

Mde « 180(-119.6 - 87.2) - 66,700 « -108,900 fi-lb. 

Mbd « 180(-69.8 - 174.6) + 66.700 « +24,600 ft.-lb. 
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sei 


Mcr - 200(244.6 - 0.8) - -|-48,700 

Mfc - 200(122.3 - 0.8) = -|-24,300 

Mm » 200(- 119.6 - 0.8) - -24,100 

Mod ■= 200(-69.8 - 0.8) = -12,100 ft.-lb. 

Mbs - 140(- 174.6 - 0.8) = -24,600 ft.-lb. 

Mhb “ 140(-87.2 - 0.8) = - 12,300 ft.-lb. 



Fia. 212 

These moments are used to compute the shear force and bending moment diagrams 
for the individual members. The computatiooi' for the supporting shears for the 
beams and columns are made as in Problem 66. figure 212 represents the individual 
members, all moments being shown as positive. Those whose values are actually 
negative should be reversed in direction before foe supporting shears are computed. 
It will be noticed that, if we tahe the upper floor frame CABD, the frame is in 
equilibrium at the base of the coliunns. In other words, Vca + Vob “ 2000 X 28 = 
66,000 lb., and Hca + Bdb - 0. Similarly, the whole frame is in equilibrium: 

Vrc + Vao + Vhb = 180,000 lb. 

H,c+HaD+HBS^0 
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HXUSTRATIVB PROBLEM 70 


867. Wind Pressure. Solve Problem 69 assuming the wind to blow from the left 
causing the pressures on the column stack FCA shown in Figure 213. Neglecting 
the beam loads in the computations, determine the shear force and bending moment 
diagrams for all members of the frame. 

Assume again that the footings fix the column bases so that Bp, Bo, and Bh equal 
zero. It is apparent that the column stacks will be pushed out of the vertical by 
the wind load. Assume that the axial loads in the beams do not change their lengths. 
Then the displacements of A and B are equal as are those of C, D, and E, Assume 
that A and B remain on the same level and that C, D, and E do also. The moment 
equations can now be written 

Final Result 
ft.-lb. 


Mas 

Mba 

Mac 

Mca 

Mbd 

Mdb 

Mcd 

Mdc 

Mdb 

Med 

Mcf 

Myc 

Mdo 

Mod 

Mbh 

Mhe 


\20E{2Ba 4- Bb) 
mE{BA 4 2jBb) 


imEi2eA 4 - 3Ei) 

mE{BA 4 2Bc - 3jKi) 


200(14)^ 

12 

^ 200(14)^ 
12 


1&)E(20b 4 3-Ki) 

160E(6b 4 20d - BRi) 
4OOE(20c 4 Bd) 
4OOE(0c 4 2Bd) 
mE(20D 4 Be) 
ldOE{BD 4 ^Be) 


2O0E{2Bc - 3R2) 4 
2QOE(0c - BRi) - 


200(16)^ 

12 

200(16)^ 

12 


2QOE{2Bd - BRi) 
2Q0E{Bd - BR 2 ) 

140^(2Sjj - BRz) 
140E(Be - BR 2 ) 


42,842 

43,983 


-2,842 


-7,862 


-3,984 

-4,912 

414,717 

412,418 

45,914 

47,276 


-6,855 


-18,224 

-13,420 

-15,107 

-7,276 

-9,516 


The unknown terms comprise five slopes and two displacements, seven in all. 
A sketch similar to Figure 212 can be constructed and equations of equilibrium 
written: 


For Joint A 

Mab 4 Mac “ 0 

(267) 

Joint B 

Mba 4 Mbd " 0 

(268) 

Joint C 

Mca 4 Mcd 4 Mcf ■* 0 

(269) 

Joint D 

Mds 4 Mdc 4 Mde 4 Mdg “ 0 

(270) 

Joint E 

Med 4 Mes ■* 0 

(271] 
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Columns AC and BD. Moments about joint C. 

Mac + Mca + Mbd + Mdb + 200 X 14 X 7 = 0 (272) 

Columns CF, Z)(7, and EH, Moments about joint F, 

Mcf + Mfc + Mdo + Mod + Mes + Mhe + 200 X 16 X 8 + 2800 X 16 « 0 (273) 

Table L lists these equations and gives the solution for its unknowns. Substitu- 
tion in the equations above gives the numerical results listed at the right of that 
page. From these values can be computed the shear force and bending moment 
diagrams for this case of the wind on the left side of the frame, and also the com- 
bined effect of floor load and wind. Analysis might also be made for wind on the 
right and the combined effect of floor load and wind on the right. The designer 
is then in a position to determine maximum shear forces and bending moments for 
the design. It may well result that the original moment of inertias will be modifled 
enough to warrant a second analysis. 


Table L 


E9a 

EOff 

E$c 

E$d 

EOe 

ZMRi 

SER 2 


Equa- 

tion 


120 

160 



-160 


= -3,267 

267 

120 

560 

.... 

160 

. . . 

-h160 


« 0 

268 



1520 

400 

... 

-^160 

-200 


269 


160 

400 

1880 

180 

-160 

-200 


270 


... 

• • • • 

180 

640 


-140 

0 

271 

4S0 

480 

480 

480 


-640 



272 

... 

... 

600 

600 

420 


-1080 

BSS 

273 

Results 

+4.722 

+14.239 

+14.180 

+8.432 

+16.994 

+61.806 

+83.966 
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368. Use of Slope-Deflectioii Method. A great variety of indetermi- 
nate structures can be solved by use of the slope-deflection method. 
The choice between this method and solution by other methods, such 
as virtual work or least work, depends on the relative labor of solution 
and the personal equation of the designer. As a result of his engineer- 
ing experience he decides that one method is particularly suited to 
trussed structures, but, perhaps, that another method is better adapted 
for bents and frames with members in bending. 


MODIFICATION OF SLOPB-DmRCTION SOLUTION 


369. Moment-Distribution Method. The slope-deflection equations 
have been used by Professor Hardy Cross to establish a metiiod of de- 
termining the bending moment at the support of a member by succes- 
sive approximations. Its advantages are that no equations are written 
out, and the solution of many simuitaneoiis equations is avoided. The 
designer deals with numerical values at once. In order to avoid error 
or confusion the designer must decide on a standard procedure and 
representation. 

360. General Principles. A. An external moment (couple) applied at 
any joint is distibuted among the members meeting at the joint in propor- 


tion to the sti] 


constant -*= K of each member. 

V 


Members Unloaded. Let A (Fig. 214a) be any joint in some structure 


at which, in this case, four members meet. The special case is assumed 



Fig. 214 


of a fixed support at each of the far ends. Then *■ 0 « tfc 
» djB. Assume no load on the members and no deflection of the far 
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ends relative to A. Some external couple M is applied to the joint A 
and tends to rotate the joint. Since there is equilibrium at A : 

+ Ma.c + Mad + Mad + iif = 0 

Mab — ^EKab^a) = 4EKabSa 
Mac “ MSKacOa, etc. 

M M 

AE(Kab + Kac 4 - Kad + Kab) AEKt 
where Kt is the sum {Kab + Kac + Kad + Kae) and 


but 

Then 


Mab 


Mac 


-M 

-M 


^ 

Kab + Kac + Kad + Kas 



Kab + Kac + Kad + Kae 


-M 


Kab 

Kt 



etc. 


Therefore, the moments in the members at A are proportional to the re- 
spective stiffness constant j ^ K oi each member. 

Member Loaded. Instead of applying the external couple M, let the 
member AB loaded. In that case, by equation 255 (Art. 354), 


Mab = ^EKabOa ± C 


Mac = ^EKac^a, etc. 


For equilibrium of joint A 

Mab + Mac + Mad + Mae = 0 

C -P g 

^ iE{KAB + Kac + Ead + Kas) AEKt 

and 

Kac 

Mac * f 

Kt 

Therefore, the following principle is true. 

B. The bending moment M in the section of a member at any joint is 
resisted by the members meeting at this joint in 'proportion to tiie stiffness 
constant K of each member. 
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It has been assumed that the far ends of the members are fixed. Then 
for the unloaded members by equation 256 

Mca * 2EKac^a 

Mda — 2EKj)A^Ay ©tc. 

These moments are one half the values of Mac, Mad, etc. 

(7. The bending moments at the fixed far end of unloaded members, which 
meet at a joint A tending to rotate, is one-half the resisting moment in the 
member at joint A. 

361. Procedure. Given joint A (Fig. 2146) at which four members 
meet, with two loaded in this case. 

1. Assume joint A and all far ends to be fixed. The fixed-end mo- 
ments for the beam AB are 


Wih^ 

MAB-+ 

and 

Mba = 

Wih^ 

12 

W2l2^ 

and 

Mda = 

W 2 I 2 

12 


The signs are governed by the fact that the joints are the rigid bodies 
and not the beams. The moments Mas and Mad are opposite in sign. 
If they are not equal in magnitude, there is an unbalanced couple M at 
joint A which tends to rotate the joint. 


M = Mab + Mad = + 


Will? 

12 


12 


2. Release joint A. By the discussion of principles A and B in the 
previous paragraph, the unbalanced couple M is resisted by the mem- 
bers in proportion to their respective stiffness constants. Then, under 
the new conditions, 

Kab 

Mab = 


12 


Kt 


Mac 


-M 


Kac 

Kt 


Mad ~ — 


W2l^ 

12 


-M 


Kad 

Kt 


Mam 


-M 


Kab 

Kt 
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3. The momeiits at the fixed far ends will be modified by a moment 
half the distributed values Af , etc.^ given above. 

4, Pass now to one of the far end joints which is fixed as was joint A 
in procedure 1. Take this joint and apply the above procedure to it, 
passing again to an adjacent joint until the transferred moments at the 
far ends become too small for consideration. 


ILLUSTRATIVE PROBLEM 71 


362. Solution of Continuous Beams. Solve Problem 67 for the bending moments 
at each support by the moment-distribution method. This problem included an 
analysis of the effect of adding or removing the live loads for certain spans and re- 
sulted in seven solutions by the three-moment equation. For the moment-distribu- 
tion method the effect of a load of 1000 lb. per ft. on each single span will be com- 
puted and then these results combined for any of the seven combinations desired. 
This same procedure might have been adopted for the three-moment solution. 

The three spans have the same moment of inertia /. The stiffness constant 




I 20 


Kbc ” 


£ 

40 


Kcd « 


£ 

30 


0.05/ 

0.025/ 

0.033/ 


Let us deal first with a distributed load of 1000 lb. per ft. in span 
moments equal 


Mab 


wl^ 

iY 


1000 ( 20 )^ 

12 


33,300 ft.-lb. 


AB. 


The fixed-end 


In Figure 215 these moments are listed in units of 1000 Ib.-ft., or kip-ft., with the 
signs of direction governed by the fact tliat the rij^d body is successively each joint. 
Joint A is fixed by the problem statement and agiecs with the assumption. There 
is no need to release this joint. At joint B when the joint is released there is an 
unbalanced moment of —33.3. This is resisted by the beam AB and BC so that 

K.X - +3iS X ^ - 33.3 X 3 . 33.3 X I . +22.2 
3f«C - +33.3 X ^ - 33.3 X 5^ - 33.3 X 5 - +11.1 


The ratios of K are constant for each joint and independent of /. They are listed 
at each joint on the sketch at the top of Figure 215. At the fixed ends the distri- 
bution is made as though there were a beam beyond the joint of AT «« « . It absorbs 
all unbalanced effects. If there were a hinged end, the moment at that joint must 
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be sero and all unbalanced moments are taken by the beam coming to the joint. Iz 
other wordSi we act as though there were a beam beyond the joint of IT » 0. 




Fixed ends 
Fe/ease jotnfs 
Carry over 
Pisfribufton 
Carry over 
Pisfnbufton 
Carryover 
Distribution 
Finat 



Case'S. 


Fig. 215 


The distributed resisting moments are listed in Figure 215. It has been assumed 
that joints A and B were released in turn. As each joint is released the adjacent 
joint (assumed fixed) receives a moment half the value distributed to that member. 
This ^'carry-over'' moment is next listed. At joint A it is 0.5 X 22.2 •* -flM; 
at joint B for beam A B it is sero, for beam BC it is zero; at joint C for beam BC it is 
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0*5 X 11»1 *4“6*6, for beam CD it is zero; at joint D it is zero. These carry-over 

moments are now unbalanced moments at the joints, and they are now distributed 
according to the K ratio. The unbalanced moment at joint A of +11.1 is absorbed 
by the fixed end. At joints B and D the unbalanced moment is zero. At joint C 
the unbalanced moment is +5.6, It is distributed so that 

Mcb = 0.43 X 6.6 = —2.4 
Mcd “ 0.67 X 6.6 =* -3.2 


The procedure is now finished and the finst approximation can be summed up. 
Mab - +33.3 + 11.1 - 44.4 
Mba = -33.3 +22.2 = -11.1 
Mbc =* +11.1 
Mcb - +6.6 - 2.4 « +3.2 

Mcd — —3.2 
Mdc 0 


In Figure 216 a line is drawn at the end of the approximation and the totals listed 
beside the column of figures. It should be true that Mba — Mbc and Mcb =* Mcd^ 
The first approximation is not sufficient as the carry-over moments are appreciable. 
The carry-over moments are again listed and the resultant moments for the second 
approximation. Joint C is now balanced while joint B is unbalanced. The third 
approximation is then completed. It is apparent that the fourth is not required as 
the carry-over moments have disappeared. 

The loads in the spans BC and CD are handled separately. The fixed-end moments 
equal 


Mbc 


^ _ 1000 X (40)^ 
12 “ 12 


133,300 ft.-lb. 


Mcd « 76,000 ft.-Ib. 

The computations in Figure 216 for these spans should be plain. The general con- 
clusion from these three solutions is that three approximations give very closely the 
accurate moment. From the data in Figure 215 it is possible to handle any of the 
seven loadings of Problem 67. For instance, if Case II is taken, with a load of 
3600 lb. per ft. in spans AB and CD, and a load 0# 1600 lb. per ft. in span BC, the 
bending moments at the supports are 

Mab « +44.8 X 3500 - 56.0 X 1500 + 5.4 X 3500 = +91,900 ft.-lb. 
Mba =* -10.3 X 3600 - 112,0 X 1500 + Ihl X 3500 = -165,200 ft.-lb. 

Mbc “ +166,200 ft..lb. 

Mcb « +3.3 X 3600 - 92.0 X 1600 - 30.7 X 3500 - -233,900 ft.-lb. 

Mcd « +233,900 ft.-lb. 

Mdc « -1.6 X 3600 + 46.1 X 1500 - 97.2 X 3600 * -276,600 ft.-lb. 

These values check very closely those tabulated for Case II on Table I, Article 347. 
The moments on joint and beam are sketched at the bottom of Figure 215. The 
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shear force and bending moment diagrams for the individual spans can now be 
computed as in Problem 67. 

A comparison of the solution of this problem by the three-moment equation, by 
the slope-deflection equation, or by moment-distribution will enable the designer to 
decide which one is the easiest for him to use with continuous beams. 

363. Deflection of Supports. The moment-distribution method has 
just been applied to a problem whose supports have no relative displace- 
ment. If the method of solution is compared with the slope-deflection 
equation for this case: 

Mab = 2EK(^dA + fe) dz (fixed-end moment) 

it will be seen that Professor Cross starts with the fixed-end moment 
and successively approximates the joint rotations. 

When there is displacement of the supports, the slope-deflection equa- 
tion becomes 

Mab = 2EK(26a + fe — 3i2) ± (fixed-end moment) 
or 

Mab — 2EK(2dA + fe) + (—6EKR ± fixed-end moment) 

Therefore, the moment-distribution method can be used if one starts 
with the fixed-end moments and the moment term due to deflection, 
correcting successively for joint rotations. 


ILLUSTRATIVE PROBLEM 72 


364. Contiiiuotts Beam with Deflectiag Supports. Solve the continuous beam of 
Problem 66 for the bending moments at the supports by use of the moment-distribu- 
tion method. Figure 216 shows the beam with its loads. 



14,000 

30X12 


- 38.9 (in.)» 


20 X 12 


= 58.3 (in.)* 


14,000 

“1002 


83.3 (in.)* 


Ordinarily the designer takes the K values as a round number, but in this problem 
we will use the above values in order to check the two previous solutions. 

The deflection term equals: 


•^QEKB 


6EIv ^ 6 X 2,000,000 X 14,000 v 
? “ (12)* P 


97,226,000 1 ft-lb. 


where v is in inches and I in feet. The sign is positive as the rigid body is the joint 
not the beam. 
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04^6 Kstfkj 0,4fB\(m 


Oefiectfon moment 
Fi)(ed end moment 
Totaf moment 
Release Joints 
Carry over 
Pisfributiort 
Carry over 
Oisfribufion 
Carry over 
Oisfribufion 
Carry over 
Oisfribufion 
Carry over 
Oisfribufion 
Final 



$,000lb 3.000ib, 

y y 


Wi- 

V49.6 -m 

Vtz? -/if 

-63l0 
34.2^437^63.0 
62^315^244 


^59.1 


•mime 

|-5.^ -ezllf -7LS 

tizltas -2sMltiiu\]g/^ 

*3.6 *16 *3J8 *S.t 

i2l+/« -iK#h22:22N»A£Z 

-/./ - 1.1 - 2.6 • 1-6 

4 tinU-US -2i. A*I.S*Z2W tia*J6. 
m *0.4 *0.8 *1.1 

as, dl£dlL dJ. 

*14.8 -262*26.2 0 


Fia. 216 


Deflection terms are 


+W.».,000 X(X» _ 
mAB T 

97,225,000 X 0.05 ik 

W 12,200 ft.-lb. 

Mcd = -49,600 ft.-lb. 

The fixed-end moments on the joints are 

..lb. 

. lO.oooqgxM _ ji.. 


Mbc = 
Mcb 
Mcd ' 

Mdc '' 


(30)2 

1000(20)2 

12 


« 4-33,300 
« -33,300 ft.-lb. 


S000(8)^ X 6 3000(4)^ X 10 ^ .12200 ft. lb. 

TTTTo • ' ’ 


(14)' 


(14)' 


5000(6)® X 8 , 3 000(10)® X 4 ,9 400 ft, Jb. 

7773. • /^A\2 ~ ’ 


(14)' 


(14)' 


These values are listed and totaled at the top of the columns in Figure 216. It will 
be noticed that these totals should be identical with the numerical temM of the slop^ 
deflection equations in Article 356. Thereleaseof joints, “carryover, and renewed 
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distributions ate identical in method with the previous problem. Note that the ratio 
of distribution at each joint is listed at the joint in the sketch at the top of Figure 216. 
At the first release there is no unbalanced moment at joint A since it remains fixed; 
at joint B the total unbalanced moment of +20.5 is balanced by the distribution 

Mba “ 0.4 X 20.6 « -8.2 

Mbc * 0.6 X 20.5 « -12.3 

At joint C the total unbalanced moment of —82.9 is balanced by the distribution 
Mbc “ 0.412 X 82.9 « +34.2 
Mod « 0.688 X 82.9 » +48.7 

At joint D the total unbalanced moment of —63.0 must be resisted by the beam CD, 
since the joint is hinged. 

The carry-over moments are shown by arrows, and the second distribution occurs. 
There have been five approximations in this case, and the final moments check very 
closely the solutions by three-moment equation. 
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865. Moment-Distribution Applied to a Frame. Solve Problem 69 by use of the 
moment-distribution method. The frame is non-symmetrical, and the previous 
solution has shown that there is side-sway of the columns. Without the previous 
solution the designer would suspect that there is side-sway but does not know the 
amount. A possible solution by moment-distribution is to neglect the side-sway 
and make an independent computation for its effect. In other words, the moment M 
at any supporting joint equals 


where 

and 


M « Ml + M% 

Ml 2EK{2 $a + ^b) C 

M, - -6EKj - 


The couple Afa must be balanced by equal shear forces H acting at the top and 
bottom of each column. Mz equals the shear H times the length, or 


HI Mt = 6Ej] and 

I I 



To give an equal deflection v of the columns, these moments M 2 must be pro- 
portional to the ^ of each column, or the shears H are proportional to ^ . 


The problem can be solved by the moment-distribution method, if correction for 
this component couple M 2 be made to the column moments at the end of each ap- 
proximation. Table M gives the solution for the frame with the beams loaded. The 
first approximation is completed for the component couple Mi without regard to the 
column displacements. 
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The two columns in the upper story are the same length and have the same moment 
of inertia. It has just been stated that, if the columns have the same displacement, 

the moment in each column will be proportional to the of the column, and the 

I ^ 

shear will be proportional to the ^ . In this case, the columns must have the same 
shears but opposite in direction in order to give equilibrium. Then 

Hca + Hdb « 0 
Hca X 14 = Mac + Mca 
Hj)b X 14 » Mbd 4“ Mbb 

Then 

Mac 4- Mca 4- Mbd 4- Mdb * 0 

This is one of the conditions used in tlie slope-deflection solution of Problem 69. 
At the end of the first approximation the moments sum up 

SAfi « -99.7 - 76.7 4- 96.6 4- 68.6 » -22.3 

This unbalanced moment SAfi must be balanced by a moment 2)M2 = 4-22.3 

I K 

distributed to the columns in proportion to their ^ ~ y » being applied at each 
end to reproduce a fixed-end solution. The columns are alike, so 

22.3 

Mac Mca Mbd =* Mdb = - 1 — 7 “ ” 4 * 6.6 

4 

In the lower story it must be true that 

Mcf 4” Mfc -h Mdg 4- Mod 4- Mbh *4- Mhe — 0 
After the first approximation this equation runs 

SAfi « ^49.0 - 26.8 4- 26.6 4- 13.8 4- 23.8 4- 14.6 * 4-3.9 


This is balanced by an applied couple of XMi 

/ 


-3.9 distributed to the columns 


in proportion to their ^ , in order to keep their displacements equal. These columns 

I K 

are all the same length so the ratio ^ = y will be proportional to the K values. 

Then ^ / 100\ 

Mcf “ Mfc “ Mbo *= Mod “ 2 \ ^ ^ 

Mbh “ Mbb “ ~ g ^ 


In Table M the carry-over moments are listed first for the second approximation. 
Then the moments XM 2 are listed for the columns. The unbalanced moments at 
the joints are now distributed as usual. For instance, at joint A, the unbalanced 
moment equals (4-1*1 4- 6.6 4- 3.7) «» -1-10.4. This is distributed. 


Mab « 0.428 X 10.4 « -4.4 
Mac » 0.672 X 10.4 » -6.0 
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At th6 6iid of tlio BGOoiid ftpproximAtiou tiiG upper column momentfl sum up; 

SAfi =» -99.0 - 73.6 + 98.6 + 67.6 = -6.4 
This is divided up so that 

6 4 

Mac « Me A = Mbd = Mdb = -f » +1,6 

4 

The lower column moments sum up: 

ZMx « - 60.2 - 25.2 + 23.9 + 12.6 + 23.7 + 11.4 « -3.8 
This is balanced so that 

Mcf « Mfc - Mbd - Mdb ~ “ X *= + 0.7 

2 270 

3 8 70 

Mbb “ Mas “ Y X — = +0.5 

Four approximations are listed with the unbalanced moments tending to reduce to 
zero. The results of the fourth approximation check very closely those obtained 
by the slope-deflection solution. The student can decide by similar comparisons 
which method gives him accurate results more rapidly. 

366. Wind Loads. This method can be used for Problem 70 with the 
same frame subjected to wind pressure on the left side. In that case 
the upper columns appear as in Figure 217a. Note that Vac = VcAf 
Vbd = Vdb, and Hac = Hbd = Hdb- Take moments about joint C 
with both columns as the rigid body: 

Mac + Mca + Mbd + Mbb + 200 X 14 X 7 = 0 

The correction applied at the end of each approximation must bring the 
sum of the column moments to —19,600 ft.-lb. = —19.6 ft.-kips. 

Similarly the three lower columns as rigid bodies have the external 
forces shown in Figure 2176. Take the rigid body as whole frame. 
Then Vfc + Vgd + Vhe == 0 and Hfc + + Hhe = 200(14 + 16) 

— 6000 lb. acting to the left. Also Hcf + Sdo + ^iEH = 2800 lb. act- 
ing to the right. 

Take individual columns as rigid bodies. ;Then 

Hcf Hfc “ 200 X 16 = 3200 lb. Vcf ~ Vfc 

Hdg ~ Hgd Vdo ^ Vqd 

Her = Hhe Veh “ Vhe 


With the three columns as a rigid body, take moments about joint F: 

Mcf’^Mfc'^Mdo^Mqd "^Meb '^tMhe 4 * 200 X 16 X 8 + 2800 X 16 0 
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These column moments must be successively coirected to sum to 
—70,400 ft. -lb. » —70.4 ft. -kips. The student can construct the com- 
bined moment-distribution solution for this case. 

Since the appearance of the moment-distribution method many vari- 
ations in the conventions or method of operation have been devised, as 



Fig. 217 


well as short cuts to simplify its solution for the designer continually 
using this method. 

367. Choice of Method. The general opinion of structural engineers 
seems to favor some form of slope-deflection solution for frames sub- 
jected to bending loads. The designer has welcomed the comparative 
ease of execution of the moment-distribution method. Other variations 
of the slope-deflection solutions have found favor. 

The alternative solutions by use of virtual work, or least work, are 
described in this chapter and the next. They have their fields of use- 
fulness particulaily with trussed structures and arches. 
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The discussion in this chapter should enable the designer to attack 
the analysis of frames of unequal spans or unsymmetrical loadingi for 
which he can find no previous solution. 

MEMBERS OF VARYING SECTION 

368. Moment Distribution Applied to Members with Variable Mo- 
ment of Inertia. Any solution by means of equations for slope and de- 
flection becomes more difficult if the moment of inertia of the member 
varies through its span. Haunched beams, columns with capitals, and 
even the transformed area of the ordinary reinforced concrete beams 
are illustrations of the common occurrence of such members. The flat 
slab floor system with a drop panel and column capitals is an extreme 
example. If a flat slab system is continuous and the spans are not 
‘^approximately equal, the 1941 A.C.I. Code recommends that the 
bending moments and shear forces be determined by an analysis of the 
structure as a continuous frame (A.C.I. Art. 1002). Prior to the adop- 
tion of this article Mr. R. L. Bertin studied one possible method of 
solution using moment-distribution. This survey has not been pub- 
lished, except for a short explanatory article in the January 1948 Journal 
of the Boston Society of Civil Engineers] but a summary of the method of 
solution will be given here to illustrate the application of moment- 
distribution to a flat slab continuous frame. 

M 

369. — Diagram for Flat Slab Construction. The continuous frame 
El 

consists of the slab for the width of a bay taken continuously longitudi- 
nally, or transversely across the building, including the upper and lower 
columns in the bay width. 

Slab. A section taken near the center of the span will be a rectangle 
whose width is the width of the bay and whose depth is that of the 
slab. Nearer the column the cross section is tee shaped as the drop 
panel is cut. Still nearer the column center tine the cross section becomes 
larger as it includes portions of the column capital, and finally the sec- 
tion also cuts through the column. In this ^gion the moment of inertia 
increases tremendously as compared with thAt at center span. If a single 
span of this slab is supported at the col um n s and an external couple M 
is applied at end A, the moment at any section varies uniformly from 
a vdue of ilf at A to zero at the far support B (Figure 218c). However, 
M 

the — diagram will be exceedingly variable owing to the variation of 
El 

I along the span. Figure 218o shows the general appearance of such a 
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diagram. It is proposed to substitute the more regular area CDEF for 
M 

the full line — area, the distances xl being chosen so that the two areas 
El 

axe equal and their moments about the ends are equal (centers of 
gravity coincide). Mr. Bertin recommended that xi = b — (i» — a) — 
(Fig. 218b). ^ D 


t i 

Coiumn I 



t 

Column 



Fig. 218 


If the couple M is applied at support A, 

Ml Ml 

Slope dA. = (1 - 3x + 3x^ - 2a:®) = — X /» (nearly) (274) 

ZEI 

where /a » 1 — 2.6a:. 

Slope Ob = ^ (1 - 6a:® + 4a:®) = ^ X /s (nearly) (276) 

where /s = 1 from x = 0 to x = 0.05 

/s =» 1.066 — 1.33x from x ■= 0.05 to x = 0.2. 

If the far end B is fixed, the “carry-over” factor for a distributed 
couple M A equals 

1 /b 

Carry-over factor = - — 

2/4 


( 276 ) 
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The representative stiffness X, for the slab equals 




i\W-/6V 

If a uniformly distributed load w poimds per foot acts on the slab, 
the fixed-end moment is 

.. i A \ 


(— ) 

4 


When X = 0, the fixed-end moment = — , the carry-over factor = 
- , and the stiffness iiC = ~ , as commonly used for beams of constant 

A L 

moment of inertia. 

Columns. The moment of inertia of the column will be constant until 
the column capital is reached. It then increases very rapidly and before 
the center line of the slab is reached, it is an exceedingly large value. 
M 

As in the slab, the — values in the region of capital and slab are very 


small. It is proposed to substitute an — area, where I is the moment 

El 

of inertia of the column proper. This diagram will be cut off at a dis- 
tance yh below the slab center Une, somewhere in the column capital. 
In practice yh is usually approximated by taking it equal to the dis- 
tance to the bottom of the capital. 

If a couple M is distributed at joint A to the lower end of the upper 
column, 

Slope Oa = ^ (1 - y®) = — X A (nearly) (279) 


where /s = 1. 


Slope at top — (1 — 3y^ + 2y^) 

QEI 


X A (nearly) (280) 


where A = 1 •" 0.5y. 

If a couple M is distributed at joint A to the upper end of the lower 
colunm, 

Slope ^ (1 - y)® = X A (nearly) (281) 


where A = 1 — 2.5y. 
Slope at bottom » 


^ (1 - -f 2j/®) = ^ X A (nearly) (282) 
QEI oEl 
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When the far end of the upper column is fixed, the carry-over factor 
equals (ixf)- When the lower end of the lower column is fixed, 


the carry-over factor 


“Gxf)- 


Representative stiffness of upper column: 




AWi/s-ZaV 

^presentative stiffness of lower column: 

The carry-over factor becomes - and the stiffness X = 7 , if y = 0 

2 n 

for a column of constant moment of inertia. 


ILLUSTRATIVE PROBLEM 74 

870. Flat Slab Floors Variable Span. Determine the moments in the continuous 
frame of Figure 219 duo to a uniform load w « 10,000 lb. per ft. on span HI, The 



Fig. 219 


dimensions of the slab and columns are given in Tables N and O. The bay is 23 ft. 
wide. Table P gives the moment distribution of the load on span HI, the far ends 
of the columns being assumed fixed. 

. 10 X (23)2 ( 0.879 \ , . 

Fued-end moment (,2 X a636 -l- asre j ” 

The moment diagram for span HI due to this load is plotted in Figure 220. The 
positive moment of 159 ft.-kips can be used for comparison with other maximum po6> 
itive moments in this span caused by other combinations of live and dead loads on any 
of the four spans. The negative moments have been obtained by using center line 
dimensions for the span; in other words these moments occur at the center of the col- 
umns. In beam and gir^ construction it is customary to use the negative moment at 
the edge of the colunm as the maximum value occurring in the actual beam cross sec- 
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tion. For the flat slab the critical section may bo one through the column, or colunm 
capital, or drop pan^ By reference to the moment coefficients long in use for flat 


u„’szr 


fhKi^f, 


fi-Kips 


25 ft 



slabs of equal spans, A.C.I. Article 1002 recommends that the critical section for nega- 
tive moment be taken at a distance m = (0.073Z + 0.57a). This distance m = 3.34 ft. 
for span HI, The negative moments at these critical sections are shown in Figure 220. 
There has been a marked reduction from the center-line values. A.C.I. Article 1002 

Table N 


SLAB 

FG 

GH 

HI 

Id 

Slab thickness -/n 

// 

9 

9 

9 






left end 


14 

12 

72 

right end 


12 

■S 

72 

dimension b-in 

63 

45 


45 

dimension a-tn 





left end 

52 

35 

J5 

55 

right end 

55 

55 

35 

52 

mJBBMSSSKtik 


im 

16,750 

16.730 

1, at drop 

45,510 

57,250 

26,410 

26.410 

dimension K-in 





left end 

one 

0261 

0.140 

0.740 


0124 

0.20i 

0.140 

0.755 

constant ff 





/eft end 

0695 


0656 

0656 

right end 

0676 

0^ 

0656 

0654 






1 left end 

0909 

wmm 

0.879 

0.679 


0.901 


0.679 

0.689 

Stiffness K 





left end 

161 


157 

757 

right end 

174 

wcsm 

157 

729 

Carry -^oger Factor 





WESESB^ISttM 

0.656 

0.837 

0690 

0690 


0.665 

■r/MirJl 

0690 

0680 
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also recommends that the numerical sum of the maximum positive bending moment 
and the average of the two maximum negative moments^ 333 ft.-kip6 in this case, 
GO y 23') y 23 r 4 n* 

shall not be less than • I 1 — - X (0.127) I =« 365ft.-kips. Of course, 


Table 0 


UPPER COLUMNS 

FA 

GB 

HC 1 

ID 

JF 

Sfze, diameier-in 

fhickness-tn 


26 

26 

26 


24 




24 

Coi\ 

L widfh -in 

36 




36 


f, 

ft 

fs 






otso 

0.150 

0150 

0.150 

0150 



0625 

0.625 

0625 

0625 

0625 

0.325 

Q325 

0925 

0.925 

0.925 

fO 

1.0 

i.O 

iO 

10 

I of column -(/n)^ 
Sf/ffness K 
Carry-over faefor 
boHom fo fop 

41.500 

22,400 


27.400 

41500 

219 

116 

116 

118 

219 

0140 

0740 

0.740 

0.740 

0.740 

LOWER COLUMNS 

FK 

\ OL 

HM 

IN 

JO 

Size^ diamefer’tn, 

fhickness'in. 
widfh -in. 

Y 

f. 

ft 

. ^ 

I of column - (m) 
Stiffness K 
Carry-over factor 
fop fo boffom 


30 

50 

\ 30 


24 




24 

36 




36 

0127 

0.127 

0.127 

0.127 

0127 

0.662 

0.662 

0.662 

0.662 

0662 


0.936 

0.936 

0936 

0936 

/.O 

iO 

1.0 

10 

10 


wmm 

mm 


41500 

230 

268 

268 

268 

260 

0.466 

0.466 

0466 

0466 

0466 


this single loading does not give either the maximum positive or the maximum nega- 
tive moments in span HI for the dead load in all spans and all possible live-load 
combinations. The analysis so far is part of a solution similar to Problem 71. 


three-dimensional frames 

371. Resistance to Joint Rotation by Members Meeting from Three 
Directions. The preening discussion of continuous frames has assumed 
that the members of the frame were located in a single plane. In many 
structures there are beams or girders framing into the column-beam 
joints perpendicular to this plane. If the loads tend to rotate the joint 
in the assumed plane, these members also resist such rotation and this 
resistance depends on the torsional stiffness of the perpendicular mem- 
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bers. The discussion that follows will detennine whether it is esseniaal 
to consider the frame as a two-dimensional or three-dimensional frame. 

372. Bending and Torsional Stiffness. When all members are in 
bending their relative stiffnesses are given by the comparative values of 


their j ratios. 


When some of the members are subjected to torsion a 


more precise definition of stiffness must be adopted. 

Bending stiffneaa of a straight member of constant moment of inertia 
may be defined as the couple applied at one end of a member, which 



V V 

Fig. 221 


produces unit rotation of the joint at that end, the other end being fixed 
(Fig. 221). By the slope-deflection equation, assuming A and B to re- 
main at the same level, 


4B7flA 4B/ 

Bending stiffness — Kb ^ Mab =“ — - — = 

L L 

(286) 

''Carry-over'^ factor = - , since Mba 
2 

2EI6a Mab 

1 

(287) 

Torsumal stiffness of the same member may be defined as the couple 
applied at one end of a member to give unit rotation of the joint at that 
end, if the other end is fixed (Fig. 222). 

-h 





WTa 


Fiq. 222 



Torsional stiffness « == Mab 

GJ B A GJ 

1 1 

(288) 

"Carry-over" factor = — 1, since Mba = — Afxn 

(288o) 


373. Comparison of Bending and Torsional Stiffness. Circular Sec- 
tion. For circular sections of radius B, 

4EI irB^E 

Bending stiffness Kb — r- ■= — • — 

I I 


( 289 ) 
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The relation between the torsional moment T and the angle of rota* 
GIB 

tion B equals T = — r- , where I is the polar moment of inertia. 


Torsional stiffness = Kt 


T 


tR^G 3 irR*E 


21 14 I 

The last term of equation 290 is obtained by the relation 


G 


E 


3 

-E 

7 


2(1 + v) 

where v = Poisson’s ratio = f for concrete. Then 

Kt = 0.214Ab 

« W bh^E 

Bendmg stiffness = 


Rectangular Sections. 


I 


31 


(290) 


(291) 


(292) 


(293) 


The relation between the couple T and angle of rotation B equals 

T = — j— , where J = kyb^h.^ fci depends on the ratio j and can be ob- 
l 0 

tained from Figure 107 (Art. 172). 

Torsion stiffness = Kt = — (294) 

I 7 Z 


BBNDma AND Torsionad Stiffnbsb of Rectanoddar Sbotions 


Ratio 7 

0 

b*E 

Ks-C.- 

II 

0 

1 

Cl 

Ct 

(Square) 1.0 


■■■ 

0.180 

1.6 



0.112 

2.0 



0.073 


Tee Section. The bending stiffness — . The moment of inertia 

is obtained using the gross section, where the flange width & is a con- 
servative value (Art. 170). The center of gravity of the section is deter- 
mined and the moment of inertia about the center of gravity is computed. 


insKisheDko, Theory Elasticity, p. 249< 
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The torsional stiffness of tee sections has been determined by test and 
by the soap bubble analogy.® Approximate formulae for stiffness are 
suggested by Trayer and March (Fig. 223) : 


J 


hf (h- 0(&')® , 
w— + t^y> r:: haZ> 


16 


16 


(296) 



Pia. 223 


where b and t are width and thickness of the flange 
b' and {h — t) are width and depth of the web 
D — diameter of the largest circle that can be inscribed at the 
junction of flange and web 


/*/ 


flange constant for the ratio 



(See Fig. 224.) 


Mu = web constant for the ratio 


2{h - t) 
b' 


width of narrow rectangle 

a = 0.148 

width of wide rectangle 


0.148— (usually). 
h 


Equation 295 assumes there is no fillet at the junction of flange and web. 


Torsional stiffness 



A single example will be taken for the tee section (Fig. 225). The 
center of gravity of the entire section is 9.67 in. from the top. The 
moment of inertia about the center of gravity I = 50,900 (in.)*. 


Kb = 

For torsional stiffness, 


4EI 

~r 


4 X 50,900£: 

I 


203,600 


E 

I 


b 60 

-as — =10 and 
t 6 


2Qi-t) 2 X 24 
_ 12 


4 


* Nat. Advisory G>mmittee for Aeronautics, Report 334. Trayer and Mardu 
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Fio. 224 

5.00 X 60 X 216 4.49 X 24 X 1728 6 

s + X li 


J = 4050 + 11,635 + 1535 = 17,220 (in.)^ 

GJ ZE E 

Kt‘= — = - - (17,220) = 7380 - and Kt = 0.0361!lb 
111 I 



Fro. 225 Fig. 226 


Angle Section. The bending stiffness = -j - . The moment of inertia is 

V 

again obtained about the center of gravity of the gross section (Fig. 226). 
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The torsional stiffness can be obtained by using 

Hb')^ 


(.b - b')^ . 


16 


+ cjy^ 


(296) 


where (6 — V) and t are width and depth of overhanging flange 
V and h are width and total height of web 
D = diameter of largest circle that can be inscribed at the jimc- 
tion of flange and web 

2(5 - 5') , 

fjLf flange constant for ratio (See Fig. 224.) 


n„ = web constant for ratio — 

6' 

width of narrow rectangle t , 

a = 0.07 — — — ; — ; — = 0.07 - (usually). 

width of wide rectangle b 


Torsional stiffness = Kt 


GJ 

I 


An example of the determination of these stiffnesses is given in which 
the dimensions of Figure 227 are used. The center of gravity of the 



section is 11.32 in. from the top. The moment of inertia about the 
center of gravity I « 32,190 (in.)*. 

W E 

Kb = 128,800- 

I t 

For torsional stiffness. 


2(b -b') 2 X 18 

■ — ■ ss — 

t 6 

4.77 X 18 X 216 ^ 3.88 X 28 X 1728 


, h 28 

6 ^ 


2.33 

6 


+ 0.07 X — (12)* 
12 


16 


16 
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J - 1160 + 11,730 + 730 = 13.620 in.* 

QJ Z E E 

= — = -y (13,620) = 5840 y and Kt - 0.045jKb 

It is apparent that the circular section is by far the most efficient 
torsional section with a torsional stiffness of 0.214 of the bending stiff- 
ness. The usual concrete tee or angle beam is not an efficient shape 
to absorb torsional moments at a joint, as its torsional stiffness is usuaUy 
less than 5 per cent of its bending stiffness. At a given joint such mem- 
bers in torsion will give little assistance to the perpendicular members 
in bending. Nevertheless, in order to cover the exceptional case of 
unusual loading, or a great divergence 
in section dimensions, the analysis of 
continuous space frames will be con- 
sidered. 

374. Moment Distribution Applied to 
Space Frames. If an unbalanced couple 
in the plane EFBC is applied to the 
joint A (Fig. 228), all the members 
meeting at A resist rotation of the joint 
in this plane. The total stiffness resist- 
ance hK will be the sum of the bending 
stiffness of members, AB, AC, AE, and 
AF plus the sum of the torsional stiffnesses of the members AD and 
AO. If an unbalanced couple is applied to the joint A in the plane 
DFGC, the members AC, AD, AF, and AG resist in bending, and AB 
and AE are in torsion. 

When an unbalanced couple has been distributed to these members 
in proportion to their stiffnesses, the usual procedure of carry-over mo- 
ments can be employed to bring unbalanced couples to the far mds 
(fixed ends for this operation) as with fraines in a single plane. 

As an example, assume that the beams cKf Figure 228 are all tee beams 
with a bending stiffness Kg = 100 and tonAonal stiffness Kt =* 4. The 
columns AF and AC are square willi a bending Kg = 100. If 
an unbalanced couple M = 10,000 is applied at joint A in the plane 
EFBC, the resisting moments at the enS A of each member can be 
determined by moment distribution. SC «= 408 and Mas =* Mas = 
Maf “ Mac = X 10,000 = —2451. The torsional moments in 
AD and AO equal Mad = Mao = ^ 10,000 = —98. The carry- 

over factor to the far end of members AE, AF, AB, AC is plus one half, 
whereas the carry-over factor for the torsional members AD and AO is 
minus one. 
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If the solution is made by dealing only with the members in plane 
EFBCf the distribution gives M^e = Mag Maf ~ Mac = —2500 
and Maj ** Mag = 0. The moments in the members in this plane are 
some 2 per cent greater than by the space frame solution, but the small 
torsional moments in AD and AG are neglected. It is so much easier 
to solve two-dimensional frames that space rame solutions are rarely 
made. 


CURVED BEAMS 

376. Curved Beams. Beams whose axes are curved in the horizontal 
plane will have both bending and torsional moments acting on the cross 
sections. The cases of bow girders and balcony beams will be taken as 
illustrations; it will be assumed that the load is uniformly distributed 
and the sections are uniform. 

The ends of the girder will be assumed to be restrained by moments 
shown as vectors in Figure 229. The solution will be made by the 



method of virtual work,® temperature stresses being neglected. The 
basic equations are 

15a 4" Wa == 5oo + Xa^aa + Xh^ab + Xc^ac (297a) 

15^ + TTb = dbc + XaSba 4“ ^6^66 4" Xe^bc (2976) 

15c 4- TFc = 4- Xa5ea 4- XbScb + Xc8cc (297c) 

where Xa, Xh, Xc are numerical values of the redundants. 5a, 56, 5^ 

are their displacements. 

Wat etc., equal the work done by the reactions when X® = 1, etc., 
and daof etc., equal the work done by the forces developed under con- 
ditions Xa « 1, etc., when distorted under conditions X » 0. 

• Theory of StaticaUy Indeterminate Structures^ Fife and Wilbur. 
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«aa = 

fMa^ r 

• rp 2 

—-as 

GJ 

= 2 J 

C MaMb 

m 

r TaTb ^ 

1 ds 

3«c = 2^ 

rnjf, 

El * + ^ 

r TaTo ^ 

1 ds 

/ GJ 

Sbb — 

r jifi* /- 

“ Tb^ 

— ds 

GJ 


CMM f 

El J 

TbTo^ 

GJ * 


r Mc^ r 

' rp 2 

— ds 

GJ 


El 

r TaTo , 

/ ds 

/ GJ 


El 

r 

/ GJ 


r McMo 

ds-t-S 

El ^ 

r ToTo ^ 

1 ds 

f GJ 


where Ma, etc., are the bending moments at any section of ACB due to 
a unit load in direction Xa, etc., and To are the bending and tor- 
sional moments at any section due to the load on the beam. 

Only the results of the solution will be ©ven here.^ Refer to Figure 
229 and let the reactions at B be the redundants, also Xa = Mba, Xb = 
Tba, Xe = Fba, whcrc Fba is the supporting force at B. If support A is 
fixed, Wa^Wb^Wc^ 0. 

When Sa = at in plane AB, Sb = Se — 0, 


\Tba 

Tba 

Fba 


Sbb ^ec ~~ 
D 


• at 


' 


Sbe ^ca ^ba ^cc ■?. 
_ 

5ba ^cb ■*“ ^bb ^Ci 


D 


«6 


Aiub 
= A2ab 
= A^ab 


(299a) 

(2996) 

(299c) 


* See "Moment Distribution in Bow Girders” by E. Curiel-Benfield, a thesis sub- 
mitted in partial fulfillment of requirements for the degree of Master of Science at 


M.I.T 
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where D =■ ioo(ii6 tec ~ ®ie td) 4* tia(Seb toe — tab tee) + 

tea(tbe tab — toe tbb)’ 

When 6a So » 0 and 6|, ™ /3t in plane perpendicular to AB, 


Tba 


Fba 


taa tee " 


2 ) 


fib “ Bafii 


tea tab ~ teb taa 


D 


or 


Mia “ Aiai 

Ai 

Tba^Mia-^ 

•dl 


fib = Bzfib 


Mia “ 'Bia 


(300a) 

(300b) 

(300c) 


?1 

Ba 


Tia^ Bifii 


(301) 


Fia •= Mia 


As 


Fia ~ Tia 


Bs 

Bs 


Refer to Figure 229; the bow girder ACB is symmetrical about OC and 
is in equilibrium; therefore, when ta = aj, 6^ == 6e = 0, 


Mab - -Mia -FiaXAB= -Mia (^ + J X 


Tai “ —Tia — —Mia X 


Ai 


(302) 

(303) 


When 6o “ 6* = 0, 6j “ fii, 

Mai = -Mia -FiaXAB=^ -Tial—A-^ A^ (304) 

\B2 B2 / 

Tab ^ -Tia (305) 

Similarly, when support A rotates through an angle Ua in plane AB 


Mai - AtOa Mia = -Mai ^ 


Tab “* —Mab 


Ai 


Tba ” Mai 


Ai 


(306) 


Fab Mai 


Ax 
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When support A. rotates through an angle /3<i in a plane perpendicular 
to AB, 

“ -Tai . ^ -Ta,(~ + —- Ab) 

B2 \Ba Ba J 

Tab ~ Ba0a Tba — — Tab (307) 

Fab ' ai • TT 
Ba 

BOW GIRDER 

376* Bow Girder. The term how girder will be used in the applica- 
tion of the equations above as limited to a beam whose horizontal b vim 
is an arc of a circle (Fig. 229). 


If Mba = 1> Ma = cos (<^ — d) and To = — sin (0 — ^) 

If Tba — 1» Mb = sin (<^ — d) and Tb = cos {<t> — B) (308) 

If Fba — I, Me = R sin B and T® = R{1 — cos B) 


Substituting equations 308 into equations 298 and integrating be- 
tween 0 and 2d), where ds = R dB, one obtains 


R R 

•aa — (20 + sin 20) -1- — — (2<j> — sin 20) 


2EI 
Sab “ 0 


2GJ 


R^ R^ 

Sac = sin 0(20 -f sin 20) -f- sin 0(20 - sin 20) 
aEI 2G«/ 

R R 

Sbb = — (20 - sin 20) -f — (20 sin^i0) 

aEI 2Gri/ 

R^ 'f 

Sbe = (sin 0 -1- sin 0 cos 20 — 20 cos 0) -f 

2EI ! 


R^ 

2QJ 


(309) 


(3 sin 0 — sin 0 cos 20 — 20 cos 0) 


jB®/ 1 \ 1 \ 

5*®-= — 10 8in40) + — (30-l-7sm40-2sm20) 

El \ ^ / OJ\ i / 





THE STRUCTURE AS A RIGID FRAME 


(Cbaf. 14 


For a uniformly distributed load tv, consider end to be fixed and 
end iS to be free. The bending moment at D due to the load w over 
the length BD is obtained by integration of a load tvdv acting at E. 

Mo “ —R^w {e — ^) == —R^w{l — cos 0) (310a) 

To = —R^w J ' [1 — cos {6 — ip)] dip — —R^w{d — sin 6) (3106) 
Substituting in equations 298, 

Sao = ;r- (sin <p + sin® ^ ^ cos <^) — 


(3 sin ^ — sin® ^ — 3^ cos 4>) 


B^w/ 1 


\^/ GjJ 


(2<f> — sin 2<#>)sin 0 


R^w 

Sea = (sin^ 2<t) + 2 cos 2^ — 2) — 

2EI 


• fsin^ 2<#» — 4:<f> sin 2<l> + (2<^)^] 


Equations 309 and 311 are substituted into equations 297 to solve 
for the fixed-end moments, where Sa — Sb — Sc — 0 and Wa = TFj, == 
Wc = 0. The solutions are much easier if numerical values are used. 

ILLUSTRATIVE PROBLEM 76 

S77. Bow Girder. Fixed-End Momenta. Assume a bow girder with AB ■* 20 ft., 
CE » 5 ft., and w *» 2000 lb. per ft. Then R » 12.6 ft. and 4> = 63.13®. Assume 

b* 

the girder section to be 20 in. square. In that case, / « ** 13,330 (in.)^ and 

1« 

J » 0.14066^ « 22,600 (in)l If Poisson's ratio equals it O ^ fE, and OJ « 
0.7236E/. 

Substitution of ^ » 0.928 radians and the functions of ^ and 2^ in equations 309 
and 311 give the results tabulated below. 


267.6 

— if"’ 

33,560 

IT"’ 
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The fixed-end moments can be found by substituting these values into equations 
297 and noting that «« * * 5c “ 0 and TFa « TTb « « 0. The three equar 

tions are 

-♦-26.34Jlf6a + 2bZAFi^ « +2062t4; 

+29.9ir6a + 121.13Ffca « +267.6W 

-|-263.4J»f6a + 121.13r6a + 4045F6a = +33,660u; 

The solution of these three simultaneous equations gives 

Mha « -34.73m; T^a = -38.06m; Fta “ 11.61u; 

Since the girder and loading are symmetrical about OY, the force and couples at 
support A equal 

Mob = -f 34.73 m; Tab « -38.06ti; Fab « 11.61m; 

Owing to the symmetry, Fab “ Fha = wR<ii. If one takes moments about the 
line ABt Tab =* Tba can be found by statics. Therefore, it is only necessary to use 
the first equation above to solve for Mja. It should be noted that the so-called bend 
ing moments Mob and Mha do not act perpendicular to the cross sections at A and B, 
nor do the torsional moments Tab and Tha act in the cross-sectional planes. 

378 . Moment Distribution. The directions OC and AB of Figure 
229 have been chosen to act parallel to tlie other beams framing into 
the joints A and B. If the complete continuous frame is analyzed by 
the method of moment distribution, the moment M^a distributed to 
the bow girder ACB will have carry-over moments of Mah, Tab} and 
Tba- These moments can be found by use of equations 302 and 303. 
Similarly the carry-over moments due to a distributed moment of Mabt 
or Tabj or Tba can be computed by equations 302 to 307. 

BALCONY BEAM 

379 . Balcony Beam. A beam composed of straight members, similar 
to that of Figure 230, can be analyzed by the same method, that of 
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virtual work, equations 297 to 307 inclusive being used. For tbe Efjrm- 
metrical case of Figure 230: 

Son “ TTz l21i cos^ B 12] rr" [21i sin^ 


El 
Sab “ 0 


OJ' 


8ao “ [ li® COS 6(1 + cos 26) + lil2(l + cos 6) ^1 + 7^ [Ills sm® 6] 

Ell 2 i OJ 

(312) 


Sbb 5= ~ [2Zi sin® 6] + — [2Ii cos® 6 + fe] 

El OJ 

1 1 

Jfre = — [(“Ii sin 6)(l2 cos 6 + Ii cos 26)] + — [(Ii cos 6)(l2 + Is sin 6)] 
El OJ 


-k(- 

Ell \3 


+ cos 26(1 + cos 26) )+ 


> 


Is® 


Il®l2 cos 6(1 + cos 6 + cos 26) + Iil2® cos 6(1 + cos 6) H + 


1 


[Ii®l2Cos®6 + Iil3®sin®6] 


For a uniformly distributed load w, with end A fixed, take moments 
about a section distant s from right end of each member: 

ws® 

~~T 


Member DB: Mo 


and To == 0 


w 


Member CD: Mo=‘ [s® + 2«Ii + Ii® cos 6] 

2 


n- - 


wli® 


sin 6 


(313) 


w 


Member AC: Me [«® + 2s(Ii +12)+ Ii®co826 + l2®cos6 + 2I1I2COS6] 

2 


r# — [I2® an 6 + 2iil2 sin 6 + Ii® siu 26] 

M 

Numerical values of Ii, I2, and the functions of 6 should be placed in 
the above equations for Mo and To before substituting in equations 298 
for and 6^. 
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ILLUSTRATIVE PROBLEM 76 

880. A Balcony Beam as Part of a Continuous Frame. Given the floor plan of 
Figure 231, compute the fixed-end moments for the balcony beam AB and determine 
by moment distribution the moments in the other members of the frame resulting 
from a uniformly distributed load of 2000 lb. per ft. acting on AB. Assume the 
joints at D, E, and F to be fixed. The interior beam AE has the dimensions of 
Figure 225, all exterior beams have sections shown by Figure 227, the balcony beam 


20fi . 20ft 





% 


c 

A d 


1 




1 

■ 

0 

E F 



Plan 
Fig. 231 


has a section 20 in. square. All upper columns are 20 in. square and all lower col- 
umns are 23 in. square. The far ends of all columns are fixed. All columns are 


381. Balcony Beam. Fixed- End Moments. As in Problem 75, let OJ • 0.7235E/. 
Substituting in equation 312, 



26.84 

30.67 


+“Br 




, 131.6 


8ab 0 



268.9 

. 4326 


tac - + 

ice - + 

As explained in Article 375, M., etc., are the bendingmoments at any section due to a 
unit load in direction X., etc. From the geometry « Jigure 230, 

Member DB\ 

Afo “ cos 9 “ 0.707 

Affc - sin 9 - 0.707 


Me - « 

r. - -sin 9 - -0.707 


r» = cos 9 = 0.707 

(1 

O 

Member CD: 

Me - oosO” ■» 1 

' Af» - 0 


Jlfj»s + licos9“s + 6 

r* -0 


Ts = cos 0° = 1 

Te - IiBin9 - 6 

Member AC: 

Ma “ 008 9 •= 0.707 

Mb - -^9 - -0.707 


Af. »s + i»oos9 + licos29 

-s-j-7.07 r. = Bin9- 0.707 


Tt » oob9 -0.707 

Te - IssinS - li.14 
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By equations 313, 

Member DB\ 

Member CD; 

Member AC: 


Mo » - — and 0 

2 

Af. - - ^ («® + 14.14* + 36.36) 
2 

To « - 17.68U) 

w 

Mo= - + 34.14* + 170.7) 

2 

To « -110.4m; 


Substituting these values in equation 298, 

S [X* (0 ■‘’X* (0 

jT'* (0.707) 0^ (s* + 34.14* + 170.7) d*J - 
^ ^0 + 0 + jT*’ (0.707X110.4) rf*j 


2272 
El '' 


Similarly, 280 , 36,946 

The supporting forces Fab ~ Fba = ^ (2?i + h) ~ 12.07m; * 24,140 lb. 

dd 

If the supports at A and B are fixed, take moments about the line AD, noting that 

T'ofc Tf)Qi p- 2 • /I "1 

> ^ l 2 {li Sin 9) I 4- Tab 4 Tba — 0 

Tab « ^60 - -42.68m; = -86,400 ft.-lb. 

The moments Mat and Mba can be found by use of the equation 297a. 

0 =» -2272m; 4 2Q.miba + 268.9 X 12.07m; 

Mba = ~35.9m; = -71,800 ft.-lb. and Mob *= 471,800 ft.-lb. 

882. Balcony Beam. Moment Distribution Coefficients, A moment Mba distributed to 
the balcony beam at support B will cause carry-over moments of T'bat M^ab, and T'ab 
at both supports. This couple Mba acts in the plane AB and equals Aiob (equation 
299a), where Ai is the stiffness factor Kb to be used for rotation of joint B through 
an angle ob in the plane AB, To obtain the numerical value of A i it is necessary to 
use equation 299a and the value of D given immediately below equations 299. 

D - {26.84(30.67 X 4326 - (131.6)*] + 0 + 268.9(0 - 268.9 X 30.67]} 

(Eir 
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By equations 299 and 300, 

30.67 X 4326 ~ (131.5)2 
^ 876,780 

A2 “ +0.04033£;/ 

As « -0.009406^7 


H-0.1315JS^/ and Bi « -f0.04033igr/ 


Bs « +0.04987B/ 


Bs « -0.004026B7 


At support B, because of a rotation ab in the plane AB, by equations 299 to 303, 
Mba = 0.1315B7a6 - Ksob M'ab = 0.430ilf6a 


T'ba « 0,3065Mba 


T'ab = -0.3065ilf6a 


At support B, because of a rotation in a plane peri)endicular to AB, 
Tba = 0.04987B/i36 = Kr^b M'ab - 0.8076r6a 


M'ba - 0.8075T6a 

At support A, because of a rotation ota in plane AB, 
Mai — 0.1315B/ata = TCjjaa 
T'ob = -0.3065Mab 


M'ab - 0.8076r6a 
T'aJb =* Tia 


M'ba - 0.430Mai 
T'ba “ 0.3065Mai 


At support A, because of a rotation $a in a plane perpendicular to AB, 


Tab * 0.04987B7/3a = Kr^h 
M'ab = ~0.8075Ta6 


M'ba = “0.8075Ta6 
T'ba ~ Tab 


383. Solution of Continuous Frame. The necessary cross-sectional properties of 
the members shown in Figure 231 are given in Table Q. 


Table Q 



Cross 

7 


Stiffness 


Section 

(in.)‘ 

(in.)^ 

Kb 

Kt 

Balcony 
beam AB 

20 in. 
square 

13,330 

22, 

1,753B 

665® 

Interior 
beam AE 

Fig. 226 

50,900 

17,2S0 

W,250E 

369B 

Exterior 

beams 

Fig. 227 

! 32,190 

13,600 

6,43a& 

292® 

Upper 

columns 

20 in. 
square 

13,330 


3,656E 


Lower 

columns 

23 in. 
square 

23,320 


6,219jB 
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Table R gives the moment distribution over the frame of Figure 231 of a load of 
w « 2000 lb. per ft. on the balcony beam AB, Columns labeled etc., are 
upper columns, those labeled BB", etc., are lower columns. The carry-over factors 
for all columns and beams are (+i) for bending and (-1) for torsion, except for the 
balcony beam. 

The results show little change from the fixed-end values of MfOt, TtOh ^6o) but 
a 10 per cent decrease of Mha* Before the bending and torsional moment diagrams 
are plotted for the balcony {prder, the moments ilf a6 and TfO, should be resolved 
into true bending and torsional couples perpendicular or coinciding with the cross 
section at A\ also Mha and at section B should be resolved in the same manner. 



CHAPTER 15 


. ARCHES Aim RIGID FRAME BRIDGES 

The arch and rigid frame bridge are two examples of the structure 
whose center line is curved, or changes direction, in the vertical plane. 
There is the added complication that the cross sections vary in depth, 
this variation being especially marked in the rigid frame bridge. Most 
designers agree that curved members with variable section are best ana- 
lyzed by a virtual work or least work solution. Virtual work was used 
in the previous chapter to determme the fixed-end moments for the bow 
girder and will now be employed to establish a method of arch design. 

384. Arches. From the earliest examples to recent ones arches have 
been compression members. They are, even now, usually so loaded that 
all the particles in a cross section have compressive stresses. Therefore, 
concrete is a legitimate material with which to construct arches. Plain 
concrete arches, like masonry ones, should be of such a shape that the 
line of the resultant pressure at each section lies within the middle third. 
In such a case all particles in the section have compressive stresses. The 
reinforced concrete arch can have tensile stresses, but it is good practice 
to keep the resultant pressure close to the center of gravity of the sec- 
tion because variations in the position of live loads or moving loads will 
cause variations in the stress distribution at a section. 

386. Arch Nomenclature. The arch springs from the foundation or 
abutment. The thickest section of the arch proper is known as the 
springing (Fig. 232). It is easily located in the masonry arches, but in 



concrete construction, with abutment and arch poured continuously, it 
will be defined as the last section in the abutment which remams fixed 
in position. The upper surface of the arch is the extrados] the inner 
surface is the intrados. The am is the line pairing through the 
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center of gravity of each section. The crown is the highest section. For 
design, the span is the distance between the centers of gravity of the 
two springing sections, and the rise is the vertical distance from the 
center of gravity of the crown to that of the springing. Out in the field 
the term span is sometimes used as the clear distance between the ver- 
tical faces of the abutment, and rise as the vertical distance from the 
top of the vertical abutment face to the highest point of the intrados. 

386* Design Theory. Hingeless Arch. The reinforced concrete arch 
is continuous from abutment to abutment and is statically indetermi- 
nate. The arch is statically indeterminate because at each springing 
section there may act: 

1. A shear force Vs- 

2. A normal force Ns at the center of gravity. 

3. A bending couple Ms- 

There will be six unknowns. For a curved member, such as an arch, 
the solution by least work is recommended. 

The derivation will be made for an arch which is symmetrical about 
the crown section (Fig. 233). The half arches will be considered sepa- 
rately, and the shear force Vc, normal force II Cy and couple Me acting 



at the crown will be obtained. Since the twd sides of the crown section 
do not displace relative to each other, the theory of least work may be 
used. 

387. Assumptions. The following assumptions are made. 

I. The normal stresses at any section are distributed as in a section 
of a straight beam subjected to the same forces. This is suflBiciently 
accurate for curved beams with a large radius of curvature. 
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n. Tile normal force N at any section will be taken equal to He, the 
normal force at the crown section, in computing the work done by the 
normal forces. Hiis approximation makes for simplicity and is justified 
sinoe the work due to the normal force is a small part of the total work. 

111. The work done by the shear force V will be neglected. This is 
the customary procedure in work solutions, since its effect on the com- 
puted forces is negl^pble. 

388. Derivation Nomenclature. In addition to the terms previously 
defined, let 

« B length of arch measured on the arch axis 
W = work done 

Ho =• normal force at origin 0 (Fig. 233) 

Vo = shear force at origin 0 
Mo = bending moment at origin 0 
Ml = bending moment at any section of left half-arch 
Mb bending moment at any section of right half-arch 
wii = sum of moments about the center of gravity of a section in 
the left half-arch of the loads between the section and the 
crown 

mu => sum of moments about the center of gravity of a section in 
the right half-arch of the loads between the section and the 
crown 

X » one of the unknowns. 


389. Determination of Crown Forces by Least Work. In Figure 233 
let the OY axis be taken through the crown section for both half-arches. 
It would seem natural to take the OX axis through the center of gravity 
of the crown, but there is a gain in simplicity if the OX axis be taken 

' 'yds 
El 


vajm Mjkf Kf\A,v ao oi au oaaaa^aa va v jr aa vaav/ v.aa. wAao vavaa^aa 

below the crown at such a distance ye that 0. The y dimen- 

fc/ El 


sions are plus, measured upwards. The x dimensions are plus, measured 
to the left for the left half-arch, and plus, measured to the right for the 
right half-arch. 

If an unknown force X acts at a section of a member, the displace- 
ment 6 of this section in the direction of X is given by work equations 
from textbooks on indeterminate structures. The displacement due to 
bending in the member is 


6-1- L 


dW M dM 

. — , # — — 

ax Ja El ax 


where L » the displacement of the supports. 
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The dieplacement of the same section in the direction of a normal force 
X due to the normal forces N acting throughout the member equals 

dW f/^N dN 

5 + £, I — ij[g 

dX Jo EA dX 


Taking the portion of the arch between the crown and a given section 
AB as a rigid body, the external forces acting are 

(o) Forces Vo and Ho and couple Mo acting at the crown section but 
transferred to 0. 

(6) Loads Pa, Pz, etc. 

(c) Forces Nl and Vl, and couple Ml, acting at section AB. 

Taking moments about the center of the section AB, 


also 


Left half-arch: 
Bight half-arch: 


Ml = Mo — rriL — Hoy + VqX 
Mr = Mo — rtiR — Hoy — Fox 

N = Ho for the least-work derivation 


If the two sides of the crown sections do not move apart in a hori- 
zontal direction and the abutments do not move horizontally, 


8 + L = 0 = 


5W 

Wo 




Ml ^Ml 

W ’ wi 


Mr BMr 

as + I — as -h 

Jo El dHo 


ds 

{Mo -niL - Hoy + Vox){-y) — + 

Hi 


’■r 


EA dHo 


■ds 


But 


/ •/2 ds ds 

{Mo — mn — Hoy — Vox)(—y) ~ + 2Ho J 


EA 


f 


« 0 by assum^on 
El 


Mo is a constant multiplied by this term, thfe terms +Vox and —Vqx 
cancel, and the moments and ttir vary from section to section. 
Therefore, 




{niL + »nfi) 


El 


yds + 2Ho 




•/2 ds 


El +“»i ii 
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If the abutments do not move vertically, and the two sides of the 
crown sections do not move relativdy in a vertical direction, 


8 “i" Z( =* 0 


sw 


f 


dMi , . dMtt^ , 

d84- / — + 

El dVo Jo El dVo 


r*n iv aJNT 

2 / d& 

Jo EA dVo 

/ •/2 da 

{Mo -mi.- Hoy + Vox){x) — + 

/ «/2 da 

{Mo — ms — Hoy — Vox){—x) ^ ^ 

/ */2 X da /••/2 x^ da 

{mg — mt) + 2Vo J (315) 

If the abutments do not rotate and the two sides of the crown sec- 
tion do not rotate relative to each other, 


dW 

dMo 


“=■/ 


*9/2 Mj^ dMjj Mr BMr 

rio I ( 

^0 El dMo 


■ ds + 

El dMo m/Q 


+ 

- 9/2 N dN 


ri/2 

0 / (Mo Hoy 4“ 1^03^) (1) ds + 

Jq 


r»/2N 

’■I i 


/ 


{Mo — mg — Hoy — 'KoaiXl) ds 


0 = 2Jlfo 


/ •/2 ds r < 

~EI~ Jo 


{mi, -b mg) ds 


El 


(316) 


Solving equations 314, 315, and 316, 

'•*/2 (wiL 4- mg)y ds 
/o 


Ho = 


f 

ds n ds 
{mg — mL)x ds 
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Mo 


f 

Jo 


{rriL + Mr) ds 



If the force Ho is transferred to the center of the crown section and de- 
noted Hof then Hcf Ve, and Me are the forces and couple at the crown 
section: 

He == Ho Ve = Vo and Me = Mo — HoVe 

where ye = distance of center of gravity of crown section above the OX 
axis. 

ds 

The OX axis can be located by taking moments of the term — about 

El 

the horizontal axis HH through the center of gravity of the springing 
sections. This axis is a distance y, below the OX axis. 

Let y' — distance from HH to any section. Moments about HH give 



The integrals are difficult to evaluate, and designs are made by using 
a number of short lengths As instead of the infinitesimal length ds. In 
each length As the moment of inertia I and the area A are assumed to 
be constant. The design equations become 


-S 


(mx, + mB)y 


Ho = Ho 


1 

2S — + 2S- 
/ A 

{mi, — mit)x 


(318) 



( 319 ) 
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^ (mi, + ms) 


Me “ j — HoVc = Mo — HoVe (320) 

22 - 

I 

These summations are for the half-arch. 

390. Temperature Stresses. The reinforced concrete arch, fixed at 
its ends by the abutments, will have additional stresses due to tempera- 
ture changes. These might have been included in the previous deriva- 
tion, but it is convenient to keep the temperature analysis separate. 
The temperature change affects the normal stresses of the cross section. 
The resultant of these stresses may be taken as a normal force Nt at 
the center of gravity and a couple Mr- For either half-arch, 

Mt = M'o - H'oy 

Nt = H'o cos 

where ^ = the angle between the section in question and the crown sec- 
tion. 

Once again, the two sides of the crown section do not separate and 
the abutments are assumed to be imyielding. For the symmetrical arch. 


dW ds 

- 0 - 2 / + 


2 dg 

(//'o COS 0)(COS <t>) 

EA 


/•*/2 

-2d I c 

Jo 


cos <t> ds 


where c » coefficient of expansion 

t » average temperature rise in the length ds. 

The first term is the horizontal displacement of the crown section due 
to the temperature couples in the half-arch. The second term gives the 
displacement due to the thrust. The third cares for the lengthening of 
the arch due to a temperature rise and is tension (negative in the equa- 
tion). 




^•/^y^ds 
El 


+ 


2^0 


Jo EA 


a/O 
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0 = 0 + 2H\ 


rt/% yi p 

H TT + “'■’/ 


‘•/2 nos^ 


COS*^ 0 ds 


EA 

<* 9/2 


— €il 


where I = span =» 2 | cos ds. 
Jo 

Also, 


therefore 

and 


dW /*«/2 ds 

= 0 = 2/ (iJf'o - 7/W)(l) 

Jo 


dM'o 


/ «/2 ^4 

0 = 2M'o r 

Jo 


El 

2 y ds 

'W 


'•*/2 ds 


M'o = 0 
H'o = 


ttlE 

'*«/2 y 2 -,/2 (; Qg 2 ^ ds 


/ */2 ds /'*' 

— + U 


If a finite number of divisions As are used, f = 2 tiAs, where n is the 
number of As divisions in the half-arch. The term cos^ <l> can be ap- 
proximated as unity. 

Using a finite number of short divisions the value of H'c becomes 


^'c = 


ftnE 


1 

s — + s- 

I A 


(321) 


These summations are for the half-arch. 

391. Shrinkage. The shrinkage stresses are considerable in a long 
curved member, such as an arch, held fim^ at the ends, and these 
stresses should be considered in the design. is customary to reinforce 
the concrete arch with equal areas of steel on the extrados and intrados 
faces. The shrinkage of an arch will, therefore, be analogous to that 
of a column, and the symmetrical section permits the use of average 
stresses. Consider the arch as a series of n straight members of length 
As with a total length equal to I = 2nAs. Equations 117 and 118 (Art. 
180) give the tensile stress /< in the concrete and the compressive stress 
ft in the steel due to a shrinkage strain s. 
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The change in length will be si The allowance for additional stresses 
due to the fact that the arch is actually curved can be handled, as were 
changes in length due to temperature, by substituting the value si for 
etl in equation 321 to obtain J?'c. 

The shrinkage coeflBicient was given an average value of « « 0.0004 
in. per in. in Article 181, Chapter 9. Arches usually consist of large 
masses of concrete exposed to the weather and not completely dried out; 
so a value of « ~ 0.0002 is probably safe. Shrinkage is often cared for 
in computations by specifying that it be regarded as a temperature 
change of 10® to 30®. 

392. Plastic Blow. Compressive distortions of the arch due to the 
dead loads will continue for some years after the arch is constructed. 
It is stated in Article 189, Chapter 9, that the effect of plastic flow can 
be included in computations by using a corrected modulus of elasticity 
ratio, perhaps n' « 60 to 90. This can be used in the shrinkage pro- 
cedure outlined above, and the ultimate effect of shrinkage is much re- 
duced. 

In the equations for Me, He, and Vc derived above, the modulus of 
elasticity does not appear, except for the temperature effect in equation 
321. The moment of inertia J of a reinforced section is only slightly 
affected by the value of n. Therefore, the magnitude of the moments 
and thrusts at a section due to dead or live loads need not be corrected 
for plastic flow. However, the computation of the stresses at a section 
due to these forces and couples should be made using the modified value 
n' when dead loads are considered. Live loads usually vary so rapidly 
that plastic flow need not be considered. 

The result of the shrinkage, plastic flow, and temperature changes is 
to produce resultant stresses in the steel considerably greater than those 
due to the loads. These may approach the yield point of the steel. 
Plastic flow will prevent the total stress from greatly exceeding the 
elastic limit stresses, but there results a shifting of stress conditions in 
the section, and final values are problematical. It is advisable to esti- 
mate the effect of shrinkage and flow in the design,^ 

393. Proportions of Arch. The equations for He, Ve, and Me, derived 
above, can best be used if the shape of the arch axis and the dimensions 
of the cross sections are known. There are empirical equations for the 
thickness of the crown and springing, and approximate solutions for the 
curve of the arch axis that enable the designer to choose arch propor- 
tions that will give the minimum bending moments. The bending mo- 

^ For a comprehensive discussion of the effect of shrinkage, temperature changes, 
and plastic flow see ‘Tlain and Reinforced Concrete Arches,** by Charles S. Whitney, 
Jour, A£,L, March 1932, p. 479. 
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ment will be aero when the normal thrust N passes through the center 
of gravity of the section. The dead weight is always present and, with 
earth-filled arches, is a large portion of the total load. It is customary 
to adopt an arch axis coinciding closely with the line of thrust due to 
the dead loads. 

394. Crown and Springing Thickness. The crown thickness can be 
tentatively assumed by an empirical equation based on existing arches. 
That of Mr. F. M. Weld ^ gives 


r- I Wl We 

te *= VT “1 1 1 

10 200 400 


where tc = crown thickness in inches 
Z = clear span in feet 
Wl - live load in pounds per square foot 
Wc = dead load at crown in pounds per square foot. 

The thickness of the section at the springing is about 1.5 to 3 times the 
crown thickness, a value of 2 being commonly used. 

Mr. C. S. Whitney * has derived an equation for the thickness Z* at 
any section in terms of the crown thickness te for arches with a distrib- 
uted loading. 



where = angle between tangent to the arch axis and the horizontal 


(Fig. 234) 



Fia. 234 


• Engineering Record^ November 4, 1906. 
•Troiw. A./S.C.K., 1926. 
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<l>9 ** 

«C = 

A; = 

396. Arch Axis. Mr. Whitney also proposes an equation for the curve 
of the arch axis for distributed loads. For any section whose center is 
a horizontal distance x from the crown the vertical distance y of the 
axis below the crown center is (Fig. 234) : 


angle at springing 
crown section thickness 
springing thickness 

I 

ratio of horizontal distance x to the length - . 


r 

y (cosh kC — 1) 

e-) 

where C « cosh”^ — 

We 

We = dead load intensity at crown 
We = dead load intensity at springing 
r » rise of arch axis. 


(324) 


This is not in a convenient form for the designer. For design Mr. 
Whitney has prepared a table which enables the designer to select the 

arch axis if the ratios ^ , - and ^ are known. The dimension yi is the 
Wc r r 

I 

y coordinate of the section at a: = - from the crown. 

4 

Mr. Victor M. Cochrane ^ proposes an equation for the axis of arches 
with distributed loads. 

^ /l + 3k^r\ , ^ 


ILLUSTRATIVE PROBLEM 77 

396. Design of an Earth-Filled Arch. Design a 83 rmmetrical arch to carry a road- 
way. The concrete pavement is 6 in. thick. The fill between the pavement and 
the arch weighs 120 lb. per cu. ft. and is 1 ft. thick at the crown. The span between 
the vertical faces of the abutments is 145 ft., and the rise from the top of this vertical 
face to the highest point of the intrados is 30 ft. The live load is 100 lb. per sq. ft. 

The allowable foundation pressure is 6 tons per square foot. It has been decided 
to try a 3000-lb. concrete. The steel ratio will be assumed as p « 0.015 at the 
crown and will be kept a constant area throughout the arch. An arch 1 ft. wide 
will be used in the computations. 

* Proceedings, Engineering Society of WeeUm Pennsylvania, November 1916. 
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S97. Selection of Trial Arch. Crown Thickness. Substituting in Mr. Weld's equa- 
tion 322, 


. - , 120 -f 150(0.5 + 2.5) 


10 200 


29.1 in. 


Adopt tentatively a crown thickness of 30 in. The springing will be assumed as 
75 in. thick. 

Arch Axis. Using equations 324 and 325 and dividing the horizontal distance 
between crown and springing into tenths, Table S has been computed for the trial 
arch axis. It has been assumed that the span of the axis will bo 6 ft. more than the 
clear span (or I = 150 ft.), and that the rise of the axis r = 30 ft. 

By Cochrane: 

30A:2 

^ (150 -f 3 X 30) ^ ^ ^ " 0.125/b2(150 + 90fc3) 

By Whitney: 

Wt _ 28 X 12qjf 160(0.5 + 10.0) 4935 _ 

Wc 120 + 160(0.5 + 2.5) 570 “ ® 

This assumes 28 ft. of fill on the arch at the springing and a vertical depth of con- 
crete of 10 ft. in the arch. 

C = cosh-i 8.67 = 2.85 


y == — (cosh 2.85fc - 1) 
7.67 


The two results are shown in Table 8 and differ only slightly. In Figure 235 the 
trial axis is plotted, for the most part between the Cochrane and Whitney values. 


Table S 


Arch Axis Vertical Dimensions y 

Section Thickness tx 


Cochrane 

Whitney 

<t> 

Whitney 

Crown 

0 

0 

0 

30.0 in. 

0.1 

0.19 

0.16 

3.0^ 

31.0 

0.2 

0.75 

0.65 

6.5^^ 

32.1 

0.3 

1.72 

1.52 

9.5^ 

33.5 

0.4 

3.12 

2.83 

12.5® 

35.1 

0.5 

5.04 

4.67 

16.5® 

37.1 

0.6 

7.62 

7.27 

21.3® 

39.8 

0.7 

11.07 

10.73 

28.5® 

43.7 

0.8 

15.70 

15.4 

37.5® 

49.5 

0.9 

21.8 

21.6 

43.5® 

68.0 

Spring 

30.0 

30.0 

50.0® 

76 
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The values of tan are scaled on Figure 235 for each of the division points. The 
angles and thicknesses tz are listed in Table S, and the thicknesses are plotted in 
Figure 235 to give the trial extrados and intrados. 

398. Dead Loads. The dead load is plotted in Figure 235 in terms of concrete 
weights. Each foot of fill will be equivalent to « 0.8 ft. of concrete. Thus, at 
the crown there are 2| ft. of arch, 1 ft. of fill, and 0.5 ft. of pavement. At the spring- 
ing there are 10 ft. of arch (vertical), 27.5 ft. of fill, and 0.5 ft. of pavement. For 
convenience these ordinates have been plotted to a horizontal base line below the 
arch. The dead loads are divided into ten divisiotis by the original horizontal dimen> 
sions of one tenth the half-span. These loads Pi, P2, etc., for a foot width of arch 
are equal to the average height times the width of 7.5 ft. multiplied by the unit 
weight of concrete. Thus, 

3.8 4- 4.0 

Pi X 7.6 X 150 » 4390 lb. 

and 

„ 23.8 4* 32.5 ^ 

X 7.5 X 150 *= 31,600 lb. 

Their lines of action are found graphically. For example, the load Ps is equal to the 
area ABCD multiplied by 150 lb. per cu. ft. It acts at the center of gravity of the 
area. This can be found graphically by laying off on the line AB a distance BE 
equal to CD, and laying off in the opposite direction on CD a distance DF equal to 
AB. Locate also the middle point G of AB and the middle point H of CD. The inter- 
section of the lines EF and GH is the center of gravity of the trapezoid. 

These forces Pi, P2 . . . Pio are plotted in order as a force diagram in Figure 
236. Other forces acting on tlie half-arch are the horizontal thrust He at the crown 
and a thrust at the springing, both being assumed to act at the arch axis. Hence, 
there are no bending moments at crown or springing. The shear Vp at the crown 
equals zero, if both halves of a symmetrical arch are equally loaded. At the end 
0 of the Pi vector draw a horizontal line. Choose any pole Oi on this line and draw 
the rays. This assumes He - OiQ and the tlirust at the springing equals OiS. 
Starting at the center line of the springing draw the string parallel to OiS until it 
intersects the line of action of the load Pio. The next string, parallel to Oil\ is drawn 
between the loads Pio and P9. The final string parallel to OiQ intersects the crown 
section at U. The pole Oi is not correctly located as the force He was assumed to 
act at the center of the crown section. To correct, locate the line of action of the 
resultant R of all the loads by prolonging the end strings parallel to OiS and OiQ. 
From the center of the crown draw a new final string parallel to OiQ; at the inter- 
section with the line of action of R draw VW to the center of the springing. The 
ray parallel to VW through S locates the true pole 0, The second funicular polygon 
passes through the centers of the springing and cfown and coincides throughout 
with our trial axis. Therefore, the present arch axis will be adopted for complete 
analysis, since the bending moments at all sections due to the dead loads are elim- 
inated. This is the end of the preliminary analysis for the selection of arch dimensions. 

399. Live Loads. A variation in the position of the live loads will affect the 
magnitude of the forces and couples at the cross sections. The position of the live 
load to give maximum forces or couples at any given section can best be found by 
the use of influence lines. The sections chosen for analysis will be the crown, spring- 
ing, and the section halfway between on the arch axis which will be called the quarter- 
section. 
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400. Influence Lines for Live Load. In Figure 237 let a load of unity be applied 
to the left of the crown. In the analysis of Article 389 the moment ttil due to the 
loads becomes at any section B between the load and springing 

niL ** — l(a: — a) 



The negative sign agrees with the original derivation. For sections between the 
load and the crown, or for any section in the right half-arch 

WlL = WjR « 0 

Substitution in equations 318, 310, and 320 gives 


Hc^ 


22 — + 2S - 
I ^ A 


-S5^+o2f^ 

2S ^ + 2S 4 
I A 


(326) 


2i--, 




22 - 


22 ) 




(327) 




Me 


22- 

I 


HeVe 


S C £ C 1 

X 7 — a^A 7 


2S* 


HeVe 


(328) 


401. Stress Computation. The arch adopted will now be analyzed for the stresses 
due to all dead and live loads and temperature changes. Since the summations 
take much time, especially for the live-load investigation, the stresses will be ob- 
tained at the crown, springing, and quarter-sections only. 

Ten divisions As of the half-arch axis will be used in the summation. The half- 
arch axis is scaled as 84.0 ft. long. Each division will be taken as 8.4 ft. long and is 
spaced out on the arch axis (Fig. 236) and the cross-section drawn. The center of 
each division is also marked. The cross-section constants are listed in Table T; 
the dimensions used are at the center of each As division. The total cross section will 
be used to compute area and moment of inertia. This is equivalent to assuming 
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that there is no tension in the section. Since these values are average for the length 
As it is not necessary to be more accurate. The area of any section equals 


A « + (n - l)pbte * tx + 9 X 0.016 X 1 X 2.6 


« + 0.338 sq. ft. 


(329) 


Table T. CROse-SEcnoN Data (Foot Units) 


As 

y' 

tz 

12 

0.0844«, -0.6)* 

/ 

y' 

I 

1 

1 

1 

29.8 

2.54 

1.366 

0.351 

1.717 

17.36 

0.582 

2 

29.4 

2.65 

1.651 

0.390 


15.13 

0.516 

3 

28.6 

2.75 

1.733 

0.428 


13.22 

0.463 

4 

27.2 

2.92 

2.074 

0.495 


10.68 

0.389 

5 

25.0 

3.09 

2.456 

0.567 


8.26 


6 

22.5 

3.32 

3.046 



6.06 


7 

18.9 

3.65 

4.06 

0.84 

4.90 

3.86 

0.204 

8 

14.4 

4.12 

6.82 

1.11 


2.08 

0.144 

9 

9.1 

4.80 

9.21 

1.56 

mSM 

0.85 

0.093 

10 

3.1 

5.70 

15.43 

2.28 

17.71 

0.17 

0.056 

Total 






77.57 

3.047 


The moment of inertia of any section equals 

, 2 


12 


+ 0.338^^-^^ = ^ + 0.0844«. - 0.6)* (330) 


By equation 317, 


I 77.67 


y» 




1 3.047 


« 26.47 ft. 


yc « 30 - 25.47 * 4.63 ft. 


Table U gives data determined from the arch axis dimensions. These distances are 
again taken to the center of the As divisions and referred to the X axis of Figure 233 
which is 4.63 ft. below the center of the crown. 

402. Analysis for Dead Loads. In order to figure the forces and couple at the 
crown section it will be necessary to sum up the moments of the dead loads about 
the center of each As division. The dead-load diagram will be divided anew into 
trapezoids. In Table V the moment at the center of the fourth As will be equal to 






448 


ARCHES AND RIGID FRAME BRIDGES 


[Chap. 15 


Table U. Ahch Axis Dimensions 


As 

X 

V or 

(y' - y.) 

** 

I 

y* 

/ 

1 

A 

1 

4.2 

4.3 

10.28 

10.87 

0.347 

2 

12.6 

3.9 

81.8 

7.92 

0.334 

3 

20.9 

3.1 

202 

4.49 

0.324 

4 

29.2 

1.7 

332 

1.15 

0.307 

5 

37.4 

-0.5 

462 

0.08 

0.292 

6 

45.3 

-3.0 

552 

2.39 

0.273 

7 

52.9 

-6.6 

571 

8.83 

0.251 

8 

60.0 

-11.1 

520 

17.70 

0.224 

9 

66.5 

-16.4 

411 

24.90 

0.195 

10 

72.5 1 

-22.4 

297 

28.24 

0.166 

Total 

401.5 


3439 

106.57 

2.713 


the moment at the third, plus the product of the total dead weight of the first three 
divisions times the horizontal distance between the third and the fourth. 

By equations 318, 319, 320, 


He 


-f 2 X 10,540,000 
2(106.57 + 2.71) 


« 96,450 lb. 


7o = 0 


Me 


2 X 1,320,000 
2 X 3.047 


- 96,450 X 4.53 


-3700 ft.-lb 


The value He should not check the value He *= 95,000 lb. obtained in the tenta- 
tive analysis assuming He to act through the center of the crown, since the resultant 
of He and Me does not act at the center. From the equilibrium polygon the resultant 
dead load equals 123,300 lb. and scales 23.3 ft. from the center of the springing. At 
the sprin^ng the normal force Ne makes an angle 4>e = 50° with the horizontal. 

\ * 96,450 X 0.643 + 123,300 X 0.766 = 156,500 lb. 

Me « -123,300 X 23.3 -i- 96,450 X 30 - 3700 = +16,500 ft.-lb. 

At the springing the normal force also acts close to the center line, as was indicated 
by the trial funicular polygon. 

It is customary to check also a section about half way between crown and spring- 
ing. In this problem the quarter section is at the junction of the fifth and sixth As. 
Taking as rigid body the portion of the arch between this section and the crown, 
the dead load totals 34,600 lb. (Table V) and the arch slopes at an angle ^ « 18.5° 
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The center of this section is 6 ft. below and 41.5 ft. to the left of the crown 
center. 

Nq * 96,460 cos + 34,600 sin <t> « 91,500 + 11,000 « 102,500 lb. 

Mq « 96,460 X 6 - (467,500 + 34,600 X 4.1) - 3700 « -34,360 ft.-lb. 

The moment of the dead load is handled as was that at the center of the sixth A« in 
Table V. 

Table V. Moments of Dead Load 


mx, =» niR 


As 

Total 

Dead 

Load 

Moment Arm 

X2 — XI 

(Table U) 

Moment 

Total 

Moment 

rriL 

VIL 

T 

mjjy 

I 

1 

2 

1 

4,980 

6,480 

0 

8.4 

0 

41,800 

0 

41,800 

0 

21,600 

0 

84,000 

3 

10,460 

6,230 

8.3 

86,800 

128,600 

69,500 

186,000 

4 

16,690 

8.3 

138,500 

267,100 

103,900 

179,000 


7,750 





+ 449,000 

5 

24,440 

10,150 

8.2 

200,400 

467,500 

1 164,400 

74,000 

6 

34,690 

11,910 

7.9 

273,500 

741,000 

200,000 

- 595,000 

7 

46,500 

14,110 

7.6 

353,500 

1,094,500 

223,600 

- 1,470,000 

8 

60,610 

17,080 

7.1 

430,000 

1,524,500 

220,200 

- 2,440,000 

9 

77,690 

21,880 

6.5 

505,000 

2,029*500 

188,600 

- 3,090,000 

10 

99,670 

6.0 

697,500 

2,627,000 

148,300 

- 3,320,000 


23,750 





-10,989,000 







+449,000 

Total 

123,320 




1 

1,319,900 

-J 

-10,540,000 
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403. Stresses Due to Dead Loads. Crown, By equation 329: 

A « (2.5 + 0.338)144 « 410 sq. in. 

By equation 330: 

I = + 0.0844(2)*J (12)* - 34,100 (in.)* 

„ . . 96,460 . 3700 X 12 X 16 . . .. . 

Maximum /c * — I — *= 255 lb. per sq. in. (bottom) 

Minimum fe = 235 — 20 = 216 lb. per sq. in. (top) 

Springing. 

A « (6.25 + 0.338)144 = 960 sq. in. 

I =■ + 0 0844(5.76)* j (12)* = 479,000 (in.)* 

„ . , 156,600,16,500 X 12 X 37.6 , 

Maximum/. - — " - H 4790OO “ 

Minimum fe « 166 — 16 =« 149 lb. per sq. in. (bottom) 

Quarter-Section: Depth of section = 3.25 ft. 

A « (3.26 + 0.338)144 = 617 sq. in. 

^ = r + 0.0844(2.76)*1 (12)* = 72,700 (in.)* 


,, . , 102,500 . 34,360 X 12 X 19.6 , 

Maximum /o 517 72 700 = 309 lb. per sq. in. (bottom) 

Minimum fe « 198 — 111 = 87 lb. per sq. in. (top) 


All the sections examined have compression over the whole area. 

404. Analysis for Live Loads. The live load is assumed to be 100 lb. per sq. ft. 
It will be necessary to solve for the live-load placement that gives the maximum 
normal stress, or Gliear, or bending moment. This analysis will be made for the 
crown, springing, and quarter-section by using influence lines. 

406. j^uence Lines for Crown Analysis. The live load will be divided into in- 
crements which are spaced equally on the horizontal span. The unit load will be 
applied at the center of each increment. The summations should be made from the 
springing to the load in each case; but it will give substantially the same results if 
the As divisions of the arch are used, including each time those whose centers are 
between the load and the springing ffig. 236). Table W gives the computations; 
and in Figure 238 are plotted the results of the computations for the crown sections. 
For instance, in the He diagram, the value of He ^ 0.22 at 20 ft. from the springing 
means that He 0.22 lb. if the unit load is located 20 ft. horizontally from the spring- 
ing. The maximum He occurs with the live load spread over the whole span and 
will be equal to the area under the He curve multiplied by the intensity w =* 100 lb. 
per ft. The shear Fc is a maximum if the live load is spread over a half-span. 

The maximum positive moment Me at the crown occurs when the live load ex- 
tends 75 — 51 »* 24 ft. either side of the crown (24 ft. » 0.161). The maximum 



Table W. iNFLuENCfB Line Values fob Cbown (Use Tables T and U) 
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negative moment occurs when the live load extends from each springing to the 51-ft. 
horizontal distance. The positive moment is much the greater. The loadings for 
maximum He and Mo are not the same. The maximum combined effect will be 
obtained by some intermediate loading. This maximum combined effect will give, 
however, stresses only slightly more than those obtained by dealing with the maxi- 
mum moment Me and the accompanying He* The latter procedure will be adopted 
when the stresses are computed. 



406. Influence Lines for Springing. By Figures 233 and 237 it is evident that at 
the left springing 

Ne *= He cos + (1 — Vc) sin 4>e 
Me^Me^ 30i7c + 757c ~ 1(75 - a) 

If the unit load is applied to the right half-arch, the normal force and couple at 
the left springing equal 

N» « He cos — Ve sin <t>» 


jif. - Me + ZOHo + 757c 

The computations for the normal force and the couple are given in Table X, and 
the results are plotted in Figure 239. The maximum positive moment M» at the 



Table X. Influence Line Values for Left Spbinginq 
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left springing occurs when the live load covers the right half-arch and extends to 
63 ft. (0.355Z) from the left springing. The maximum negative moment is smaller 
and occurs with the live load on the first 63 ft. from the left springing. 



407. Influence Lines for the Quarter-Section. The maximum values of the nor- 
mal force and couple at the quarter-section can be found. Tfike the portion of 
the arch between the left quarter-section and the crown as a rigid body (Figs. 233 
and 237). If the load of unity acts on this body, 

Nq « He cos 18.6® + (1 ~ Vc) sin 18.6® 

Mq ^ Me OHc + 41.6Fc - 1(41.6 - o) 

If the unit load does not act on the rigid body, these equations become 

Nq = 0.948He ~ 0.3177, 

MQ^Me + OHc + 41.67, 

The computations for the normal force and the couple are given in Table Y. 
The results are plotted in Figure 240. The quarter-section occurs within 3 in. of 
the load point a » 0.66. The values of this load point will be used for the quarter- 
section. 

The maximum negative moment at the left quarter-section occurs with the live 
load acting on the whole right half-arch and ending at 47 ft. (0.310 from the left 
springing. The maximum positive moment is less and occurs if the live load acts 
over the first 47 ft. from the left springing. 


Influence Line Values fob Left Quaetek-Section 
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408. M a ximmn Moments by Approximation. The problem illustrated above has 
a fairly long span for earth-fill arches. The analysis by influence lines is justified. 
Analysis of many arch designs leads to the loadings of Figure 241 to give approxi- 
mate maximum moments. 

If these approximate loadings were used in this problem the crown moment would 
be figured for a live load extending 0.125Z each side of the crown, whereas the influ- 
ence line calls for a distance 0.16Z. The positive moment is the greater, and the 
approximation would give a moment which is too small. 

At the springing the approximation ends the loading at 0.375Z from the springing. 
The influence lines of Figure 239 end the loading at 0.355Z. The positive moment is 
again the greater, and the approximation gives slightly smaller values. It is a 
reasonable approximation, however. 

The comparison cannot be made at the quarter-section as the approximation 


deals with a section 7 — 37.6 ft. from the crown, whereas the section used here at one 
4 


quarter of the arch axis is 41.5 ft. from the crown. 

409. Stresses Due to Live Loads. The areas of the moment and thrust influence 
lines are tabulated in Table Z. After being multiplied by « 100 lb. per ft., the 


Table Z. Live-Load and Temperature Stresses (Pounds per Square Inch) 


Section 

Maximum Moment 

Corre- 

sponding 

Thrust 

Section 

Data 

Live-Load 

Stresses 



Area 

Ft.-lb. 

Area 

Lb. 

A 

7 

y 

Top 

Bot- 

tom 


Bot- 

tom 

Crown 


139.2 

13,920 

64.8 

6480 

410 

34,100 

15 

89 

-68 

203 

-249 


-Jlf 

25.3 

- 2,530 

21.0 




- 8 

19 

-203 

249 

Springing 

+M 

863.5 

86,350 

72.2 



479,000 

37.6 

89 

-73 

233 

-220 


-Af 

424.8 

-42,480 

52.4 

6240 



-34 

45 

-233 

220 

Quarter 

+M 



18.6 

1860 

517 


36 

-29 

62 

- 28 


l-M 

245.4 

-24,540 

93.6 

9360 



-61 

97 

- 62 

28 


maximum moments and the corresponding thrusts are found. The stresses are also 
computed. Thus, for the crown section with positive bending (Art. 403) : 

^ 6480 ^ 13,920 X 12 X 16 ^ „ 

Maximum /c inn 89 lb. per sq. in. 

410 o4,100 


Minimum /« 


16 — 74 = —58 lb. per sq. in. 
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410. Temperature Stresses. An earth-filled arch will have temperature changes 
somewhat less than those of the atmosphere, since only the intrados and the sides 
are exposed. Assuming the arch to be poured about 50^ to 60*^ F., we shall assume a 
temperature variation in the arch of 40** rise or drop. The coefficient of expansion 
will be taken as e » 0.000006. By equation 321, 




0.000006 X 40 X 10 X 3,000,000 X 144 
109.3 


9480 lb. 


M'o - M'o - ftp - 0 - 9480 X 4.63 - -42,900 ft..lb. 


At the springing for 40® rise, 

N\ « H*e COS * 9480 X 0.643 = 6100 lb. 

Af'. » 30H'c + M'c * 9480 X 30 - 42,900 « 241,600 ft.-lb. 
At the quarter-section for 40® rise, 

N' « 9480 X 0.948 = 9000 lb. 

M' « 9480 X 6 - 42,900 « 14,000 ft.-lb. 


The stresses due to these forces and couples are also listed in Table Z. For ex- 
ample, the maximum stress at the crown due to a 40° rise equals 


fc 


9480 42,900 X 12 X 16 

410 34,100 


= 249 lb. per sq. in. 


(bottom) 


The stresses for a 40® drop are equal in magnitude but opposite in sign. 

411. Resultant Stresses. Table AA lists the values of the stresses previously com- 
puted. Compressive stresses are positive. It will be noticed that the resultant 
stresses due to the dead loads produce compression over the whole of the trial sections. 
This is also true for the live and dead loads acting together. 

For the imusual case that the most severe live-load placement will coincide with 
a maximum temperature change, there will be tensile stresses at the crown, quarter- 
section, and springing. Those at the springing have the greatest magnitude, and 
that case will now be checked, allowing for the loss of area due to resultant tension 
in the section. 

Springing, The resultant normal force and couple due to dead and live loads 
plus a 40® temperature rise are 

N, « 166,600 7200 + 6100 « 169,800 lb. 


M, « 16,600 + 86,360 + 241,600 * 344,360 ft.-lb. 


The resultant force and couple for dead and live loads plus a 40® temperature 
drop are 

N. « 166,600 + 6240 - 6100 « 166,640 lb. 

Af. * 16,600 - 42,480 - 241,600 * -267,480 ft.-lb. 
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ReBuUanl Stresses at Springing. Temperature Rise. 


6 344 350 ^ 12 

Eccentricity ratio = 0.326 (Caae II) 


t 

k 


A, 0.015 X 12 X 30 
'-U 12X75 

£ 

75 


0.04 


and 




0.66 


9.0 


np « 0.06 

0.21 


fe = 550 lb. per sq. in. 


ft == 2500 lb. per sq. in. (tension) 


The value fe == 550 lb. per sq. in. supersedes fe = 503 in Table AA. 


Table AA. Maximum Fiber SmEssES (Pounds per Square Inch) 


Section 


Dead 

Live 

Max. 
D. & 
L. 

S3 . 

Temp. 

Max. 
D., L., 
and 

Min. 

D.,L., 

and 








Temp. 

Temp. 

Crown 


Top 

215 

89 

-8 

304 

207 

203 

-203 

507 

4 


Bottom 

255 

19 

-58 

274 

197 

249 

-249 

523 

-52 

Springing 


Top 

181 

89 

-34 

270 

147 

233 

-233 

503 

-86 


Bottom 

149 

45 

-73 

194 

76 

220 

-220 

414 

-144 

Quarter 


Top 

87 

36 

-61 

123 

26 

62 

-62 

185 

-36 


Bottom 

309 

97 

-29 

406 

280 

28 

-28 

434 

252 


Temperature Drop, 


e 

k 


= 0.276 

155,640 X 75 
0.76 


(Ca^e II) 


fe =* 430 lb. per sq. in. 


C - 9.07 

ft =* 1130 lb. per sq. in. (tension) 


The stress fe — 430 lb. per sq. in. supersedes the v^ue fe = 414 in Table AA. 

By similar computations it is possible to check thelcrown, springing, and quarter- 
sections for the loadings that give maximum tensioim. Though there is tension on 
these sections, the probability that maximum live-load conditions and maximum 
temperature changes will occur more than momentarily is too slight to justify a 
revision of the moments of inertia which have been figured on the assumption of 
compression over the full area. 

412. Allowable Stresses. The allowable stress for dead and live loads will vary 
with the eccentricity. Assuming the neutral axis to be at the edge of the section 
at the springing, the allowable stress fe is about 1100 lb. per sq. in. 
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When the effect of temperature changes is included, the allowable stress can be 
increased, perhaps 20 to 25 per cent. 

This design uses a mix somewhat richer than those from which Mr. Cochrane’s 
or Mr. Whitney's approximate designs are based. The steel ratio at the crown of 
0.015 is also somewhat higher than the more usual p = 0.01. It is possible to reduce 
the steel ratio somewhat without starting the design anew. A change in mix should 
require a fresh start. Since the approximate equations are based on concretes 
about 2000 lb. per sq. in. in strength with a steel ratio about p »» 0.01, the sections 
can be reduced in depth if richer mixes or more steel are adopted. 

413. Shrinkage and Flow.* The shrinkage stress at the crown can be computed 
by the procedure outlined in Articles 391 and 392. Assume that 

8 « 0.0002 

n 10 for elastic deformations 
n' = 40 for combined plastic and elastic deformations 

The stresses due to direct shrinkage are computed by equations 117 and 118 
(Art. 180) at each As division. If lx is expressed in inches, the stress equations become 


Concrete - 

Steel = 


( — ^ — Vi 

\1 -i- (n — l)p/ 

Vl + (n - l)p/ \l2tx + 210.6/ 


32,400 

12tx + 210.6 

12tx - 5a 


6000 


The concrete stresses vary from 56.3 to 31.4 lb. per sq. in. from crown to spring- 
ing; the steel stresses vary from 3750 to 4760 lb. per sq. in. The summation of the 

strains divisions equals 1381 X 10~® in. per in. Substituting 

this strain for the uniform temperature strain in equation 321, 


H'c 


1381 X 10~~*^ X 750,000 X 144 
109.3 


—13701b. (tension) 


Af'o = 0 - (-1370)4.63 - -f-6200 ft.-lb. 

This thrust and moment due to shrinkage are always present and should be in- 
cluded with the dead load thrust and moment. Combining, 

He =“ 96,460 — 1370 ~ 95,080 lb. (compression) 

Me « -3700 + 6200 = 2600 ft.-lb. 

The stresses due to the elastic loads can then be revised: 

95,080 2500 X 12 X 15 

Maximum /c » — — — | 245 lb. per sq. in. (bottom) 

410 34,100 

Minimum fo « 232 — 13 »* 219 lb. per sq. in. (top) 

* Space does not permit a more extended discussion of the effects of shrinkage 
and plastic flow. The student is referred to “Plain and Reinforced Concrete Arches," 
by Charles S. Whitney, Jour. A.C.L, March 1932, p. 479. 
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If the effect of plastic flow is included, the stresses are computed by using n* =® 40. 
At the crown section, 

Area - 5([1 + (n - Dp] - 12 X 30[1 + 39(0.015)] - 670 sq. in. 

5^3 / ^ \2 12(30)^ 

^ “ 12 ( 2 U +3^(0-015)12X30(12)2 = 57,300 (in.)^ 

^ 95,080 . 2500 X 12 X 15 

Maximum /« =* — 1 57 ^ 300 ~ 

Minimum « 167 — 8 = 159 lb. per sq. in. (top) 

The effect of shrinkage and plastic flow may be estimated as 

(Bottom) /e == — 56 + 175 ~ 245 == —126 lb. per sq. in. (tension) 

(Top) fe = —56 + 159 — 219 == — 116 lb. per sq. in. (tension) 

In this particular problem the correction is a tensile stress of considerable mag- 
nitude. The stress in the steel can be found by plotting the concrete stresses to get 
the concrete stress at the same level as the steel and multiplying by n'. Thus, the 
bottom steel has a stress correction; 

= 3740 -f 174 X 40 - 244 X 10 

» 3740 + 6960 — 2440 * 8260 lb. per sq. in. (compression) 

This correction will be added to the computed stresses in the compression steel which 
do not exceed a possible maximum of /', = 1.26n/<. and the combined stress does 
not exceed f$ « 20,000 lb. per sq. in. This correction will reduce the stress in steel 
whose computed stresses are tensile. 

414. Abutments. The abutments are loaded with earth pressures from above and 
on the base, also by lateral earth pressure on the back face. There may be water 
pressure on the front face in certain cases. In addition, at the springing section 
acts the normal force iV, and couple M*, which vary as the live load and tempera- 
ture vary. The abutment should be of such size and shape that it is in equilibrium 
for all values of and without exceeding the allowable soil pressures. If the 
assumption that the abutments do not yield is justified, the abutment should be 
massive enough to fix the springing section. The adoption of pressures for design 
which are well below the allowable will help to reduce settlement. For this reason 
the location of the abutment must be very carefully selected. On poor soils the 
arch should be designed by equations which allow for movement of the abutments. 

416. Open Spandrel Arches. Many arches are built without earth 
fills. The superstructure loads are brought to the arch by columns or 
walls. The analysis and design follow the methods illustrated above, 
but some of the live and dead loads will be concentrated forces. 

THE RIGID FRAME BRIDGE 

416. The Bigid Frame Bridge. The type of bridge known as the rigid 
frame bridge has been increasingly used in modem construction. The 
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usual cross section has the shape of Figure 242. Such a section is supe- 
rior to the arch in that the clearance under the deck can be kept close 
to the maximum rise throughout the clear span. The abrupt change of 
direction between the center lines of the deck and walls renders it im- 
possible to keep the line of thrust nearly coincident with these center 
lines, and large bending moments occur at the junction of deck and 
wall. These large restraining moments at the ends of the deck give a 
low value to the positive moment at the center of the deck span, and 
the center section can be made relatively thin. 



If the footings are relatively narrow as in Figure 242, the support at 
the base of the wall is assumed to be hinged. Sometimes a deliberate 
attempt is made to construct a hinged connection between wall and foot- 
ing. A massive footing justifies the assumption of a fixed base. 

The Portland Cement Association ® suggests trial dimensions for the 
mathematical analysis. They are 


1. Determine clear span Z. 

2. Assume section depth at BC equal to for usual soils. This may 

36 

I 

be reduced to — , if the footing does not settle. 

I 

3. Assume AD and DE to be about — . 

15 

4. Assume FO from 18 in. for 30-ft. span, to 30 in. for 60-ft. spans, 
up to 40 in, for 90-ft. spans. 


417* Design of Rigid Frame Bridge. The design of the rigid frame 
bridge is usually made by virtual work, the equations being the same 
used previously for arch design.^ It is usual to take an even number 
of As blocks between sections FG and DE and again between sections 

• Analysii of Rigid Frame Concrete Bridges, Fourth Edition, 1936. 

^ The Rigid Frame Bridge, by Arthur G. Hayden. 
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AD and BC. The mass of concrete between sections DE and AD is 
treated as a single As block. The analysis should include influence lines 
for moving loads, and the effect of dead loads and earth pressure agamst 
the walls. Temperature stresses and the readjustments due to shrink- 
age and plastic flow should be included in the final summations. 

Space does not permit a complete solution of a rigid frame bridge 
design in this text and the reader is referred to Mr. Hayden’s book for 
illustrative designs using virtual work, and to the Portland Cement 
Association publications, for an illustrative design using the column 
analogy and moment-distribution methods for the solution. Compari- 
sons of the time spent in design cannot be made directly between these 
two methods as the labor of computation is considerably reduced in the 
moment-distribution illustrative problem by the use of charts givmg 
coefficients obtained as the average of many analyses. 
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1941 Building Regulations for Reinforced Concrete (A.C.I Code) 

The following articles of the 1941 Building Regulations for Reinforced 
Concrete ^ have been reprinted by kind permission of the American Con- 
crete Institute. They were selected from the regulations for use as 
design standards in the text. The A.C.I. article numbers have been 
used, and the references in the text distinguish them by the prefix 
A.C.I. 

306. Allowable Unit Stresses in Concrete, (a) The unit stresses in pounds per 
square inch on concrete to be used in the design shall not exceed the values of Table 
306(a) where f'e equals the minimum specified ultimate compressive strength at 
28 days, or at the earlier age at which the concrete may be expected to receive its 
full load. 

306. Allowable Unit Stresses in Reinforcement. Unless otherwise provided in 
these Regulations, steel for concrete reinforcement shall not be stressed in excess 
of the following limits: 

(а) Tension 

(/, = Tensile unit stress in longitudinal reinforcement) and 
(/v * Tensile unit stress in web reinforcement) 

20.000 p.s.i, for Rail-Steel Concrete Reinforcement Bars, Billet-Steel Concrete 
Reinforcement Bars (of intermediate and hard grades), Axle-Steel Concrete 
Reinforcement Bars (of intermediate and hard grades), and Cold-Drawn Steel 
Wire for Concrete Reinforcement. 

18.000 p.8.i. for Billet-Steel Concrete Reinforcement Bars (of structural grade), 
and Axle-Steel Concrete Reinforcement Bars (of structural grade). 

(б) Tension in One-Way Slabs of Not More Than 19 Feet Span 
ifs « Tensile unit stress in main reinforcement) 

For the main reinforcement, f inch or less in diameter, in one-way slabs, 60 per 
cent of the minimum yield point specified in the Standard Specifications of the 
American Society for Testing Materials for the particular kind and grade of rein- 
forcement used, but in no case to exceed 30,000 p.s.i. 

(c) Compression^ Vertical Column Reinforcement 

(/a « Nominal working stress in vertical column reinforcement) 

^ The complete regulations can be obtained from The American Concrete Institute, 
7400 Second Boulevard, Detroit 2, Michigan. 

466 
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Tabmq 306(o). Allowable Unit Stkessbs m Concrete 

Allowable Unit Stresses 


Description 


Flexure :/e 

Extreme fiber stress in oompression 

Shear: « 

Beams with no web reinforcement and 
without special anchorage of longitud- 
inal steel 

Beams with no web reinforcement but 
with special anchorage of longitudinal 

steel 

Beams with properly designed web rein- 
forcement but without special anchor- 
age of longitudinal steel 

Beams with properly designed web rein- 
forcement and with special anchorage 

of longitudinal steel 

Flat slabe at distance d from edge of col- 
umn capital or drop panel.* 

Footings.f 

Bondt! 

In beams and slabs and one-way footings: 
Plain bars 

Deformed bars 

In two-way footings: 

Plain bars (hooked) 

Deformed bars (hooked) 

Bearing: /« 

On full area 

On one-third area or less $ 


When Strength of Concrete is Fixed 
^nci^ ^ Water^pntent in Accordance 

Fixed by 
Test in 


with Section 802 


with Section' 
302 
30,000 
" re 

A- 

2000 
p.8.i. 
n - 16 

f'e - 
2500 
p.s.i. 
n ~ 12 

/'a 

3000 
p.B.i. 
n • 10 

/'« - 
3750 
p.B.i. 
n «• 8 

OASrc 

900 

1126 

1350 

1688 

0.02f'c 

40 

60 

60 

75 

0.03/'c 

60 

76 

90 

113 

0.06/', 

120 

150 

180 

225 

0.12/', 

240 

300 

360 

450 

0.03/', 
0.03/', 
but not 
to exceed 

75 p.8.i. 

60 

60 

76 

75 

90 

76 

113 

76 

P-CMT. 

but not 
to exceed 
160 p.8.i. 

80 

100 

120 

150 

0.05/', 
but not 
to exceed 
200 p.s.i. 



150 

188 

0.045/'c 
but not 
to exceed 
160 p.8.i. 

00 

113 

136 

160 

0.066/', 
but not 
to exceed 
200 p.8.i. 

112 

140 

168 

200 

do 

600 

760 

625 

938 

760 

938 


* See Section 807. t See Section 905(a) and 808(a). 

t Where special anchorage is provided [see Section 903(a)], one and one-half times these values in 
bond may be used in beams, slabs and one-way footings, but in no case to exceed 200 p.s.i. for plain 
bars and 250 p.B.i. for deformed bars. The values given for two-way footings include an allowance for 
special anchorage. 

S The allow^le bearing stress on an area greater than one-third but less than the full area shall be 
interpolated between the values given. 

The author adds the following to clarify the allowable shear stresses given in Table 305(a). These 
shear stresses perform two fimotions: (a) as allowable shear stresses, (b) as measures of allowable tension 
(assuming t - constant X v). 

Shear. 

Plain oonorete 

Reizdoroed concrete — ordinaiy anchorage 
Reinforced oonorete — special anchorage 

Dioffonal Teneion. Shear etreea ae meaeure of auawcMe teneion. 

Plain concrete — allowable tensile stress 
Reinforced oonorete — shear equivalent of tension. 

Concrete— ordinary anchorage «o 0,02/ « 

special anchorage »c 0. W « 

Total on partiole — ordinary anchorage s « 0,06/ « 

special anchorage v * 0. Utre 


Vc - 0.02/V 

maximum v « 0.06/'^ 
maximum v ■■ 0.12/'« 

/- 0 . 03 /'^ 
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Forty per cent of the minimum yield point specified in the Standard Specifications 
of the American Society for Testing Materials for the particular kind and grade of 
reinforcement used, but in no case to exceed 30,000 p.s.i. 

(fr = Allowable unit stress in the metal core of composite and combination 
columns) : 

Structural steel sections 16,000 p.s.i. 

Cast iron sections 10,000 p.s.i. 

Steel pipe See limitations of Section 1106(6) 

(d) Compresamif Flexural Members. For compression reinforcement in flexural 
members see Section 706(6). 


FORMS AND DETAILS OF CONSTRUCTION 

601. Design of Forms, (a) Forms shall conform to the shape, lines, and dimen' 
sions of the members as called for on the plans, and shall be substantial and suflBci- 
ently tight to prevent leakage of mortar. They shall be properly braced or tied 
together so as to maintain position and shape. 

602. Removal of Forms, (a) Forms shall be removed in such manner as to insure 
the complete safety of the structure. Where the structure as a whole is supported 
on shores, the removable floor forms, beam and girder sides, column and similar 
vertical forms may be removed after twenty-four hours, providing the concrete is 
sufficiently hard not to be injured thereby. In no case shall the supporting forms 
or shoring be removed until the members have acquired sufficient strength to sup- 
port safely their weight and the load thereon. The results of suitable control tests 
may be used as evidence that the concrete has attained such sufficient strength. 

603. Pipes, Conduits, etc.. Embedded in Concrete, (a) Hpes which will contain 
liquid, gas or vapor at other than room temperature shall not be embedded in con- 
crete necessary for structural stability or fire protection. Drain pipes and pipes 
whose contents will be under pressure greater than atmospheric pressure by more 
than one pound per square inch shall not be embedded in structural concrete except 
in passing through from one side to the other of a floor, wall or beam. Electric 
conduits and other pipes whose embedment is allowed shall not, with their fittings, 
displace that concrete of a column on which stress is calculated or which is required 
for fire protection, to greater extent than four per cent of the area of the cross sec- 
tion. Sleeves or other pipes passing through floors, walls or beams shall not be of 
such size or in such location as unduly to impair the strength of the construction; 
such sleeves or pipes may be considered as replacing itructurally the displaced con- 
crete, provided they are not exposed to rusting or ottier deterioration, are of un- 
coated iron or steel not thinner than standard wrou|jht-iron pipe, have a nominal 
inside diameter not over two inches, and are spaced less than three diameters on 
centers. Embedded pipes or conduits other than flhose merely passing through, 
ahfl .ll not be larger in outside diameter than one-tlfird the thickness of the slab, 
wall or beam in which they are embedded; shall not be spaced closer than three di- 
ameters on centers, nor so located as unduly to impair the strength of the construction. 
Circular uncoated or galvanized electric conduit of iron or steel may be considered 
as replacing the displaced concrete. 

604. Cleaning and Bending Reinforcement (a) Metal reinforcement, at the time 
concrete is placed, shall be free from rust scale or other coatings that will destroy or 
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reduce the bond. Benda for stirrups and ties shall be made around a pin having a 
diameter not less than two times the minimum thickness of the bar. Bends for other 
bars shall be made around a pin having a diameter not less than six times the mini- 
mum thickness of the bar, except that for bars larger than one inch, the pin shall be not 
less than eight times the minimum thickness of the bar. All bars shall be bent cold. 

606 . Placing Reinforcement (a) Metal reinforcement shall be accurately placed 
and adequately secured in position by concrete or metal chairs and spacers. The 
minimum clear distance between parallel bars shall be one and one-half times the 
diameter for round bars and twice the side dimension for square bars. If special 
anchorage as required in Section 903 is provided, the minimum clear distance between 
parallel bars shall be equal to the diameter for round bars and one and one-half times 
the side dimension for square bars. In no case shall the clear distance between bars 
be less than one inch, nor less than one and one-third times the maximum size of the 
coarse aggregate. 

(b) When wire or other reinforcement, not exceeding one-fourth inch in diameter 
is used as reinforcement for slabs not exceeding ten feet in span, the reinforcement 
may be curved from a point near the top of the slab over the support to a point near 
the bottom of the slab at mid-span; provided such reinforcement is either continuous 
over, or securely anchored to, the support. 

606 . Splices and Offsets in Reufforcement. (a) In slabs, beams and girders, 
splices of reinforcement at points of maximum stress shall generally be avoided. 
Splices shall provide sufficient lap to transfer the stress between bars by bond and 
shear. In such splices the nainimum spacing of bars shall be as specified in Section 606. 

(6) Where changes in the cross section of a column occur, the longitudinal bars 
shall be offset in a region where lateral support is afforded. Where offset, the slope 
of the inclined portion shall not be more tlian 1 in 6, and in the case of tied columns 
the ties shall be spaced not over three inches on centers for a distance of one foot 
below the actual point of offset. 

607 . Concrete Protection for Reinforcement, (a) The reinforcement of footings 
and other principal structural members in which the concrete is deposited against 
the ground shall have not less than three inches of concrete between it and the ground 
contact surface. If concrete surfaces after removal of the forms are to be exposed 
to the weather or be in contact with the ground, the reinforcement shall be protected 
with not less than two inches of concrete for bars more than five-eighths inch in 
diameter and one and one-half inches for bars five-eighths inch or less in diameter. 

(6) The concrete protective covering for reinforcement at surfaces not exposed 
directly to the ground or weather shall be not less than three-fourths inch for slabs 
and walls; and not less than one and one-half inches for beams, girders and columns. 
In concrete joist floors in which the clear distance between joists is not more than 
thirty inches, the protection of metal reinforcement shall be at least three-fourths inch. 

(c) If the code of which these regulations form a part specifies, as fire-protective 
covering of the reinforcement, thicknesses of concrete greater than those given in 
this section, then such greater thicknesses shall be used. 

(d) Concrete protection for reinforcement shall in all cases be at least equal to the 
diameter of round bars, and one and one-half times the side dimension of square bars. 

(s) Exposed reinforcement bars intended for bonding with future extensions shall 
be protected from corrosion by concrete or other adequate covering. 

608 . Constructiem Joints, (a) Joints not indicated on the plans shall be so made 
and located as to least impair the strength of the structure. Where a joint is to be 
made, the surface of the concrete shall be thoroughly cleaned and all laitanoe re-* 
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moved* In addition to the foregoing, vertical joints shall be thoroughly wetted but 
not saturated, and slushed with a coat of neat cement grout immediately before 
placing of new concrete. 

(b) At least two hours must elapse after depositing concrete in the columns or 
walls before depositing in beams, girders, or slabs supported thereon. Beams, girders, 
brackets, column capitals, and haunches shall be considered as part of the floor system 
and shall be placed monolithically therewith. 

(c) Construction joints in floors shall be located near the middle of the spans of 
slabs, beams, or girders, unless a beam intersects a girder at this point, in which case 
the joints in the girders shall be offset a distance equal to twice the width of the 
beam. In this last case provision shall be made for shear by use of inclined rein- 
forcement. 


DESIGN— GENERAL CONSIDERATIONS 

600. Notation. 


fe = Ultimate compressive strength of concrete at age of 28 days, unless other- 
wise specified. 

E, 

n = Ratio of modulus of elasticity of steel to that of concrete == — ; assumed 

Ec 

30,000 


as equal to - 


fc 


601. Assumptions, (a) The design of reinforced concrete members shall be made 
with reference to working stresses and safe loads. The accepted theory of flexure 
iis applied to reinforced concrete shall be applied to all members resisting bending. 
The following assumptions shall be made: 

1. The steel takes all the tensile stress. 

2. In determining the ratio n for design purposes, the modulus of elasticity for the 
concrete shall be assumed as 1000 /'c, and that for steel as 30,000,000 p.8.i. 


602. Design Loads, (a) The provisions for design herein specified are based on 
the assumption that all structures shall be designed for all dead- and live-loads com- 
ing upon them, the live-loads to be in accordance with the general requirements of 
the building code of which this forms a part, with such reductions for girders and 
lower story columns as are permitted therein. 

603. Resistance to Wind Forces, (a) The resisting elements in structures re- 
quired to resist wind forces shall be limited to the integral structural parts. 

(6) The moments, shears, and direct stresses resulting from wind forces determined 
in accordance with recognized methods shall be added to the maximum stresses 
which obtain at any section for dead- and live-loads. 

(c) In proportioning the component parts of the structure for the maximum com- 
bined stresses, including wind stresses, the unit stresses shall not exceed the allowable 
stresses for combined live- and dead-loads provided in Sections 305, 306 and 1110 
by more than one-third. The structural members and their connections shall be so 
proportioned as to provide suitable rigidity of structure. 


FLEXURAL COMPUTATIONS 

701. General Requirements, (a) All members of frames or continuous construc- 
tion shall be designed to resist at all sections the maximum moments and shears 
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produced by dead load^ live load and wind load» as determined by the theory of elas- 
tic frames in which the simplified assumptions of Section 702 may be used. 

(b) Approximate methods of frame analysis are satisfactory for buildings of usual 
types of construction, spans and story heights. 

(c) In the case of two or more approximately equal spans (the larger of two ad- 
jacent spans not exceeding the shorter by more than 20 per cent) with loads uni- 
formly distributed, where the unit live load does not exceed three times the unit 
dead load, design for the following moments and shears is satisfactory: * 


Positive moment at center of span 


End spans wV^ 

Interior spans ^ wV^ 

Negative moment at exterior face of first interior support 

Two spans 

More than two spans -jV 

Negative moment at other faces of interior supports ^ 


Negative moment at face of all supports for, (a) slabs with spans not 
exceeding ten feet, and (6) beams and girders where ratio of sum of 
column stiffnesses to beam stiffness exceeds eight wl'^ 


Shear in end members at first interior support 



Shear at other supports 


wT 

2 


702. Conditions of Design.’ (a) Arrangement of Live Load. 1 . The live load 
may be considered to be applied only to the floor tinder consideration, and the far 
ends of the columns may be assumed as fixed. 

2. Consideration may be limited to combinations of dead load on all spans with 
full live load on two adjacent spans and with full live load on alternate spans. 

(5) Span length, 1. The span length, Z, of members that are not built integrally 
with their supports shall be the clear span plus the depth of the slab or beam but 
shall not exceed the distance between centers of supports. 

2. In analysis of continuous frames, center to center distances, Z and Zi, may be 
used in the determination of moments. Moments at faces of supports may be used 
for design of beams and girders. 

3. Solid or ribbed slabs with clear spans of not more than ten feet that are built 
integrally with their supports may be designed as continuous slabs on knife edge 
supports with spans equal to the clear spans of the slab and the width of beams other- 
wise neglected. 

(c) Stiffness, 1. The stiffness, K, of a member is defined as El divided by Z or h. 

2. In computing the value of I of slabs, beams, girders, and columns, the rein- 
forcement may be neglected. In T-shaped sections allowance shall be made for the 
effect of flange. 

* Z' =» clear span for positive moment and the average of the two adjacent clear 
spans for negative moment. 

< Chapter 7 deals with floor members only. For moments in columns see Section 1 108. 
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3. Any reasonable assumption may be adopted as to relative stiffness of columns 
and of floor system. The assumption made shall bo consistent throughout the 
analysis. 

(d) Hounched Floor Members, 1. When members are widened near the supports, 
the additional width may be neglected in computing moments, but may be considered 
as resisting the resulting moments and shears. 

2. When members are deepened near the supports, they may be analyzed as mem- 
bers of constant depth provided the minimum depth only is considered as resisting 
the resulting moments; otherwise an analysis taking into account the variation in 
depth is required. In any case, the actual depth may be considered as resisting shear. 

(e) lAmitalions, 1. Wherever at any section positive reinforcement is indicated 
by analysis, the amount provided shall be not less than .0056'd except in slabs of 
uniform thickness. 

2. Not less than 0.005fe'd of negative reinforcement shall be provided at the outer 
end of all members built integrally with their supports. 

3. Where analysis indicates negative reinforcement along the full length of a span, 
the reinforcement need not be extended beyond the point where the required amount 
is 0.0025&^d or less. 

4. In slabs of uniform thickness the minimum amount of reinforcement in the 
direction of the span shall be: 

For structural, intermediate and hard grades and rail steel 0.00256d 
For steel having a minimum yield point of 66,000 p.s.i. 0.0026d 

703. Depth of Beam or Slab, (a) The depth of the beam or slab shall be taken 
as the distance from the centroid of the tensile reinforcement to the compression 
face of the structural members. Any floor finish not placed monolithically with the 
floor slab shall not be included as a part of the structural member. When the finish 
is placed monolithically with the structural slab in buildings of the warehouse or 
industrial class, there shall be placed an additional depth of one-half inch over that 
required by the design of the member. 

704. Distance between Lateral Supports, (a) The clear distance between lateral 
supports of a beam shall not exceed thirty-two times the least width of compression 
flange. 

705. Requirements for T-Beams. (a) In T-beam construction the slab and beam 
shall be built integrally or otherwise effectively bonded together. The effective 
flange width to be used in the design of symmetrical T4)eams shall not exceed one- 
fourth of the span length of the beam, and its overhai^ng width on either side of 
the web shall not exceed eight times the thickness of tbe slab nor one-half the clear 
distance to the next beam. 

(6) For beams having a flange on one side only, the effective overhanging flange 
width shall not exceed one-twelfth of the span length pf the beam, nor six times the 
thickness of the slab, nor one-half the clear distance t6 the next beam. 

(c) Where the principal reinforcement in a slab wMeh is considered as the flange 
of a T-beam (not a joist in concrete joist floors) is pmllel to the beam, transverse 
reinforcement shall be provided in the top of the slab* This reinforcement shall be 
designed to carry the load on the portion of the slab assumed as the flange of the 
T-beam. The spacing of the bars shall not exceed five times the thickness of the 
flange, nor in any case eighteen inches. 

(d) Provision shall be made for the compressive stress at the support in continuous 
T-beam construction, care being taken that the provisions of Section 605 relating 
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to the spadng of bars, and 404(d), relating to the placing of concrete shall be 
fully met. 

(e) The overhanging portion of the flange of the beam shall not be considered as 
effective in computing the shear and diagonal tension resistance of T-beams. 

(/) Isolated beams in which the T-form is used only for the purpose of providing 
additional compression area, shall have a flange thickness not less than one-half the 
width of the web and a total flAnge width not more than four times the web thickness. 

706. Compression Steel in Flexural Members, (a) Compression steel in beams, 
girders, or slabs shall be anchored by ties or stirrups not less than one-fourth inch in 
diameter spaced not farther apart than 16 bar diameters, or 48 tie diameters. Such 
stirrups or ties shall be used throughout the distance where the compression steel is 
required. 

(6) The effectiveness of compression reinforcement in resisting bending may be 
taken at twice the value indicated from the calculations assuming a straight-line 
relation between stress and strain and the modular ratio given in Section 601, but 
not of greater value than the allowable stress in tension. 

707. Shrinkage and Temperature Reinforcement, (a) Reinforcement for shrink- 
age and temperature stresses normal to the principal reinforcement shall be provided 
in floor and roof slabs where the principal reinforcement extends in one direction 
only. Such reinforcement shall provide for the following minimum ratios of rein- 
forcement area to concrete area 6d, but in no case shall such reinforcing bars be placed 
farther apart than five times the slab thickness nor more than eighteen inches: 


Floor slabs where plain bars are used 0.0026 

Floor slabs where deformed bars are used 0.002 

Floor slabs where wire fabric is used, having welded intersections not 
farther apart in the direction of stress than twelve inches 0.0018 

Roof slabs where plain bars are used 0.003 

Roof slabs where deformed bars are used 0.0025 

Roof slabs where wire fabric is used, having welded intersections not 
farther apart in the direction of stress than twelve inches 0.0022 


708. Concrete Joist Floor Construction, (a) Concrete joist floor construction 
consists of concrete joists and slabs placed monolithically with or without burned 
clay or concrete tile fillers. The joists shall not be farther apart than thirty inches 
face to face. The ribs shall be straight, not less than four inches wide, nor of a depth 
more than three times the width. 

(6) When burned clay or concrete tile fillers, of material having a unit compressive 
strength at least equal to that of the designed strength of the concrete in the joists 
are used, and the fillers are so placed that the joints in alternate rows are staggered, 
the vertical shells of the fillers in contact with the joists may be included in the 
calculations involving shear or negative bending moment. No other portion of the 
fillers may be included in the design calculations. 

(c) The concrete slab over the fillers shall be not less than one and one-half inches 
in thickness, nor less in thickness than one-twelfth of the clear distance between 
joists. Shrinkage reinforcement in the slab shall be provided as required in Section 
707. 

(d) Where removable forms or fillers not complying with (h) are used, the thick- 
ness of the concrete slab shall not be less than one-twelfth of the clear distance be- 
tween joists and in no case less than two inches. Such slab shall be reinforced at 
right angles to the joists with a minimum of .049 square inch of reinforcing steel per 
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foot of width) and in slabs on which the prescribed live load does not exceed fifty 
pounds per square foot, no additional reinforcement shall be required. 

(e) When the fimsh used as a wearing surface is placed monolithically with the 
structural slab in buildings of the warehouse or industrial class, the thickness of the 
concrete over the fillers shall be one-half inch greater than the thickness used for 
design purposes. 

(/) Where the slab contains conduits or pipes, the thickness shall not be less than 
one inch plus the total over-all depth of such conduits or pipes at any point. Such 
conduits or pipes shall be so located as not to impair the strength of the construction. 

710, Ma x i mum Spacing of Principal Slab Reinforcement, (a) In slabs other than 
concrete joist floor construction or flat slabs, the principal reinforcement shall not 
be spaced farther apart than three times the slab thickness, nor shall the ratio of 
reinforcement be less than specified in Section 707(o). 


SHEAR AND DIAGONAL TENSION 


801. Shearing Unit Stress, (a) The shearing unit stress t;, as a measure of di- 
agonal tension, in reinforced concrete flexural members shall be computed by form- 
ula (12); 


hjd 


( 12 ) 


(6) For beams of I or T section, 6' shall be substituted for h in formula (12). 

(c) In concrete joist floor construction, where burned clay or concrete tile are 
used, may be taken as a width equal to the thickness of the concrete web plus the 
thicknesses of the vertical shells of the concrete or burned clay tile in contact with 
the joist as in Section 708(b). 

(d) When the value of the shearing unit stress computed by formula (12) exceeds 
the shearing unit stress Ve permitted on the concrete of an unreinforced web (see 
Section 305), web reinforcement shall be provided to carry the excess. 

802. Types of Web Reinforcement, (a) Web reinforcement may consist of: 


1. Stirrups or web reinforcement bars perpendicular to the longitudinal steel. 

2. Stirrups or web reinforcement bars welded or otherwise rigidly attached to the 
longitudinal steel and making an angle of 30 degrees or more thereto. 

3. Longitudinal bars bent so that the axis of the incHned portion of the bar makes 
an angle of 15 degrees or more with the axis of the Icmgitudinal portion of the bar. 

4. Special arrangements of bars with adequate provisions to prevent slip of bars 
or splitting of the concrete by the reinforcement. See Section 804(/). 


(5) Stirrups or other bars to be considered effective as web reinforcement shall be 
anchored at both ends, according to the provisions of Section 904. 

803. Stirrups, (a) The area of steel required in s^ups placed perpendicular to 
the longitudinal reinforcement shall be computed by formula (13).* 


A, 


Zl* 

fvjd 


(13) 


(b) Inclined stirrups shall be proportioned by formula (15), Section 804(d). 

(c) Stirrups placed perpendicular to the longitudinal reinforcement shall not be 
used alone as web reinforcement when the shearing unit stress (t>) exceeds 0.08/*. 


< F' excess of the total shear over that permitted on the concrete. 



474 


APPENDIX 


804. Bent Bars, (a) When the web reinforcement consists of a single bent bar 
or of a single group of bent bars the reqmred area of such bars shall be computed by 
formula (14). 


A. 


V' 

fv sin a 


(14) 


(6) In formula (14) P' shall not exceed 0.040 fc hjd. 

(c) Only the center three-fourths of the inclined portion of such bar, or group of 
bars, shall be considered effective as web reinforcement. 

(d) Where there is a series of parallel bent bars, the required area shall be deter- 
mined by formula (15). 


fvjd (sin a -f cos a) 


(e) When bent bars, having a radius of bend of not more than two times the di- 
ameter of the bar, are used alone as web reinforcement, the allowable shearing unit 
stress shall not exceed 0.060/'e. This shearing unit stress may be increased at the 
rate of 0.01/ c for each increase of four bar diameters in the radius of bend until the 
maximum allowable shearing unit stress is reached. See Section 305(a). 

(/) The shearing unit stress permitted when special arrangements of bars are 
employed shall be tliat determined by making comparative tests, to destruction, of 
specimens of the proposed system and of similar specimens reinforced in conformity 
with the provisions of this code, the same factor of safety being applied in both cases. 

806. Combined Web Reinforcement, (a) Where more than one type of reinforce- 
ment is used to reinforce the same portion of the web, the total shearing resistance 
of this portion of the web shall be assumed as the sum of the shearing resistances 
computed for the various types separately. In such computations the shearing re- 
sistance of the concrete shall be included only once, and no one type of reinforcement 


shall be assumed to resist more than 


2ir 

“3 


806. Spacing of Web Reinforcement, (o) Where web reinforcement is required 
it shall be so spaced that every 45 degree line (representing a potential crack) extend- 
ing from the mid-depth of the beam to the longitudinal tension bars shall be crossed 
by at least one line of web reinforcement. If a shearing unit stress in excess of 0.06/ c 
is used, every such line shall be crossed by at least two such lines of web reinforce 
ment. 

807* Shearing Stress in Flat Slabs, (a) In flat slabs, the shearing unit stress on 
a vertical section which lies at a distance fa — inches beyond the edge of the 
column capital and parallel or concentric with it, shall not exceed the following 
values when computed by formula (12) (in which d shall be taken as <2 — l| inches) : 

1. 0 . 03 / 0 , when at least 50 per cent of the total negative reinforcement in the col- 
umn strip passes directly over the column capital. 

2. 0.025/ e, when 25 per cent or less of the total negative reinforcement in the col- 
umn strip passes directly over the column capital. 

3. For intermediate percentages, intermediate values of the shearing unit stress 
shall be used. 


(&) In flat slabs, the shearing unit stress on a vertical section which lies at a dis- 
tance of f8 — li inches beyond the edge of the drop panel and parallel with it shall 
not exceed 0.03/ « when computed by formula (12) (in which d shall be taken as 
fs — 1 ^ inches). At least 50 per cent of the cross-sectional area of the negative rein- 
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foroemont in the column strip must be within the width of strip directly above the 
drop panel. 

308* Shear and Diagonal Tension in Footings, (a) In isolated footings the shear- 
ing unit stress computed by formula (12) on the critical section [see 1205(a)], shall 
not exceed 0.03/'c, nor in any case shall it exceed 75 p.s.i. 

BOND AND ANCHORAGE 

901* Computation of Bond Stress in Beams, (a) In flexural members in which 
the tensile reinforcement is parallel to the compression face, the bond stress at any 
cross section shall be computed by formula (16). 


in which V is the shear at that section. 

(6) Adequate end anchorage shall be provided for the tensile reinforcement in all 
flexural members to which formula (16) does not apply, such as footings, brackets 
and other tapered or stepped beams in which the tensile reinforcement is not parallel 
to the compression face. 

902. Ordinary Anchorage Requirements, (a) Tensile negative reinforcement in 
any span of a continuous, restrained, or cantilever beam, or in any member of a rigid 
frame shall be adequately anchored by bond, hooks or mechanical anchors in or 
through the supporting member. Within any such span every reinforcing bar shall 
be extended at least twelve diameters beyond the point at wliich it is no longer 
needed to resist stress. In cases where the length from the point of maximum tensile 
stress in the bar to the end of the bar is not sufiicient to develop this maximum stress 
by bond, the bar shall extend into a region of compression and be anchored by means 
of a standard hook or it shall be bent across the web at an angle of not less than 
15 degrees with the longitudinal portion of the bar and either made continuous with 
the positive reinforcement or anchored in a region of compression. 

(5) Of the positive reinforcement in continuous beams not less than one-fourth 
the area shall extend along the same face of the beam into the support a distance of 
ten or more bar diameters, or shall be extended as far as possible into the support 
and terminated in standard hooks, or other adequate anchorage. 

(c) In simple beams, or at the outer or freely supported ends of end spans of con- 
tinuous beams, at least one-half the positive reinforcement shall extend along the 
same face of the beam into the support a distance of twelve or more bar diameters, 
or shall be extended as far as possible into the support and terminated in standard 
hooks. 

903. Special Anchorage Requirements, (a) Where increased shearing or bond 
stresses are permitted because of the use of special anchorage (see Section 305), 
every bar shall be terminated in a standard hook in a region of compression, or it 
shall be bent across the web at an angle of not less than 15 degrees with the longi- 
tudinal portion of the bar and made continuous with the negative or positive re- 
inforcement. 

904. Anchorage of Web Reinforcement, (a) Single separate bars used as web 
reinforcement shall be anchored at each end by one of the following methods: 

1. Welding to longitudinal reinforcement. 

2. Hooking tightly around the longitudinal reinforcement through 180 degrees. 
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3. Embedment above or below the mid-depth of the beam on the compresaon 
side, a distance sufficient to develop the stress to which the bar will be subjected at 
a bond stress of not to exceed ,04f'e on plain bars nor .05/'c on deformed bars. 

4. Standard hook [see Section 906(a)], considered as developing 10, (KX) p.s.i., 
plus embedment sufficient to develop by bond the remainder of the stress to wMch 
the bar is subjected. The unit bond stress shall not exceed that specified in Table 
305(a). The effective embedded length shall not be assumed to exceed the distance 
between the mid-depth of the beam and the tangent of the hook. 

(6) The extreme ends of bars forming simple U or multiple stirrups shall be an- 
chored by one of the methods of Section 904(a) or shall be bent through an angle of 
at least 90 degrees tightly around a longitudinal reinforcing bar not less in diameter 
than the stirrup bar, and shall project beyond the bend at least twelve diameters of 
the stirrup bar. 

(c) The loops or closed ends of such stirrups shall be anchored by bending around 
the longitudinal reinforcement through an angle of at least 90 degrees, or by being 
welded or otherwise rigidly attached thereto. 

(d) Hooking or bending stirrups or separate web reinforcement bars around the 
longitudinal reinforcement shall be considered effective only when these bars are 
perpendicular to the longitudinal reinforcement. 

(c) Longitudinal bars bent to act as web reinforcement shall, in a region of tension, 
be continuous with the longitudinal reinforcement. The tensile stress in each bar 
shall be fully developed in both the upper and the lower half of the beam by one of 
the following methods: 

1. As specified in Section 904(a), (3). 

2. As specified in Section 904(a), (4). 

3. By bond, at a unit bond stress not exceeding Mf'c on plain bars nor .05/'c on 
deformed bars, plus a bend of radius not less than two times the diameter of the bar, 
parallel to the upper or lower surface of the beam, plus an extension of the bar of not 
less than twelve diameters of the bar terminating in a standard hook. This short 
radius bend extension and hook shall together not be counted upon to develop a 
tensile unit stress in the bar of more than 10,000 p.s.i. 

4. By bond, at a unit bond stress not exceeding .04/c on plain bars nor .05/'^ on 
deformed bars, plus a bend of radius not less than two times the diameter of the bar, 
parallel to the upper or lower surface of the beam and continuous with the longitudinal 
reinforcement. The short radius bend and continuity shall together not be counted 
upon to develop a tensile unit stress in the bar of more than 10,000 p.s.i. 

5. The tensile unit stress at the beginning of a bend may be increased from 10,000 
p.s.i. when the radius of bend is two bar diameters, at the rate of 1000 p.s.i. tension 
for each increase of one and one-half bar diameters in the radius of bend, provided 
that the length of the bar in the bend and extension is sufficient to develop this in- 
creased tensile stress by bond at the unit stresses given in Section 904(e), (3). 

(/) In all cases web reinforcement shall be carried as close to the compression 
surface of the beam as fireproofing regulations and the proximity of other steel will 
permit. 

906. Anchorage of Bars in Footing Slabs, (a) All bars in footing slabs shall be 
anchored by means of standard hooks. The outer faces of these hooks shall be not 
less than three inches nor more than six inches from the face of the footing. 
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906* Hooks, (a) The terms “hook” or “standard hook” as used herdn ahall mean 
either 

1. A complete semicircular turn with a radius of bend on the axis of the bar of not 
less than three and not more than six bar diameters, plus an extension of at least 
four bar diameters at the free end of the bar, or 

2. A 90-degree bend having a radius of not less than four bar diameters plus an 
extension of twelve bar diameters. 

Hooks having a radius of bend of more than six bar diameters shall be considered 
merely as extensions to the bars, and shall be treated as in Section 904(e), (6). 

(6) In general, hooks shall not be permitted in the tension portion of any beam 
except at the ends of simple or cantilever beams or at the freely supported ends of 
continuous or restrained beams. 

(c) No hook shall be assumed to carry a load which would produce a tensile stress 
in the bar greater than 10,000 p.s.i. 

(d) Hooks shall not be considered effective in adding to the compressive resistance 
of bars. 

(s) Any mechanical device capable of developing the strength of the bar without 
damage to the concrete may be used in lieu of a hook. Tests must be presented to 
show the adequacy of such devices. 


FLAT SLABS 

1000. Notation. 

A = The distance from the center line of the column, in the direction of any span, 
to the intersection of a 46-degree diagonal line from the center of the col- 
umn to the bottom of the flat slab or drop panel, where such line lies wholly 
within the column, capital, or bracket, provided such capital or bracket is 
structurally capable of resisting shears and moments without excessive 
unit stress. In no case shall A be greater than one-eighth the span in the 
direction considered. 

Aav “ Average of the two values of A for the two columns at the ends of a column 
strip, in the direction of the spans considered. 

c = Diameter or width of column capital at the under side of the slab or drop 
panel. No portion of the colunrn capital shall be considered for structural 
purposes which lies outside the largest right circular cone, with 90 degrees 
vertex angle, that can be included within the outlines of the colunrn capital. 

L ~ Span length of slab center to center of columns in the direction of which 
bending is considered. 

« Sum of the positive and the average negative bending moments at the critical 
design sections of a flat slab panel. See St^ction 1003(6). 

W = Total dead and live load uniformly distributwi over a single panel area. 

Wav The average of the total load on two adjacent panels. 

X « Coefl&cient of span L which gives the distance from the center of column to 
the critical section for negative bending in design according to Section 
1002(o). 

1001. Scope, (a) The term flat slab shall mean a reinforced concrete slab sup- 
ported by columns with or without flaring heads or column capitals, with or without 
depressed or drop panels and generally without beams or girders. 
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(&) Recesses or pockets in flat slab ceilings, located between reinforcing bars and 
forming cellular or two-way ribbed ceilings, whether left open or filled with permanent 
fillers, shall not prevent a slab from being considered a flat slab; but allowable unit 
stresses shall not be exceeded. 

(c) This chapter provides for two methods of design of flat slab structures. 

1. Any type of flat slab construction may be designed by application of the prin- 
ciples of continuity, using the method outlined in Section 1002, or using other recog- 
nized methods of elastic analysis. In either case, the design must be subject to the 
provisions of Sections 1005(a) and (c), 1006, 1008 and 1009. 

2. The common cases of flat slab construction described in Section 1003 may be 
designed by the use of moment coefficients, given in Sections 1003 and 1004, and 
subject to the provisions of Sections 1005, 1006, 1007, 1008 and 1009. 

1002. Design of Flat Slabs as Continuous Frames, (a) Except in the cases of 
flat slab construction where specified coefficients for bending may be used, as pro- 
vided in Section 1003, bending and shear in flat slabs and their supports shall be 
determined by an analysis of the structure as a continuous frame, and all sections 
shall be proportioned to resist the moments and shears thus obtained. In the analy- 
sis, the following assumptions may be made: 

1. The structure may be considered di^nded into a number of bents, each consisting 
of a row of columns and strips of supported slabs, each strip bounded laterally by 
the center line of the panel on either side of the row of columns. The bents shall 
be taken longitudinally and transversely of the building. 

2. Each such bent may be analyzed in its entirety; or each floor thereof and the 
roof may be analyzed separately with its adjacent columns above and below, the 
columns being assumed fixed at their remote ends. Where slabs are thus analyzed 
separately, in bents more than four panels long, it may be assumed in determining 
the bending at a gpven support that the slab is fixed at any support two panels distant 
therefrom beyond which the slab continues. 

3. The joints between columns and slabs may be considered rigid and this rigidity 
may be assumed to extend in the slabs a distance A from the center of the columns, 
and in the column to the intersection of the sides of the column and the 45-degree 
line defining A. The change in length of columns and slabs due to direct stress, and 
deflections due to shear, may be neglected. Where metal column capitals are used, 
account may be taken of their contributions to stiffness and resistance to bending 
and shear. 

4. The supporting columns may be assumed free from settlement or lateral move- 
ment unless the amount thereof can be reasonably determined. 

5. The moment of inertia of slab or column at any cross section may be assumed 
to be that of the gross section of the concrete. Variation in the moments of inertia 
of the slabs and columns along their axes shall be taken into account. 

6. Where the load to be supported is definitely known, the structure shall be an- 
alyzed for that load. Where the live load is variable but does not exceed three- 
quarters of the dead load, or the nature of the live load is such that all panels will 
be loaded simultaneously, the maximum bending may be assumed to obtain at all 
sections under full live load. Elsewhere, maximum positive bending near mid-span 
of a panel may be assumed to obtain under full live load in the panel and in alternate 
pan^; and maximum negative bending at a support may be assumed to obtain 
under full live load in the adjacent panels only. 
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7. Where neither beams nor girders help to transfer the slab load to the supporting 
oolumU) the critical section for negative bending may be assumed as not more 

the distance xL from the column center, where 

1=0.073+0.674 (17) 

L 

In slabs supported by beams, girders, or walls, the critical section for negative bend- 
ing shall be assumed at the face of such support. 

8. The numerical sum of the maximum positive and the average maximum nega- 
tive bending moments for wliich provision is made in the design in the direction of 
either side of a rectangular panel shall be assumed as not less than 



9. The bending at critical sections across the slabs of each bent may be appor- 
tioned between the column strip and middle strip, as defined in Section 1005, in the 
ratio of the specified coefficients which affect such apportionment in the special cases 
of flat slabs provided for in Section 1003. 

10. The maximum bending in columns may be assumed to obtain under full live 
load in alternate panels. Columns shall be proportioned to resist the maximum 
bending combined with the maximum direct load consistent therewith; and for 
maximum direct load combined with the bending under full load, the direct load 
subj ect to allowable reductions, in the manner provided in Chapter 11. In computing 
moments in columns at any floor, the far ends of the columns may be considered fixed. 

(6) The foregoing provisions outline the method to be followed in analyzing and 
designing flat slabs in the general case. In all instances the design must conform to 
the requirements for panel strips and critical design sections, slab thickness and drop 
panels, capitals and brackets, arrangement of reinforcement and openings in flat 
slabs, as provided in Sections 1006(a) and (c), 1006, 1008 and 1009. 

1003. Design of Flat Slabs by Moment Coefficients, (a) In those cases of flat 
slab construction which fall within the following limitations as to continuity and 
dimensions, the bending moments at critical sections may be determined by the use 
of specified coefficients as provided in Section 1004. 

1. The ratio of length to width of panel does not exceed 1.33. 

2. The slab is continuous for at least three panels in each direction. 

3. The successive span lengths in each direction cKffer by not more than twenty 
per cent of the shorter span. 

(b) In such slabs, the numerical sum of the positive and negative bending moments 
in the direction of either side of an interior rectangular panel shall be assumed as not 
less than 

Mo - 0.09 WL 

(c) Three-fourths of the width of the strip shall be taken as the width of the sec- 
tion in computing compression due to bending, exo6|)t that, on a section through a 
drop panel, three-fourths of the width of the drop panel shall be taken. Account 
sh^ be taken of any recesses which reduce the compressive area. Tension reinforce- 
ment distributed over the entire strip shall be included in the computations. 

(d) The design of slabs imder the procedure given in this section is subject to the 
provisions of all subsequent sections of this chapter (Sections 1004 to 1009). 
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1004. Bending Moment Coefficients, (a) The bending moments at the critical sec- 
tions of the middle and column strips of an interior panel shall be assumed as given 
in Table 1004(o). 

(6) The bending moments at critical sections of strips, in an exterior panel, at 
right angles to the discontinuous edge^ where the exterior supports consist of rein- 
forced concrete columns or reinforced concrete bearing walls integral with the slab, 
the ratio of stiffness of the support to that of the slab being at least as great as the 
ratio of the live load to the dead load and not less than one, shall be assumed as 
given in Table 1004(h). Where a flat slab is so supported by a wall providing restraint 
at the discontinuous edge, the coefl^cient for negative bending at the edge shall be 
assumed more nearly equal in the column and middle strips, the sum remaining as 
given in Table 1004 (h), but that for the column strip shall not be less than O.SOMo. 
Bending in middle strips parallel to a discontinuous edge, except in a comer panel, 
shall be assumed the same as in an interior panel. Mo shall be determined as provided 
in Section 1003(5) for an interior panel. 

(c) The bending moments at critical sections of strips, in an exterior panel, at 
right angles to the discontinuous edge, where the exterior supports are masonry 
bearing walls or other construction which provide only negligible restraint to the 
slab, shall be assumed as given in Table 1004(5) with the following modifications. 

1. On critical sections at the face of the exterior support, negative bending in each 
strip shall be assumed as 0.05Mo. 

2. The coefficients for positive bending shall be increased by forty per cent. 

3. The coefficients for negative bending at the fiirst interior columns shall be in- 
creased thirty per cent. 

(d) The bending moments in panels with marginal beams or walls, in the strips 
parallel and close the];eto, and in the beams, shall be determined upon the basis of 
assumptions presented in Table 1004(c). 

(c) For design purposes any of the moment coefficients of Tables 1004(a), 1004(5), 
and 1004(c) may be varied by not more than six per cent, but the numerical sum of 
the positive and negative moments in a panel shall not be taken as less than the 
amount specified. 

(/) Panels supported by marginal beams on opposite edges shall be designed as 
solid one or two-way slabs to carry the entire panel load. 

{g) The ratio of reinforcement in any strip shall not be less than 0.0025. 


General Requirements 

1006. Panel Strips and Critical Design Sections, (a) A flat slab panel shall be 
considered as consisting of strips in each direction as follows: 

A middle strip one half panel in width, symmetrical about panel center line and 
extending through the panel in the direction of the span for bending. 

A column strip consisting of the two adjacent quarter-panels either side of the 
column center lines. 

(5) The critical sections for bending are located as follows: 

Sections for negative bending shall be taken along the edges of the panel, on col- 
umn center lines between capitals and around the perimeters of column capitals. 

Sections for positive bending shall be taken at mid-span of the strips. 
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With drop panel 


■miiH 

Column strip 

Ne^tive moment 
Positive moment 


Middle strip 

Nei^ative moment 
Positive moment 


Without drop panel 



Coliunn strip 

Negative moment 
Positive moment 

1 

ii 

■ 

Middle strip 

Negative moment 
Positive moment 



Table 1004(6). Bending Moments in Exterior Flat Slab Panel 


With drop panel 



Column strip 

Exterior negative 

0.46Ma 

Positive moment 

0.26Mo 


Interior negative 

0.55Jl/o 

Middle strip 

Exterior negative 

O.lOAfo 

Positive moment 

O.lQAfo 


Interior negative 

O.I 66 M 0 

Without drop panel 


Column strip 

Exterior negative 

O. 4 IM 0 

Positive moment 

O. 2 BM 0 


Interior negative 

O.SOAfo 

Middle strip 

Exterior negative 

O.lOMo 

Positive moment 

O. 2 OM 0 


Interior negative 

O.mUo 


Table 1004(c). Bending Moments in Panels with Marginal Beams or Walls 




Marginal Beams with 

Marginal Beams 



Depth Greater than l| 

with Depth 



Times the 

Slab Thick- 

Times ’ 

the Slab 



ness; or Bearing Wall 

Tliickness or Less 

(a) Load to be carried by 


Loads directly superim- 

Loads 

directly 

marginal beam or wall 


posed upon 

it plus a 

superimposed 


uniform load equal to 
one^uarter of the total 

upon it exclusive 
of any panel load 




live and dead panel load 





With 

Without 

With 

Without 



Drop 

Drop 

Drop 

Drop 

(b) Moment to be used in 






the design of half col> 
umn strip adjacent and 

Neg. 

0.126A/<, 

0.115Afa 

0.25Mo 

0.23Jlfo 

parallel to marginal 
beam or wall 

Pos. 

O.OBMo 

O.OSSJf. 

O.lOAfo 

O.llMo 

(c) Negative moment to be 






used in design of middle 
strip continuous across a 

Neg. 

O.I 95 M 0 

0.208J»f, 

0.15Mo 

O.ieAfo 

beam or wall 
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(c) Only the reinforcement which orossee a critical section within a strip may be 
considered effective to resist bending in the strip at that section. Reinforcement 
which crosses such section at an angle with the center-line of the strip shall be as- 
sumed to contribute to the resistance of bending only its effective area in the direc- 
tion of the strip, as defined in Chapter 1. 

1006. Slab Thidmess and Drop Panels, (a) The thickness of a flat slab and the 
size and thickness of the drop panel, where used, shall be such that the compressive 
stress due to bending at the critical sections of any strip and the shear about the col- 
umn capital and the drop panel shall not exceed the unit stresses allowed in concrete 
of the quality used. 

(&) The shearing stresses in the slab outside the capital or drop panel shall be 
computed as provided in Section 807. 

(c) Slab thickness shall not, however, be less than 

~ with drop panels 
or 

L 

~ without drop panels 

oO 

(d) The thickness of the drop panel below the slab shall not be more than one- 
fourth the distance from the edge of the column capital to the edge of the drop panel. 

1007. Capitals and Brackets, (a) Where a column is without a flaring concrete 
capital the distance c shall be taken as the diameter of the column. Structural metal 
embedded in the slab or drop panel may be regarded as contributing to resistance in 
bending and shear. 

(6) Where a reinforced concrete beam frames into a column without capital or 
bracket on the same side with the beam, the value of c may be taken as the width 
of the column plus twice the projection of the beam above or below the slab or drop 
panel for computing bending in strips parallel to the beam. 

(c) Brackets capable of transmitting the negative bending and the shear in the 
column strips to the columns without excessive unit stress may be substituted for 
column capitals at exterior columns. The value of c where brackets are used shall 
be taken as twice the distance from the center of the column to a point where the 
bracket is 1^ inches thick, but not more than the thickness of the column plus twice 
the depth of the bracket. 

(d) The average of the diameters c of the column capitals at the four comers of a 
panel shall be used in determining the bending in the middle strips of the panel. 
The average of the diameters c of the two column capitals at the ends of a column 
strip shall be used in determining bending in the strip. 

1008. Arrangement of Reinforcement, (a) Slab reinforcement shall be provided 
to resist the bending and bond stresses not only at critical sections, but also at inter* 
mediate sections. 

(b) Bare shall be spaced evenly across strips or bands and the spacing shall not 
exceed three times the slab thickness. 

(c) In exterior panels the reinforcement perpendicular to the discontinuous edge 
for positive bending, shall extend to the edge and have embedment of at least six 
inches in spandrel beams, walls or columns. All such reinforcement for negative 
bending shAU be bent, hooked or otherwise anchored in spandrel beams, walls or 
columns. 
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1009« Openings in Flat Slabs. Openings of any size may be cut through a flat 
slab if proyision is made for the total positive and negative resisting moments, as 
required in Section 1002 or 1003, without exceeding the allowable stresses as given 
in Sections 805 and 306. 


reinforced concrete columns and walls 


1100. Notation. 


Ac 

Ai 

Ar 

Ac 

C 


D 


d 


F 

fa 

fc 

f'c 

fp 

fr 

f'r 

f. 

h 

K 

n 

N 

P' 

Pi 

P 

P' 

R 


** Area of core of a spirally reinforced colunrn measured to the outside diameter 
of the spiral^ net area of concrete section of a composite column. 

*= The overall or gross area of spirally reinforced or tied columns; the total area 
of the concrete encasement of combination columns. 

« Area of the steel or cast-iron core of a composite column; the area of the steel 
core in a combination column. 


Effective cross-sectional area of reinforcement in compression in columns. 
Ratio of allowable concrete stress, /a, in axially loaded column to allowable 
fiber stress for concrete in flexure, 
p 

= a factor, usually varying from 3 to 9. (The term R as used here is the 


radius of gyration of the entire column section.) 

«= The least lateral dimension of a concrete column. 

* Eccentricity of the resultant load on a column, measured from the gravity axis. 

Yield point of pipe ^ , 

* — IL. [See Section 1106(6).] 

45,000 

= Average allowable stress in the concrete of an axially loaded reinforced concrete 
column. 

= Computed concrete fiber stress in an eccentrically loaded column. 

= Ultimate compressive strength of concrete at age of 28 days, unless otherwise 
specified. 

« Maximum allowable concrete fiber stress in an eccentrically loaded column. 

« Allowable unit stress in the metal core of a composite column. 

— Allowable unit stress on unencased steel columns and pipe columns. 

= Nominal working stress in vertical column reinlorcement. 

= Useful limit stress of spiral reinforcement. 

= Unsupported length of column. 

** Least radius of gyration of a metal pipe section (in pipe columns). 

30,000 

as — — 

f’c 

B Axial load applied to reinforced concrete column. 

« Ratio of volume of spiral reinforcement to the volume of the concrete core 
(out to out of spirals) of a spirally reinforc^ concrete column. 

=* Ratio of the effective cross-sectional area of vertical reinforcement to the gross 
area Ag. 

«* Total allowable axial load on a column whose length does not exceed ten times 
its least cross-sectional dimension. 

Total allowable axial load on a long column. 

* Least radius of gyration of a section. 

« Overall depth of column section. 
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llQI. Limiting Dimensions, (a) The following sections on reinforced concrete and 
composite columns, except Section 1107(a), apply to a short column for which the 
unsupported length is not greater than ten times the least dimension. When the 
unsupported length exceeds this value, the design shall be modified as shown in 
Section 1107(a). Principal columns in buildings shall have a minimum diameter of 
twelve inches, or in the case of rectangular columns, a minimum thickness of ten 
inches, and a minimum gross area of 120 square inches. Posts that are not continu- 
ous from story to story shall have a minimum diameter or thickness of six inches. 

1102. Unsupported Length of Columns, (a) For purposes of determining the 
limiting dimensions of columns, the unsupported length of reinforced concrete col- 
umns shall be taken as the clear distance between fioor slabs, except that 

1. In flat slab construction, it shall be the clear distance between the floor and the 
lower extremity of the capital. 

2. In beam and slab construction, it shall be the clear distance between the floor 
and the under side of the deeper beam framing into the column in each direction 
at the next higher floor level. 

3. In columns restrained laterally by struts, it shall be the clear distance between 
consecutive struts in each vertical plane; provided that to be an adequate support, 
two such struts shall meet the column at approximately the same level, and the angle 
between vertical planes through the struts shall not vary more than 16 degrees from 
a right angle. Such struts shall be of adequate dimensions and anchorage to restrain 
the column against lateral deflection. 

4. In colunms restrained laterally by struts or beams, with brackets used at the 
junction, it shall be the clear distance between the floor and the lower edge of the 
bracket, provided that the bracket width equals that of the beam or strut and is at 
least half that of the column. 

(6) For rectangular columns, that length shall be considered which produces the 
greatest ratio of length to depth of section. 

1103. Spirally Reinforced Columns, (a) Allowable Load. The maximiun allow- 
able axial load, P, on columns with closely spaced spirals enclosing a circular concrete 
core reinforced with longitudinal bars shall be that given by formula (20). 

F«Aa0.226A+/,p«) (20) 

Wherein Ag • ** the gross area of the column 

/ c » compressive strength of the concrete 

/, « nominal working stress in vertical column reinforcement, to be taken 
at forty per cent of the minimum specification value of the yield 
point; viz., 16,000 p.s.i. for intermediate grade steel and 20,000 
p.s.i. for rail or hard grade steel.® 

Pg ratio of the effective cross-sectional area of vertical reinforcement to 
the gross area, Ag. 

(f>) Vertical Reinforcement, The ratio Pg shall not be less than 0.01 nor more than 
0.08. The minimum number of bars shall be six, and the minimum diameter shall 

• Nominal working stresses for reinforcement of higher yield point may be estab- 
lished at forty per cent of the yield point stress, but not more than 30,000 p.s.i., 

when the properties of such reinforcing steels have been definitely specified by stand- 
ards of A.S.T.M. designation. If this is done, the lengths of splice required by 
Section 1103(c) shall be increased accordingly. 
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be f inch. The center to center spacing of bars within the periphery of the column 
core shall not be less than 2 j times the diameter for round bars or three times the 
side dimension for square bars. The clear spacing between bars shall not be less 
than 1 J inches or 1 J times the maximum size of the coarse aggregate used. These 
spacing rules also apply to adjacent pairs of bars at a lapped splice; each pair of 
lapped bars forming a splice may be in contact, but the minimum clear spacing 
between one splice and the adjacent splice should be that specified for adjacent single 
bars. 

(c) Splices in Vertical Reinforcement. Where lapped splices in the column verticals 
are used, the minimum amount of lap shall be as follows: 

1. For deformed bars — with concrete having a strength of 3000 p.s.i. or above, 
twenty-four diameters of bar of intermediate grade steel and thirty diameters of bar 
of hard grade steel. For bars of higher yield point, the amount of lap shall be in- 
creased in proportion to the nominal working stress. When the concrete strengths 
are less than 3000 p.s.i., the amount of lap shall be one-third greater than the values 
given above. 

2. For plain bars — the minimum amount of lap shall be twenty-five per cent greater 
than that specified for deformed bars. 

3. Welded splices or other positive connections may be used instead of lapped 
splices. Welded splices shall preferably be used in cases where the bar diameter 
exceeds ij inch. An approved welded splice shall be defined as one in which the 
bars are butted and welded and that will develop in tension at least the yield point 
stress of the reinforcing steel used. 

4. Where changes in the cross section of a column occur, the longitudinal bars 
shall be offset in a region where lateral support is afforded by a concrete capital, 
floor slab or by metal tics or reinforcing spirals. Where bars are offset, the slope of 
the inclined portion from the axis of the column shall not exceed 1 in 6 and the bars 
above and below the offset shall be parallel to the axis of the column. 

(d) Spiral Reinforcement. The ratio of spiral reinforcement, p\ shall not be less 
than the value given by formula (21). 

Wherein p' - ratio of volume of spiral reinforcement to the volume of the concrete 
core (out to out of spirals). 

== useful limit stress of spiral reinforcement, to be taken as 40,000 p.s.i. 
for hot rolled rods of intermediate grade, 60,000 p.s.i. for rods of 
hard grade, and 60,000 p.s.i. for cold drawn wire. 

The spiral reinforcement shall consist of evenly spaced continuous spirals held firmly 
in place and true to line by at least three vertical B|)acer bars. The spirals shall be 
of such size and so assembled as to permit handling and placing without being dis- 
torted from the designed dimensions. The material used in spirals shall have a min- 
imum diameter of J inch for rolled bars or No. 4 W. ft M. gage for drawn wire. An- 
chorage of spiral reinforcement shall be provided by extra turns of spiral rod or 
wire at each end of the spiral unit. Splices, when necessary shall be made in spiral 
rod or wire by welding or by a lap of turns. The center to center spacing of the 
spirals shall not exceed one-sixth of the core diameter. The clear spacing between 
spirals shall not exceed 3 inches nor be less than if inches or if times the maximum 
size of coarse aggregate used. The reinforcing spiral shall extend from the floor level 
in any story or from the top of the footing in the basement, to the level of the lowest 
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horizontal reinforcement in the slab, drop panel or beam above. In a column with a 
capital, it shall extend to a plane at which the diameter or width of the capital is 
twice that of the column. 

(e) Protection of Reinforcement The column reinforcement shall be protected 
everywhere by a covering of concrete cast monohthically with the core, for which 
the thickness shall not be less than inches nor less than times the maximum 
size of the coarse aggregate, nor shall it be less than required by the fire protection 
and weathering provisions of Section 507. 

(/) Isolated CciLumn with MvUiple Spirals. In case two or more interlocking spirals 
are used in a colunm, the outer boundary of the column shall be taken as a rectangle 
of which the sides are outside the extreme limits of the spiral at a distance equal to 
the requirements of Section 1103(c). 

(g) Limits of Section of Column Built Monolithically with Wall. For a spiral col- 
umn built monolithically with a concrete wall or pier, the outer boundary of the 
column section shall be taken either as a circle at least l| inches outside the column 
spiral or as a square or rectangle of which the sides are at least 1 J inches outside the 
spiral or spirals. 

(h) Equivalent Circvlar Columns. As an exception to the general procedure of 
utilizing the full gross area of the column section, it shall be permissible to design a 
circular column and to build it with a square, octagonal, or other shaped section of 
the same least lateral dimension. In such case, the allowable load, the gross area 
considered, and the required percentages of reinforcement shall be taken as those 
of the circular column. 

1104. Tied Columns, (a) Allowable Load. The maximum allowable axial load 
on columns reinforced with longitudinal bars and separate lateral ties shall be 80 
per cent of that given by formula (20). The ratio, pgf to be considered in tied col- 
umns shall not be less than 0.01 nor more than 0.04. The longitudinal reinforcement 
shall consist of at least four bars, of minimum diameter of f inch. Splices in rein- 
forcing bars shall be made as described in Section 1103(c). 

(b) Lateral Ties. Lateral ties shall be at least f inch in diameter and shall be 
spaced apart not over 16 bar diameters, 48 tie diameters or the least dimension of 
the column. When there are more than four vertical bars, additional ties shall be 
provided so that every longitudinal bar is held firmly in its designed position and has 
lateral support equivalent to that provided by a 90-degree corner of a tie. 

(c) Limits of Column Section. In a tied column which for architectural reasons has 
a larger cross section than required by considerations of loading, a reduced effective 
area, Ag, not less than one-half of the total area may be used in applying the provisions 
of Section 1104(a). 

1106. Composite Columns, (a) Allowable Load. The allowable load on a com- 
posite column, consisting of a structural steel or cast-iron column thoroughly encased 
in concrete reinforced with both longitudinal and spiral reinforcement, shall not 
exceed that given by formula (22). 

P « 0.226 Acf'c +/.A. +frAr (22) 

Wherein Ae « net area of concrete section 
=* Ag — Ag Ar 

Ag » cross-sectional area of longitudinal bar reinforcement. 

Ar cross-sectional area of the steel or cast-iron core. 

fr » allowable unit stress in metal core, not to exceed 16,000 p.s.i. for a 
steel core; or 10,000 p.8.i. for a cast-iron core. 

The remaining notation is that of Section 1103. 
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(6) Details of Metal Core and Reinforcement, The crosGhsectional area of the metal 
core shall not exceed 20 per cent of the gross area of the column. If a hollow metal 
core is used it shall be filled with concrete. The amounts of longitudinal and spiral 
reinforcement and the requirements as to spacing of bars, details of splices and thick- 
ness of protective shell outside the spiral shall conform to the limiting values specified 
in Section 1103(b), (c) and (d). A clearance of at least three inches shall be main- 
tained between the spiral and the metal core at all points except that when the core 
consists of a structural steel H-column, the minimum clearance may be reduced to 
two inches. 

(c) Splices and Connections of Metal Cores, Metal cores in composite columns 
shall be accurately milled at splices and positive provision shall be made for align- 
ment of one core above another. At the column base, provision shall be made to 
transfer the load to the footing at safe unit stresses in accordance with Section 305(a). 
The base of the metal section shall be designed to transfer the load from the entire 
composite column to the footing, or it may be designed to transfer the load from the 
metal section only, provided it is so placed in the pier or pedestal as to leave ample 
section of concrete above the base for the transfer of load from the reinforced con- 
crete section of the column by means of bond on the vertical reinforcement and by 
direct compression on the concrete. Transfer of loads to the metal core shall be 
provided for by the use of bearing members such as billets, brackets or other positive 
connections; these shall be provided at the top of the metal core and at intermediate 
floor levels where required. The column as a whole shall satisfy the requirements of 
formula (22) at any point; in addition to this, the reinforced concrete portion shall 
be designed to carry, in accordance with formula (20), aU floor loads brought onto 
the column at levels between the metal brackets or connections. In applying for- 
mula (20), the value of Ag shall be interpreted as the area of the concrete section 
outside the metal core, and the allowable load on the reinforced concrete section 
shall be further limited to 0.35/'oAg. Ample section of concrete and continuity of 
reinforcement shall be provided at the junction with beams or girders. 

(d) Alloujahle Load on Metal Core Only, The metal cores of composite columns 
shall be designed to carry safely any construction or other loads to be placed upon 
them prior to their encasement in concrete. 

1106. Combination Columns, (a) Steel Columns Encased in Concrete. The allow- 
able load on a structural steel column which is encased in concrete at least 2^ inches 
thick over all metal (except rivet heads) reinforced aa hereinafter specified, shall be 
computed by formula (23). 



Wherein At « cross-sectional area of steel column. 

/'r — allowable stress for unencased steel Column. 

Ag *= total area of concrete section. 

The concrete used shall develop a compressive strength, / c, of at least 2000 p.s.i. 
at 28 days. The concrete shall be reinforced by the equivalent of welded wire mesh 
having wires of No. 10 W. and M. gage, the wires encircling the column being spaced 
not more than four inches apart and those parallel to the column axis not more than 
eight inches apart. This mesh shall extend entirely around the column at a distance 
of one inch inside the outer concrete surface and shall be lapnapliced at least forty wire 
diameters and wired at the splice. Special brackets shall be used to receive the entire 
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floor load at each floor level. The steel column shall be designed to carry safely any 
construction or other loads to be placed upon it prior to its encasement in concrete. 

(b) Pipe Columns, The allowable load on columns consisting of steel pipe filled 
with concrete shall be determined by formula (24). 

P * 0.225/'oAc +/Ur (24) 

The value of f'r shall be given by formula (25). 

!]'■ '®> 

» allowable unit stress in metal pipe. 

« unsupported length of column. 

=s least radius of gyration of metal pipe section. 
yield point of pipe 
45,000 

If the yield point of the pipe is not known, the factor F shall be taken as 0.5. 

1107. Long Columns, (o) The maximum allowable load, P', on axially loaded 
reinforced concrete or composite columns having a length, h, greater than ten times 
the least lateral dimension, d, shall be given by formula (26). 

5] ™ 

where P is the allowable axial load on a short column as given by formulas (20) and 

( 22 ). 

h 

The maximum allowable load, P', on eccentrically loaded columns in which - 

a 

exceeds ten shall also be given by formula (26), in which P is the allowable eccentri- 
cally applied load on a short column as determined by the provisions of Sections 1109 
and 1110. In long columns subjected to definite bending stresses, as determined in 
h 

Section 1108, the ratio - shall not exceed twenty. 
d 

1108* Bending Moment in Columns, (a) The bending moments in the columns 
of all reinforced concrete structures shall be determined on the basis of loading condi- 
tions and restraint and shall be provided for in the design. When the stiffness and 
strength of the columns are utilized to reduce moments in beams, girders, or slabs, 
as in the case of rigid frames, or in other forms of continuous construction wherein 
column moments are unavoidable, they shall be provided for in the design. In 
building frames, particular attention shall be given to the effect of unbalanced fioor 
loads on both exterior and interior columns and of eccentric loading due to other 
causes. Wall columns shall be designed to resist moments produced by 

1. Loads on all floors of the building 

2. Loads on a single exterior bay at two adjacent fioor levels, or 

3. Loads on a single exterior bay at one fioor level 

Kosistance to bending moments at any fioor level shall be provided by distributing 
the moment between the columns immediately above and below the given floor in 
proportion to their relative stiffnesses and conditions of restraint. 


P' 


* 1.3 -- .03 


Wherein /V 
h 

, K 
F 




r = [18,' 


,000 - 70 
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1109* DotermiiiAtioii of Coxnbined Axial and Bonding Strossos. (a) In a rein* 
forced concrete column, designed by the methods of this chapter, which is (1) sym- 
metrical about two perpendicular planes through its axis and (2) subject to an axial 
load, Nf combined with bending in one or both of the pln-nAa of symmetry (but with 
the ratio of eccentricity to depth, e/tf no greater than 1.0 in either plane), the com- 
bined fiber stress in compression may be computed on the basis of recognized theory 
applying to uncracked sections, using formula (27). 




Ji 





1 + (n - l)pg. 


(27) 


Equating this calculated stress, fc, to the allowable stress, fp, in formula (29), it 
follows that the column can be designed for an equivalent axial load, P, as given by 
formula (28).* 



(28) 


De 

When bending exists on both axes of symmetry, the quantity — is to be computed 

t 

De 

as the numerical sum of the — quantities in the two directions. 

t 


(b) For columns in which the load, N, has an eccentricity, e, greater than the col- 
umn depth, or for beams subject to small axial loads, the determination of the fiber 
stress fo shall be made by use of recognized theory for cracked sections, based on the 
assumption that no tension exists in the concrete. For such cases the tensile steel 
stress shall also be investigated. 

1110. Allowable Combined Axial and Bending Stress, (a) For spiral and tied 
columns, eccentrically loaded or otherwise subjected to combined axial compression 
and flexural stress, the maximum allowable compressive stress, /p, is given by for- 
mula (29). _ 

De' 



Wherein the notation is that of Sections 1103 and 1109, and, in addition/® is the 
average allowable stress in the concrete of an axially loaded reinforced concrete 
column, and C is the ratio of /« to the allowable fiber stress for members in flexure. 

Thus fa = — for spiral columns and 0.8 of this value for tied columns, 

1 -f (n — l)p 

and C . 

0.45/'® 

1111. Wind Stresses, (a) When the allowable stress in columns is modified to 
provide for combined axial load and bending, and the stress due to wind loads is 


« For approximate or trial computations, D may be taken as eight for a drcular 
spiral column and five for a rectangular tied or spiral column. 
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also added, the total shall still come within the allowable values specified for wind 
loads in Section 603(c). 

1112. Reinforced Concrete Walls, (a) The allowable working stresses in rein- 
forced concrete bearing walls with minimum reinforcement as required by Section 
1112(i), shall be 0.25/ c for walls having a ratio of height to thickness of ten or less, 
and shall be reduced proportionally to 0.16/c for walls having a ratio of height to 
thickness of twenty-five. When the reinforcement in bearing walls is designed, placed 
and anchored in position as for tied columns, the allowable working stresses shall be 
on the basis of Section 1104, as for columns. In the case of concentrated loads, the 
length of the wall to be considered as effective for each shall not exceed the center to 
center distance between loads, nor shall it exceed the width of the bearing plus four 
times the wall thickness. The ratio jig shall not exceed 0.04. 

(6) Walls shall be designed for any lateral or other pressure to which they are 
subjected. Proper provision shall be made for eccentric loads and wind stresses. 
In such designs the allowable stresses shall be as given in Sections 305(a) and 603(c). 

(c) Panel and enclosure walls of reinforced concrete shall have a thickness of not 
less than five inches and not less than one thirtieth the distance between the sup- 
porting or enclosing members. 

(d) Bearing walls of reinforced concrete in building of fire-resistive construction 
shall be not less than six inches in thickness for the uppermost fifteen feet of their 
height; and for each successive twenty-five feet downward, or fraction thereof, the 
minimum thickness shall be increased one inch. In two story dwellings the walls 
may be six inches in thickness throughout. 

(e) In buildings of non-fire resistive construction bearing walls of reinforced con- 
crete shall not be less than one and one-third times the thickness required for build- 
ings of fire-resistive construction, except that for dwellings of two stories or less in 
height the thickness of walls may be the same as specified for buildings of fire-resistive 
construction. 

(/) Exterior basement walls, foundation walls, fire walls and party walls shall not 
be less than eight inches thick whether reinforced or not. 

(ff) Beinforoed concrete bearing walls shall have a thickness of at least one twenty- 
fifth of the unsupported height or width, whichever is the shorter; provided, however, 
that approved buttresses, built-in columns, or piers designed to carry all the vertical 
loads, may be used in lieu of increased thickness. 

(h) Reinforced concrete walls shall be anchored to the floors, columns, pilasters, 
buttresses and intersecting walls with reinforcement at least equivalent to three- 
eighths inch round bars twelve inches on centers, for each layer of wall reinforcement. 

(t) Reinforced concrete walls shall be reinforced with an area of steel in each direc- 
tion, both vertical and horizontal, at least equal to 0.0025 times the cross-sectional 
area of the wall, if of bars, and 0.0018 times the area if of electrically welded wire 
fabric.’ The wire of the welded fabric shall be of not less than No. 10 W. A M. gage. 
Walls more than ten inches in thickness shall have the reinforcement for each direc- 
tion placed in two layers parallel with the faces of the wall. One layer consisting 
of not less than one-half and not more than two-thirds the total required shall be 
placed not less than two inches nor more than one-third the thickness of the wall 
from the exterior surface. The other layer, comprising the balance of the required 
reinforcement, shall be placed not less than three-fourths inches and not more than 
one-third the thickness of the wall from the interior surface. Bars, if used, shall not 
be less than the equivalent of three-eighths inch round bars, nor shall they be spaced 

’ Expanded metal has been omitted unril a specification can be formulated 
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more than eighteen inches on centers. Welded wire * reinforcement for walls 
be in fiat sheet form. 

(j) In addition to the minimum as prescribed in 1112(t) there shall be not less 
than two five-eighths inch diameter bars around all window or door openings. Such 
bars shall extend at least twenty-four inches beyond the corner of the openings. 

(k) Where reinforced concrete bearing walls consist of studs or ribs tied together 
by reinforced concrete members at each fioor level, the studs may be considered as 
columns, but the restrictions as to minimum diameter or thickness of columns fibw.!! 
not apply. 

FOOTINGS 

1201. Scope, (a) The requirements prescribed in Sections 1202 to 1209 apply 
only to isolated footings.* 

1202. Loads and Reactions, (a) Footings shall be proportioned to sustain the 
applied loads and induced reactions without exceeding the allowable stresses as pre- 
scribed in Sections 305 and 306, and as further provided in Sections 1206, 1206 and 
1207. 

(6) In cases where the footing is concentrically loaded and the member being 
supported does not transmit any moment to the footing, computations for moments 
and shears shall be based on an upward reaction assumed to be uniformly distributed 
per unit area or per pile and a downward applied load assumed to be uniformly 
distributed over the area of the footing covered by the column, pedestal, wall, or 
metallic column base. 

(c) In cases where the footing is eccentrically loaded and/or the member being 
supported transmits a moment to the footing, proper allowance shall be made for 
any variation that may exist in the intensities of reaction and applied load consistent 
with the magnitude of the applied load and the amount of its actual or virtual 
eccentricity. 

(d) In the case of footings on piles, computations for moments and shears may be 
based on the assumption that the reaction from any pile is concentrated at the center 
of the pile. 

1203. Sloped or Stepped Footings, (a) In sloped or stepped footings, the angle 
of slope or depth and location of steps shall be such that the allowable stresses are 
not exceeded at any section. 

(b) In sloped or stepped footings, the effective cross-section in compression shall 
be limited by the area above the neutral plane. 

(c) Sloped or stepped footings shall be cast as a unit. 

1204. Bending Moment, (a) The external moment on any section shall be deter- 
mined by passing through the section a vertical ptene which extends completely 
across the footing, and computing the moment of the forces acting over the entire 
area of the footing on one side of said plane. 

(5) The greatest bending moment to be used in t^e design of an isolated footing 
shall be the moment computed in the manner prescribed in Section 1204(a) at sec- 
tions located as follows: 

1. At the face of the column, pedestal or wall, for footings supporting a concrete 
column, pedestal or wall. 

• See footnote 7. 

* The committee is not prepared at this time to make recommendations for com- 
bined footings — those supporting more than one column or wall. 
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2. Halfway between the middle and the edge of the wall, for footings under mas- 
onry walls. 

3. Halfway between the face of the column or pedestal and the edge of the metallic 
base, for footings under metallic bases. 

(c) The width resisting compression at any section shall be assumed as the entire 
width of the top of the footing at the section under consideration. 

(d) In one-way reinforced footings, the total tensile reinforcement at any section 
shall provide a moment of resistance at least equal to the moment computed in the 
manner prescribed in Section 1204(a); and the reinforcement thus determined shall 
be distributed uniformly across the full width of the section. 

(e) In two-way reinforced footings, the total tensile reinforcement at any section 
shall provide a moment of resistance at least equal to eighty-hve per cent of the mo- 
ment computed in the manner prescribed in Section 1204(a); and the total reinforce- 
ment thus determined shall be distributed across the corresponding resisting section 
in the manner prescribed for square footings in Section 1204(/), and for rectangular 
footings in Section 1204 (p). 

(/) In two-way square footings, the reinforcement extending in each direction shall 
be distributed uniformly across the full width of the footing. 

(g) In two-way rectangular footings, the reinforcement in the long direction shall 
be distributed uniformly across the full width of the footing. In the case of the rein- 
forcement in the short direction, that portion determined by formula (30) shall be 
uniformly distributed across a band-width (B) centered with respect to the center 
Une of the column or pedestal and having a width equal to the length of the short 
side of the footing. The remainder of the reinforcement shall be uniformly distributed 
in the outer portions of the footing. 

Reinforcement in hand-width (B) 2 

Total reinforcement in short direction (B •+• 1) 

In formula (30), S is the ratio of the long side to the short side of the footing. 

1206. Shear and Bond, (a) The critical section for shear to be used as a measure 
of diagonal tension shall be assumed as a vertical section obtained by passing a 
series of vertical planes through the footing, each of which is parallel to a correspond- 
ing face of the column, pedestal, or wall and located a distance therefrom equal to 
the depth d for footings on soil, and one-half the depth d for footings on piles. 

(6) Each face of the critical section as defined in Section 1206(a) shall be considered 
as resisting an external shear equal to the load on an area bounded by said face of 
the critical section for shear, two diagonal lines drawn from the column or pedestal 
corners and making 46-degree angles with the principal axes of the footing, and that 
portion of the corresponding edge or edges of the footing intercepted between the 
two diagonals. 

(c) Critical sections for bond shall be assumed at the same planes as those pre- 
scribed for bending moment in Section 1204(5); also at all other vertical planes 
where changes of section or of reinforcement occur. 

(d) Computations for shear to be used as a measure of bond shall be based on the 
same section and loading as prescribed for bending moment in Section 1204(a). 

(e) The total tensile reinforcement at any section shall provide a bond resistance 
at least equal to the bond requirement as computed from the following percentages 
of the external shear at the section: 

1. In one-way reinforced footings, 100 per cent. 

2. In two-way reinforced footings, 86 per cent. 
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(/) In computing the external shear on any section through a footing supported 
on piles, the entire reaction from any pile whose center is located six inches or more 
outside the section shall be assumed as producing shear on the section; the reaction 
from any pile whose center is located six inches or more inside the section shall be 
assumed as producing no shear on the section. For intermediate positions of the pile 
center, the portion of the pile reaction to be assumed as producing shear on the section 
shall be based on straight-line interpolation between full value at six inches outside 
the section and zero value at six inches inside the section. 

{g) For allowable shearing stresses, see Sections 306 and 808. 

{h) For allowable bond stresses, see Sections 306 and 901 to 905. 

1206. Transfer of Stress at Base of Column, (a) The stress in the longitudinal 
reinforcement of a column or pedestal shall be transferred to its supporting pedestal 
or footing either by extending the longitudinal bars into the supporting member, 
or by dowels. 

(6) In case the transfer of stress in the reinforcement is accomplished by extension 
of the longitudinal bars, they shall extend into the supporting member the distance 
required to transfer to the concrete, by allowable bond stress, their full working value. 

(c) In cases where dowels are used, their total sectional area shall be not less than 
the sectional area of the longitudinal reinforcement in the member from which the 
stress is being transferred. In no case shall the number of dowels per member be 
loss than four and the diameter of the dowels shall not exceed the diameter of the 
column bars by more than one-eighth inch. 

(d) Dowels shall extend up into the colunm or p)6destal a distance at least equal 
to that required for lap of longitudinal column bars (see Section 1103) and down into 
the supporting pedestal or footing the distance required to transfer to the concrete, 
by allowable bond stress, the full working value of the dowel. 

(c) The compressive stress in the concrete at the base of a column or pedestal 
shall be considered as being transferred by bearing to the top of the supporting pedes- 
tal or footing. The unit compressive stress on the loaded area shah not exceed the 
bearing stress allowable for the quality of concrete in the supporting member as 
limited by the ratio of the loaded area to the supporting area. 

(/) For allowable bearing stresses see Table 306(a), Section 305. 

(gr) In sloped or stepped footings, the supporting area for bearing may be taken 
as the top horizontal surface of the footing, or assumed as the area of the lower base 
of the largest frustum of a pyramid or cone contained wholly within the footing and 
having for its upper base the area actually loaded, and having side slopes of one verti- 
cal to two horizontal. 

1207. Pedestals and Footings (Plain Concrete), (a) The allowable compressive 
unit stress on the gross area of a concentrically loaded pedestal shall not exceed 0 . 26 /'c. 
Where this stress is exceeded, reinforcement shall be provided and the member 
designed as a reinforced concrete column. 

(6) The depth and width of a pedestal or footing of plain concrete shall be such 
that the tension in the concrete shall not exceed .03/^, and the average shearing stress 
shall not exceed .02/ « taken on sections as prescribed in Sections 1204 and 1206 for 
reinforced concrete footings. 

1208. Footings Supporting Round Columns, (a) In computing the stresses in 
footings which support a round or octagonal concrete colunm or pedestal, the “face"' 
of the colunm or pedestal shall be taken as the side of a square having an area equal 
to the area enclosed within the perimeter of the column or pedestal. 
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1209. Minimttm Edge-Thickness, (a) In reinforced concrete footings, the thick- 
ness above the reinforcement at the edge shall be not leas than six inches for footings 
on soil, nor less than twelve inches for footings on piles. 

(b) In plain concrete footings, the thickness at the edge shall be not less than eight 
inches for footings on soil, nor less than fourteen inches above the tops of the piles 
for footings on piles* 


FIRE PROTECTION 

Excerpt from 1928 (A.C.I.) Joint Standard Building Code 

606. (6) In fire-resistive construction, metal reinforcement shall be protected by 
not less than 1 in. of concrete in slabs and walls, and not less than in. in beams, 
girders, and columns, provided coarse aggregate is used, which is free from disrup- 
tive action under high temperatures, as, for example, limestone or trap rock; when 
impracticable to obtain aggregate of this grade, the protective covering shall be 
J in. thicker and shall be reinforced with metal mesh having openings not exceeding 
3 in. placed 1 in. from the finished surface. In similar structures where the fire hazard 
is limited, the metal reinforcement shall not be placed nearer the exposed surface 
than f in. in slabs and walls, or 1 in. in beams, girders, and columns. 


FLAT SLAB 

Excerpt from 1928 (A.C.L) Joint Standard Building Code 

Placing Steel. Lenffths and Benda to Saiisfy Bond and Anchorage^ if Panels Are 
ApproximaAely the Same Size. 

1007. Point of Inflection, (a) In the middle strip the point of inflection for slabs 
without dropped panels shall be assumed at a line 0.33Z distant from the center of 
the span and for slabs with dropped panels 0.3Z distant from the center of the span. 

(b) In the column strip, the point of inflection for slabs without dropped panels 
shall be at a line 0.33(2 — c) distant from the center of the panel and 0.3(2 — c) for 
slabs with dropped panels. 

1008. Arrangement of Reinforcement at Column Heads— Two- and Four-Way 
Systems, (a) In both two- and four-way systems, provision shall be made for 
securing the reinforcement in place so as to resist properly not only the critical mo- 
ments, but also the moments at intermediate sections. The full area of steel required 
for negative moment at the column head shall be continued in the same plane close 
to the upper surface of the slab to the edge of the dropped panel, but in no case less 
than a distance 0.22 from the center line of column. Lapped splices shall not be 
permitted at or near regions of maximum stress except as described in Section 605. 

1009. Arrangement of Reinforcement— Two-Way System, (a) For column strips 
at least four-tenths of the area of steel required at the section for positive moment 
in the column strip shall be of such length and so placed as to reinforce the negative 
moment section at the two adjacent colimm heads. These bars, and any other bars 
for negative reinforcement shall extend into the adjacent panel to a point at least 
0.052 beyond the point of inflection. Not less than one-tMrd of the bars used for 
positive reinforcement in the column strip shall extend into the dropped panel at 
least twenty diameters of the bar, but not less than 12 in. or in case no dropped 
panel is used, shall extend to within 0.1252 of the center line of the columns or the 
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supports. The balance of the bars for positive reinforcement in the column strip 
shall extend at least 0.332 on either side of the center line of panel. 

(6) For the middle strip at least one-half of the bars for positive moment shall be 
bent up and extend over the main bands at both sides of the panel to a point at least 
0.252 beyond the center line of columns. The location of the bends shall be such that 
for a distance 0.152 for slabs with dropped panels (or 0.1252 for slabs without dropped 
panels), on each side of the center line of columns, the full reinforcement required 
for negative moment will be provided in the top face of the slab. The full reinforce- 
ment for positive moment in the middle strip shall extend in the bottom face of the 
slab to a point at least 0.32 on either side of the panel center line, and at least 50 per 
cent of it shall extend to points 0.3252 on either side of the panel center line for slabs 
with dropped panels, or 0.362 for slabs without dropped panels. 

1010. Arrangement of Reinforcement-— Four-Way System, (a) For direct bands, 
all provisions governing the placing of steel in column strips in two-way systems 
apply as well to the direct bands in fouivway systems. 

(5) For diagonal bands, at least four-tenths of the area of steel required at the 
section for positive moment shall be of such length and so placed as to reinforce the 
negative moment section at the two diagonally opposite column heads. These bars 
and any other bars for negative reinforcement shall extend into the adjoining panel 
to points at least 0.42 beyond a line drawn through the column center perpendicular 
to the direction of the band. The straight bars for positive moment in the diagonal 
bands shall not be shorter than the longer straight bars in the direct bands. 

(c) For negative moment in the middle strip, the required steel shall extend not 
less than 0.262 on either side of the column center line. 


TWO-WAY SLABS 

The following articles from the “Recommended Practice and Standard 
Specifications for Concrete and Reinforced Concrete^' (Joint Committee) 
have been reprinted with the kind permission of the American Society 
of Civil Engineers. These articles cover design recommendations for 
two-way slabs with supports on four sides. 


TWO-WAY SLABS WITH SUPPORTS ON FOUR SIDES 

809. General, (a) These recommendations are iijitended to apply to slabs (solid 
or ribbed), isolated or continuous, supported on all four sides by walls or beams, 
in either case built monolithically with the slabs. The recommended coefficients, 
as in the case of the design provisions for fiat slabs, .are based partly on analysis and 
partly on test data.^® The analysis indicates that for square panels the moments 

In general, the coefficients and methods given in these recommendations are 
based upon the coefficients proposed by Dr. H. M. Westergaard (Formulas for the 
Design of Rectangular Floor Slabs and Supporting Girders, p. 26, Proceedings of 
the American Concrete Institute for 1926), Some modifications of these coefficients 
have been made and the series extended to include oases not covered by Dr. Wester- 
gaard. In making these modifications and extensions full consideration has been 
given to the results of available test data. 
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may be substantially less than those determined on the basis of independent pris- 
matic beam elements. Similar decrease is considered to hold for other than square 
panels but at reducing percentages until a ratio of short to long span of 0.5 is reached. 
For this and all lesser ratios the entire distributed load (except that in the column 
strips) is assumed to be carried in the short direction of the panel. Available test 
data indicate that these assumptions are justified. 

(b) Available data also indicate that, when two-way slabs are cast monolithically 
with supporting beams, the distribution and the numerical values for bending mo- 
ments in slabs with one or more discontinuous edges do not differ widely from those 
of interior panels. However, these data are rather limited, but the moment coeffici- 
ents recommended in Table 5 for the slabs with discontinuous edges are conservative 
and in general agreement with accepted theoretical considerations and general 
practice. 

(c) In the special case of slabs discontinuous at 4 edges (isolated panels, case 5, 
Table 5), the coefficients may be assumed to apply also to slabs which are built into 
masonry walls, provided the weight of masonry above the slab is sufficient to restrain 
the slab properly at the edges. The average parapet wall is probably lacking in this 
respect. 

8X0. Limitations and Notations, (a) The recommended moment coefficients in 
Table 6, Sec. 811, are intended to apply to panels fully loaded with a uniformly dis- 
tributed load. For values of m intermediate between those shown in Table 5, inter- 
polated values of the moment coefficients may be used. For values of m less than 
0.6 the coefficients given for this ratio should be used. 

(b) Panels are considered as being divided into middle strips and column strips 
as in flat slabs. [See Sec. 834 (o)]. For panels in wliich the ratio m is less than 0.5 
the middle strip in the short direction of the panel should have a width equal to the 
difference between the long and short spans, the remaining area representing the 
two oolunm strips. 

(c) Notation, Span lengths of panels should be taken as the ceiiter-to-center dis- 
tance between supports or as the clear span plus twice the thickness of the slabs, 
whichever value is the smaller. 

S » short span as defined above 

. short span 

m = ratio , 

long span 

w = load per unit area 

(d) Principal Design Sections. The critical sec^tions for moment calculations are 
referred to as principal design sections and are located as follows: 

For negative moment, along the edges of the panel at the 
faces of the supporting beams. 

For positive moment, along the center lines of the panels. 

811. Bending Moment Coeflicients. (a) Middle Strips. In Table 5 are given the 
bending moment coefficients for the middle strips for both short and long spans for 
varying values of the ratio m of short to long span. These coefficients, when multi- 
plied by give the bending moment per unit width of slab. The basis of this table 
is a maximum negative moment of .033ti;^ per unit width in the middle strip for 
square interior panels. The coefficients for other than square panels and for panels 
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TabiiE 5. Bending Moment Coeppicibnts fob Rectangular Panels Supported 
ON Four Sides and Built Monolithic ally with Supports 


(Coefficients are for moments in middle strips.) 





Short Span 




Moments 



Values of m 



Long 

Span 

All 


1.0 

0.0 

0.8 

0.7 

0.6 

0.6 

and 

less 

Values 
of m 

Case 1 — Interior Panels 

Negative Moment at 





i 

i 



Continuous edge 

.033 

.040 

.048 




.033 

Discontinuous edge 







. . . 

Positive Moment at Midspan 

.025 

.030 

.036 

.041 

.047 

.062 

.025 

Case 2 — One Edge Discontinuous 
Negative Moment at 








Continuous edge 

■0^1 ■ 

.048 

.055 


.069 



Discontinuous edge 

.021 

.024 

.027 

1^1 

.036 

mi 


Positive Moment at Midspan 



.041 


.052 

m 

IB 

Case 3 — Two Edges Discontinuous 
Negative Moment at 

I 

1 







Continuous edge 



.064 

BSI 

.078 


.049 

Discontinuous edge 




mi 

.039 


.025 

Positive Moment at Midspan 

JB 

.043 

.048 

n 

.059 

.068 

.037 

Case 4 — Three Edges Discontinuous 
Negative Moment at 








Continuous edge 

.068 


.074 

.082 

.090 

.098 


Discontinuous edge 

.029 


.037 

mmm 

.045 



Positive Moment at Midspan 

.044 


;066 

.062 

.068 

.074 

.044 

Case 6 — Four Edges Discontinuous 
Negative Moment at 








Continuous edge 








Discontinuous edge 

.033 

.038 

.043 

ESI 

.053 

.055 

j .033 

Positive Moment at Midspan 

.050 

.057 

.064 

m 


.083 

.060 


These coefficients, when multiplied by give the moment per foot of widtL 
w « load per sq. ft.; ^ = short span as defined in Sec. 810(c). 

Note that is the multiplier for both short and long span moments. 
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with one or more edges discontinuous are based on the following modifications of 
this basic moment for the square interior panel: 

1. Bending moments in the short span Increase as the ratio m decreases. 

2. Bending moments in the short span increase successively with the introduction 
of one or more discontinuous edges, the increase being independent of the position 
of the discontinuous edges. 

3. Bending moments for the long span for all values of m are equal to the bending 
moments in a square panel having sides equal to the short span. 

4. Negative moments at discontinuous edges are taken as equal to ^ of the cor- 
responding moment at the continuous edge. 

5. Positive moments at the center are taken as f of the negative moment at the 
continuous edge. 

(h) Column Strips. For moments in the column strips, coefficients two-thirds of 
those given in Table 6 for the corresponding moments in the middle strip should be 
used. In determining the spacing of the reinforcement for the column strip, the 
moment at any section may be assumed to vary from a maximum at the edge of the 
middle strip to a minimum at the edge of the panel, but the average should be that 
computed from the coefficient as given herein. 

(c) Comer Reinfwcement Experience and theoretical considerations have shown 
the need for reinforcement at exterior corners to prevent cracks in diagonal directions. 
The effective amount of such reinforcement per foot of width should be equal to that 
for the positive moment in the middle strip. This is required in both the top and 
bottom face of the slab. By the effective amount of the steel is meant the normal 
area multiplied by the sine of the angle which the bar makes with the critical sec- 
tion. In the top of the slab the critical section is p>erpendicular to the diagonal; in 
the bottom of the slab it is parallel to the diagonal. 

812. Distribution of Unequal Negative Moments at Supports, (a) In applying 
the moment coefficients of Table 6 to adjacent panels of varying dimensions and 
unequal loading, the negative moments on either side of a supporting beam may differ 
materially. Under these conditions some modification of the moments should be 
made, based on the relative rigidity of the slabs and the resistance offered by the 
support. For this purpose the assumption that the supporting beams offer a restraint 
equivalent to the average of the stiffness factors of the adjacent slabs may be used 
in a manner similar to that given in Sec. 808(6) for beams framing into girders. 
On this basis two-thirds of the unbalanced negative moment should be distributed 
to the two spans in proportion to their respective stiffness factors. 

(6) Where conditions are such as to require modification of the support moments, 
as given in (a) above, the corresponding midspan moments may be obtained by the 
procedure ordinarily followed for continuous beams. For this purpose, the unad- 
justed negative moments obtained from Table 6, considered as equivalent to fixed 
end moments, may be multiplied by l| to obtain the simple span moments. The 
midspan moment then would be equal to the average adjusted end moments less 

times the unadjusted end moments. The coefficients in Table 6 for positive mo- 
ments at midspan are sufficiently conservative to cover ordinary cases. However, 
where large adjustment of the support moments is required, the midspan moments 
should be investigated. 

818. Shear in Slabs. The shearing stresses in the slab should be computed on 
the assumption that the load is distributed to the supporting beams in accordance 
with Sec. 815. 
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814. Minimum Slab Thickness. The slab thickness should not be lees than 4 
incheSi nor less than the value computed by the following formula: 



Where t = Slab thickness in inches. 

S (in inches) and m as in Sec. 810(c). 

^ — Total length in inches of slab periphery which is continuous with 
adjacent slabs. 

816. Loads and Bending Moments in Supporting Beams, (a) Disiributifm of 
Load, The loads on the supporting beams for a two-way rectangular panel may be 
assumed as the uniformly distributed load within the tributary areas of the panel 
bounded by the intersection of 45® lines from the corners with the median line of 
the panel parallel to the long side. 

(6) Total Load arid Shear. On the basis of the load distribution in (a) above, the 
total loads on the short and long span beams due to one loaded panel are given by 
the following formulas, respectively. 



Wl, 



The end shears may be obtained from the above loads by the usual modifications 
of the reactions for any difference in end moments. 

(c) Bending Moments. The bending moments may be obtained for the load dis- 
tribution assumed by the methods of mechanics appropriate to the conditions of 
support, or they may be determined approximately by transforming the load on 
the beams to equivalent uniform load per lineal foot of beam as follows: 


For the short span. 


For the long span. 


3 



BUILDING CODE, N. E, BUILDING OFFICIALS CONFERENCE 


Reduction of Live Loads. (Section 2310) 


Tributary 
Floor Area 
or Flat 2-Way 
Slab Area 
sq. ft. 

Reduction Allowed, % 

In Office 
Buildings and 
Manufacturing 
Buildings 

In Public 
Garages 

Itt' Gymnasiums, 
Wholesale Stores, 
Storage Build- 
ings and 
Assembly Halls 

In Other 
Types 

100 

5 


0 

10 

200 

10 


0 

16 

300 

15 

26 

0 

26 
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The following reductions shall be peimitted in all buildings except storage build- 
ings, wholesale stores, public garages and office and manufacturing buildings for all 
columns, girders, trusses, walls, piers, and foundations: 


Carrying one floor 
Carrying two floors 
Carrying three floors 
Carrying four floors 
Carrying five floors 
Carrying six floors or more 


Same reductions as tabulated above 

26% reduction 

40% reduction 

60% reduction 

66% reduction 

60% reduction 


For office buildings and manufacturing buildings 


Carrying one floor 
Carrying two floors 
Carrying three floors 
Carrjdng four floors 
Carrying five floors 
Carrying six floors or more 


Same reductions as tabulated abci^e 

10% reduction 

20% reduction 

30% reduction 

40% reduction 

60% reduction 


For warehouses, storage buildings, and wholesale stores 


Carrying one floor 
Carrying two floors 
Carrying three floors 
Carrying four floors 
Carr3ring five floors 


No reduction 
6% reduction 
10% reduction 
16% reduction 
20% reduction 


For public garages 

Carrying one floor Same reductions as tabulated above 

Carrying two floors or more 25% reduction 


No reduction shall be allowed in the roof load . . . on any portion of any structure. 
These reductions shall not be made if the member carries more than one flooi 
and has its live load reduced according to the table above. 
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Table 1. Area op Steel per Foot op Width 
Diameter of Bar 


Round Rods 


Square Rods 


Spacing 

in. 

iin. 

1 in. 

1 in. 

8 in. 

}in. 

Jin. 

1 in. 

J in. 

1 in. 

ijin. 

1 J in. 

2 

0.29 


1.18 

1.84 

2.65 

3.61 

4.71 

1.50 

6.00 

7.69 

9.37 

2^ 

0.23 


0.94 

1.47 

2.12 

2.89 

3.77 

1.20 

4.80 

6.08 

7.60 

3 


Bf!l 

0.79 

1.23 

1.77 

2.41 

3.14 

1.00 

4.00 

6.06 

6.24 


0.17 

0.38 

0.67 

1.06 

1.51 

2.06 

2.69 

0.86 

3.43 

4.34 

5.36 

4 

0.16 

0.33 

0.69 

0.92 

1.33 

1.80 

2.36 

0.75 

3.00 

3.80 

4.68 


0.13 

0.29 

0.62 

0.82 

1.18 

1.60 

2.09 

0.67 

2.67 

3.37 

4.16 

6 

0.12 

0.26 

0.47 

0.74 

1.06 

1.44 

1.88 

0.60 

2.40 

3.04 

3.75 


0.11 

0.24 

0.43 

0.67 


1.31 

1.71 

0.65 

2.18 

2.76 

3.41 

6 

0.10 

0.22 

0.39 

0.61 

0.88 

1.20 

1.57 

■ilMil 

2.00 

2.63 

3.12 


0.09 


0.36 

0.57 

0.82 

1.11 

1.45 

0.46 

1.85 

2.33 

2.88 

7 

0.08 

0.19 

0.34 

0.53 

0.76 

1.03 

1.35 

0.43 

1.72 

2.17 

2.68 

n 

0.08 

0.18 

0.31 

0.49 

0.71 

0.96 

1.26 

IllgOl 

1.60 

2.02 

2.60 

8 

0.07 

0.17 

0.29 

0.46 

0.66 

innTii 

1.18 

0.38 

1.60 

1.90 

2.34 


0.07 

0.16 

0.28 

0.43 

0.62 

0.86 

1.11 

0.36 

1.41 

1.78 

2.20 

9 

0.07 

0.15 

0.26 

0.41 

0.59 

0.80 


0.33 

1.33 

1.69 

2.08 


0.06 

0.14 

0.26 

0.39 

0.56 

0.76 

0.99 

0.32 

1.26 

1.60 

1.97 

10 

0.06 

0.13 

0.24 

0.37 

0.53 

0.72 


0.30 

1.20 

1.52 

1.87 

11 

0.06 

0.12 

0.21 

0.33 

0.48 

0.66 


0.27 

1.09 

1.38 

1.70 

12 

0.05 

0.11 

0.19 

0.31 

0.44 



0.25 

1.00 

1.27 

1.66 


Cross-Sectional Area of Bars 


Number of Bars 



1 

2 



3 

6 

n 

8 

Round 

in. 









i 

0.06 


0.15 

0.20 

0.26 


0.34 

0.39 

f 



0.33 

0.44 

0.55 

BtifW 

0.77 

0.88 

i 


0.39 

0.59 

0.78 

0.98 

1.18 

1.37 

1.67 

I 



0.92 

1.23 

1.53 

1.84 

2.15 

2.45 

i 

0.44 

0.88 

1.33 

1.77 

2.21 

2.65 

3.09 

3.54 

J 

0.60 

1.20 

1.80 

2.41 

3.01 

3.61 

4.21 

4.81 

1 

0.78 

1.67 

2.36 

3.14 

3.93 

4.71 

5.50 

6.28 

Square 

in. 









i 

0.26 

0.50 

0.76 

1.00 

1.25 

1.50 

1.76 

2.00 

1 

1.00 

2.00 

3.00 

4.00 

5.00 

6.00 

7.00 

8.00 

li 

1.27 

2.53 

3.80 

6.06 

6.33 

7.69 

8.86 

10.13 

U , 

1.56 

3.12 

4.69 

6.26 

7.81 

9.38 

10.96 

12.60 . 
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SruL Ratio- 

Diagram 2. Rectangular beams. Fiber stress solutions. 
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Duqbam 3. Rectangular beams. Fiber stress solutions. 
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CoNCRm Cosr-c 

CLNTS PER CUBIC FOOT 

Diagbam 9. Tee beams. Cost constant for economical depth. 
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CASE I 

^>ao5 



Diagram 11* Eccentrically loaded columns. Rectangular section. Case 1. 












Diaobam 13. Eccentrically loaded columns. Rectangular section. Case I. 






Diagram 14. Eccentrically loaded columns. Rectangular section. Case I. 


p 'hfAi Suit Raw ^ 




r 




CASE I 
<i|;=0.25 



Diagram 15. Eccentrically loaded columns. Rectangular section. Case 1. 
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Diagram 16. Eccentrically loaded columns. Rectangular section. Case II. 
TAfter Turneaure and Maurer.) 





XkLUES c" 

Diagram 17. Eccentrically loaded columns. Rectangular section. Case II. 
(After Tumeaure and Maurer.) 
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tea 


Values 

Diagram 20. Eccentrically loaded columns. Rectangular section. Case II. 
(After Turneaure and Maurer.) 
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aa 0.0Z 003 om aos cm 


Steel Ratio 

Dxaqbam 23. Eccentrically loaded columns. Circular section. Case I. 


\ALU€SofU- -2^ Values ojT- 



Values ^f\/^2sin a, +3 cos a,[s/na,cos a, 
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IAlues fa, -D egrees 


Diagram 24. Eccentrically loaded columns. Circular section. Case 11. 


Values of W=l^a,-3s/n 4<x, -33cos a, 'S/r? a, 
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Aggregate, 4 

American Concrete Institute Code, 4G5, 
494 

Anchorage, 47, 68 
Angle beams, 364 
Arches, 432 
abutments, 461 

approximate positions for live load, 
456 

axis, 442 

dead-load analysis, 445, 447 
influence lines, 446, 450 
least-work solution, 434 
live-load stresses, 457 
plastic flow, 440, 460 
shrinkage stresses, 439, 460 
temperature stresses, 438, 458 
thickness, 441 

Bars, see Steel 
Beams, anchorage, 47, 68 
angle section, 364 
balcony, 425 

bending moment coefficients, 25 
bond, 45, 67, 83, 107 
bow, 423 

compression steel, 75, 79, 89, 135, 147 
continuous, 24, 369, 397 
cracks in, 50 
curved, 420 
deflection, 161, 503 
diagonal tension, 50, 55, 70, 83, 94, 
137, 142, 150 

economical, 61, 74, 109, 364 
fiber stresses, 15, 75, 100, 103 
forms, 112, 359 
plastic flow, 201, 215 
plastic theory, 19, 37, 73, 81, 98, 106, 
153 

prestressed, 211 
rectangular section, 13, 61 
reduction of live load, 26, 499 
shear stresses, 42, 83, 107 


Beams (Continued) 
shrinkage, 189 
stiffness, 26, 64, 84, 414 
tee, 100, 103, 106, 147 
torsion stresses, 179 
transformed section, 18, 32, 36, 167, 
258 

wall, 365 

working stresses, 26, 44, 49, 465 
Bearing pressure on soils, 302 
Bending and direct stress, 264, 277, 289 
Bond, beams, 45, 67, 83, 107 
comparison with anchorage, 47 
compression steel, 83 
footings, 307, 311, 314, 319 
formulae, 45 
stresses, 45, 83, 107 
working stresses, 49, 466 
Bridge, rigid frame, 461 

Caissons, 328 

Cantilever retaining wall, 335 
Columns, axial loads, 257, 290, 297 
bending stresses, 264, 277, 289 
capital, 232 
circular section, 277 
combination, 300 
composite, 299 
eccentric loads, 264, 277, 289 
economical design, 259, 261, 277, 299 
excess floor space, 263 
exterior, 271 

fonmdae, 257, 264, 277, 289, 297 
height, 259 
interfor, 259, 290, 297 
long, 259 

moment of inertia, 278 
moments, 271, 274, 277, 287 
plastic flow, 198, 269 
plastic theory, 289 
rectangular section, 264 
reduction of live loads, 600 
shrinkage stresses, 186, 269 
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Columns (Continued) 
spiral steel, 297 
tied, 259 

working stresses, 270, 285 
Combined footings, 315 
Concentrated loads on beams, 374 
Concrete, coefficient of expansion, 202 
458 

compressive strength, 4 
elastic properties, 8 
fireproofing, 468, 494 
modulus of elasticity, 9, 162 
modulus of resistance, 9, 215 
plastic flow, 7, 194 
shearing strength, 6, 44 
shrinkage, 7, 185 
stress-strain relations, 7, 20, 162 
tensile strength, 6, 187 
torsional strength, 174 
water-cement ratio, 5 
weight, 27 

Connected footings, 316, 323 
Continuous beams, 24, 369, 397 
coefficients, 25 
moment of inertia, 384 
three-moment equation, 371 
Coulomb’s earth pressure, 331 

Dampproofing, 307, 468 
Deflection, due to shrinkage, 191 
of beams, 161, 503 
of columns, 388 

Diagonal tension, beams, 50, 56, 94, 137 
142, 150 

flat slab, 242, 248 
footings, 309, 314, 319, 326 
Diagrams, columns, 514-527 
compression steel, 509-511 
rectangular beams, 504-507 
tee beams, 512-513 
Direct stress, 11 
Direct stress and bending, 11 
Dowels, 312 
Drop panel, 233, 241 

Earth pressure, bearing, 802 
lateral, 331 

Economical proportions, beams, 61, 74 
109, 125, 364 

columns, 259, 261, 277, 299 


Economical proportions (Continued) 
footings, 306 
retaining walls, 339, 353 
Exterior columns, 271 

Fiber stress, 13, 20, 75, 81, 100 
working, 466 
Fireproofing, 65, 468, 494 
Flat slabs, column capital, 232 
diagonal tension, 242, 248 
drop panel, 233, 241 
four-way steel, 248 
maximum moments, 237, 241, 248 
rectangular, 239 
shear stresses, 242 
square, 235 
statical analysis, 235 
thickness, 240, 248 
two-way steel, 240 
unequal spans, 407 
Floor slabs, see Slabs 
Floors, live-load reduction, 499 
load distribution, 118 
Flow, see Plastic flow 
Footings, bond, 307, 311, 314, 319 
caissons, 328 

combined, 315, 322, 323, 328 
costs, 306 

diagonal tension, 309, 314, 319, 826 
moments, 309, 317, 324 
pedestal, 308, 312 
pile, 304, 314 
simple, 309, 312 
wall, 304 
Forms, 366 
beam, 112, 359 
column, 361 
Blab, 369 
wall, 367 

Holes, 367 

Hooked bars, 48, 135 

Inflection, point of, 31, 66, 90, 124, 133, 
140, 145, 370 
Influence lines, 446, 450 
Interior columns, 259, 290, 297 


Joint Committee, 57, 79, 225, 495 
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Least work, 434 
Load, distribution, 118 
live variation, 26, 376, 499 
moving, 381, 445 
on soil, 303 

Modulus of elasticity, 9, 162 
Modulus of resistance, 9, 215 
Moisture protection, 307, 468 
Moment coefficients, 25 
Moment distribution, 394, 419 
Moment of inertia, for deflection, 163 
rigid frames, 384 
transformed area, 18, 33, 36, 278 
variable, 407 

Nomenclature, 14, 75 

Pedestals, 308, 312 
Piles, 304, 314 
Pipes, prestressed, 205 
Plastic flow, 7, 185, 194 
arches, 440, 460 
beams, 201, 215 
columns, 198, 269 
pipes, 205 
tanks, 208 

Plastic theory, beams, 19, 37, 73, 81, 98, 
106, 153 
columns, 289 
Prestress, 205 

Rankine^s earth pressure, 331 
Rectangular beam section, 13, 61, 63, 75, 
83 

Rectangular column section, 264 
Reinforced concrete, advantages of, 2 
dampprooflng, 307, 468 
fireproofing, 468, 494 
Reinforcement, see Steel 
Retaining walls, cantilever, 335 
costs, 339, 353 
counterfort, 343 
earth pressure, 331 
gravity, 333 

Rigid frame analysis, 384, 412, 434 
Rigid frame bridge, 461 

Shear stresses, beams, 42, 83, 107 
torsional, 174 
working, 466 


Shrinkage, 7, 185 
arches, 439, 460 
beams, 189 
columns, 186, 269 
pipes, 207 
ta^s, 209 
Slabs, flat, 232 
joist or ribbed, 155 
one-way, 24, 27, 122, 131, 168 
two-way, 223 
Slope deflection, 384 
Soil pressure, see Earth pressure 
Stairways, 367 

Statically indeterminate frames, 384; 

394, 407, 412, 432 
Steel, areas, 501 

arrangement, 30, 53, 69, 90, 136 
bent, 30, 60, 136, 142, 149 
coefficient of expansion, 202 
compression, 75, 89, 135, 147 
modulus of elasticity, 20, 469 
perimeters, 502 
sizes, 27, 501 
spiral, 297 

temperature, 31, 472 
transformed area, 18 
weight, 502 
working stresses, 465 
Stiffness, bending, 26, 64, 84, 414 
torsional, 414 
Stirrups, 53, 59, 70, 94 
Stresses, allowable, 26, 44, 49, 178, 270, 
285, 367, 465 

Tables, deflection coefficients, 503 
live-load reduction, 499 
moment coefficients, 25 
steel, 501 

two-way slabs, 497 
Tanks, jprestressed, 208 
Tee begins, continuous, 109 
defledtion, 171 
economical size, 109 
flangi^, 107 

formulae, 100, 103, 106 
oncH^an, 109 
Temperature steel, 31, 472 
Temperature stresses, 201, 438, 458 
Three-moment equation, 371 
Torsion stresses, 174 
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Torsional sUfbiess, 414 
Transformed area, 18, 32, 36, 167, 258 
Truss bars, 54, 145, 148 

U bars, inverted, 54, 136, 142 

Virtual work, 420 

Wall beams, 365 


Walls, retaining, 331 
Water-cement ratio, 5 
Web reinforcement, see Diagonal ten^ 
sion 

Weight, concrete, 27 
steel, 111, 502 
Wind loads, 392, 405 
Work, least, 434 
virtual, 4^ 




